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Abstract.  

An experimental and numerical campaign was carried out to validate the design procedure and 

prequalify extended stiffened end-plate (ESEP) joints for ductile seismic resistant moment-resisting 

frames in the framework of Eurocodes. In fact, the tested ESEP joints have been designed with the 

aim of guaranteeing ductile and dissipative seismic response in accordance with the principles of the 

hierarchy of resistances to enforce plastic deformations in ductile components of the joints. Two 

alternative types of dissipation mechanisms are promoted, namely either (i) plastic deformations 

solely in the connected beam using full strength joints or (ii) plastic deformations in both the beam 

and the connection using equal strength joints. The adopted design criteria and technological details 

are described and discussed. The results of experimental tests confirmed the expected yielding 

mechanisms of the joints, which satisfied the acceptance criteria for both North American and 

European prequalification. Finite element simulations of ESEP joints have been validated against the 

experimental results and have been used to investigate the local response of the joints, thus 

highlighting the influence of both geometrical and mechanical parameters. 
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1. Introduction 

Extended stiffened end-plate (ESEP) joints are rather common in European steel moment-resisting 

structures. In Europe, these joints are currently designed and verified for non-seismic loads according 

to EN1993-1-8:2005 [1] (hereinafter also referred to as EC3-1-8), which provides criteria for the 

classification of joints by stiffness and strength, as well as rules to determine resistance and stiffness 

for analytical modelling of joints. However, limited guidance is provided to guarantee the ductility (i.e., 

the rotation capacity) of joints, since EN1993-1-8 [1] is covering design under static loading. Guidance 

to ensure an appropriate joint ductility for plastic analysis is provided, but these rules cover only the 

case of elastic-perfectly plastic behaviour of members and joints neglecting strain hardening of yielding 

components and the random variability of their material strength. However, these issues are highly 

important for seismic-resistant structures. With this regard, EN1998-1 [2] complements EN1993-1-8 

[1] by prescribing the following additional requirements: 

1) In the case of full strength beam-to-column joints, the design moment resistance of the joints 

Mj,Rd should be greater than 1.1 x γov x Mb.rd, where, 1.1 accounts for the strain hardening, yov is the 

material overstrength factor that accounts for the variability of the yield stress of the steel in the 

beam (whose recommended value is set equal to 1.25 for all steel grades), and Mb.rd is the design 

bending resistance of the beam. 

- 2) In the case of joints with dissipative connections, EN 1998-1 [2] recommends i) to verify that 

the rotation demand due to the drifts imposed by seismic actions does not exceed the rotation capacity 

of the joints; (ii) to verify the stability of connected members at the ultimate limit state (ULS); (iii) to 

ensure that the rotation capacity provided by the beam and its connection (thus without the 

deformation of the column) is not smaller than 0.035 and 0.025 rad in DCH (i.e. ductility class high) and 

DCM (i.e. ductility class medium), respectively. 

- 3) EN1998-1 [2] requires limiting the rotation of the column web panel to 30% of the overall joint 

rotation. 

However, these requirements do not guarantee the ductile response of the joints, which may 

experience undesired performance. In fact, the design flexural résistance in accordance with criterion 

(1) does not ensure the formation of the plastic hinge solely in the beam because of the following 

issues: 

- the actual strain hardening of plastic hinge could be greater than 1.1 (e.g., ductile I-beams with 

proper torsional restraints experience ultimate moments greater than 1.2 their plastic resistance 

[3,47]); 

- the actual value of the steel yield stress could be higher than 1.25 times the corresponding nominal 

value [4]; 

- the plastic hinge form neither in the beam-column axis nor at the column face, therefore the design 

moment demand evaluated in accordance with criterion (1) underestimates the increase of moment 

due to shear force in the section where the plastic hinge forms. 

- as shown in [5-8,48], the plastic hinge of steel beams under cyclic rotations develops both torsional 

and out-of-plane bending moments due to the location of flange/web buckling. In the case of ESEP 

joints, the torsional moments may be more than 10% of the design major axis bending resistance of 
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the beams, while the minor axis bending moments may reach 22% of the design major axis bending 

resistance [7]. Therefore, these effects are not accounted for by requirement (1) but may highly 

affect the resistance of the connection which can experience premature failure due to the severe 

demand transferred by the plastic hinge if its full ductility has to be exploited. 

For what concerns the case of joints with dissipative connection, the requirements summarized by 

(2) require the rotation capacity to be demonstrated experimentally, thus resulting in unfeasible or 

expensive projects. As a result, to avoid experimental tests, most designers adopt full strength joints. 

However, even full strength joints fully compliant with current Eurocodes may not guarantee the 

required ductility. In fact, both monotonic and cyclic ductility and rotation capacity of plastic hinges in 

steel beams are affected by the type and the shape of stiffeners/ haunches that may trigger fracture 

and/or premature buckling thus leading to unfavourable degradation of resistance and rigidity [9-17]. 

Requirement (3) is judiciously prescribed to limit the distortion of the joints that may trigger damage 

in the elements connected in the transverse direction (since the actual joints in the buildings are 3D 

assemblies) as well as to limit the residual drift and the out-of-plumb after severe earthquakes. 

However, such a requirement cannot be easily accomplished once the column panel zone yields; its 

post-yield stiffness of the column panel zone is quite low thus favouring the concentration of plastic 

deformations there. 

In light of all these considerations, there is a need to update the EC8 requirements in order to 

overcome such criticisms. A pragmatic and efficient way to proceed with this aim is the adoption of 

seismically prequalified joints, guaranteeing specific seismic performance by means of ad-hoc design 

criteria, verified details, and proofed constructional procedures. 

Seismic prequalification of joints is the adopted solution in the United States of America (USA) [18-

20] and Japan [21,22]. The Japanese prequalification is mainly addressed for full welded joints made 

with cold-formed hollow columns, while the North American prequalification covers many other types 

of bolted connections including the case of ESEP joints. The requirements for US seismically 

prequalified ESEP joints are given in AISC358 [20] and are mainly based on the studies carried out by 

[23-26]. In fact, Murray [23] presented design procedures for the eight-bolt extended stiffened end-

plate moment connections. Afterward, Sumner and Murray [25,25] carried out an extensive 

theoretical and experimental campaign to qualify seismically ESEP joints. Their tests demonstrated 

that this type of bolted joint can satisfactorily guarantee energy dissipation capacity, without 

appreciable degradation of strength and stiffness. Provided that the beam-to-column hierarchy would 

be satisfied, the design philosophy was envisioned to provide adequate strength in both the 

connection and the column web panel to allow the formation of a plastic hinge near the beam 

extremity. 

In 2004, Murray and Sumner [26] presented a unified method for the design of ESEP joints subjected 

to both wind and seismic loading that uses yield line theory to predict the end-plate and column flange 

strength. Their findings represent the scientific and technical background of the rules given by current 

AISC 358-16 [5] for ESEP joints. 

Unfortunately, these rules cannot be directly used in Europe because of the following reasons: 

- European steel grades differ from North American steel in terms of strength, toughness, and also 

ductility. 

 

- The shapes of member profiles are different (e.g., the profiles are typically “W” wide flange profiles 
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in the USA, while HE-A, B, and M for European columns and IPE for European beams, etc.). 

- The permitted mill imperfections of steel hot-rolled profiles are different in Europe (see EN 10,034 

[27]) and USA (see ASTM A6/ A6M [28]), e.g., in USA the out-of-square of the flange tips with 

respect to the nominal mid-axis of the flange is twice larger than those accepted for European 

profiles, as shown in [5]. 

- The type of bolts, welding, and electrodes in Europe differ from those in the USA. 

- The philosophy to evaluate the resistance of end-plate connections in Eurocodes is substantially 

different from US codes. For instance, AISC 358 [20] recommends the yield line method, thus 

providing equations to estimate the length of the yield line and to determine the associated 

bending resistance in a closed form for pre-defined configuration of the connections (i.e., for both 

4-bolt and 8-bolt rows configuration). On the contrary, EN1993-1-8 [1] adopts the equivalent T-Stub 

theory, which allows calculating the resistance of an equivalent T-Stub at each active bolt row. 

Therefore, specific research projects have been funded within the framework of the European 

Research Fund for Coal and Steel (RFCS) in order to seismically prequalify different types of bolted 

beam-to-column joints. These projects are EQUALJOINTS and EQUALJOINTS-Plus (hereinafter referred 

to as EJ) and more details about the relevant objectives, outcomes, and findings are given in [29]. 

The results of the experimental tests and corresponding finite element simulations on ESEP joints 

in EJ projects are summarized and discussed in this article, which is organized into three main parts as 

follows: (i) the design criteria and technological details of the tested joints; (ii) the experimental 

program and the obtained results; (iii) the comparison of finite element simulations with experimental 

results. 

2. Design assumptions and technological details 

2.1. DESIGN CRITERIA 

The adopted design criteria for ESEP joints aim at guaranteeing ductile and dissipative seismic 

response in accordance with the EN1998- 1 [2] philosophy. Therefore, the principles of hierarchy of 

resistances are adopted to enforce plastic deformations in ductile components of the joints, thus 

prioritizing the sequence of yielding of their macro- components (e.g., the web panel, the connection, 

the beam, and the column as shown in Fig. 1a), and their sub-components (e.g., end-plate, bolts, welds, 

etc.) as shown in former background studies [5-7,29,30,47-49]. 
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Although schematizing the joint by means of three macro-components implies disregarding the 

mutual interactions between the connection and the column nodal area and does not rigorously 

comply with the philosophy of the component method, such simplified assumption in combination 

with specific details and geometrical limitations allows easily controlling the expected performance of 

the joint and the corresponding dissipation mechanism [5-7,29,30]. In the case of ESEP joints, two 

alternative types of dissipation mechanisms have been promoted, namely either (i) plastic 

deformations solely in the connected beam or (ii) plastic deformations in both the beam and the 

connection. In the first case, the joints can be classified as “full strength” with a “non-yielding” 

connection, while in the second case as “equal strength” joints with a “balanced yielding” connection. 

This second type of joint may fall in the range of partial strength joints of EN1993-1-8 [1] if the bending 

resistance of the connection is slightly smaller than the actual plastic bending resistance of the 

connected beam, but the damage pattern is controlled in order to avoid the contribution of the column 

panel zone and to enforce the yielding of the beam. In this regard, the connection should not be 

stronger than the expected ultimate resistance of the beam in order to allow its yielding and 

distributing the damage between the beam and the connection. As shown in [5-8,29,30], sharing the 

damage between the beam and the connection aims at reducing the constructional costs and limiting 

damage concentration in the beam which can be beneficial to repair the building in the aftermath of 

the severe earthquakes as well as to reduce the demand on the column since both flexural and twisting 

moments transferred by the beam plastic hinge reduce if the beam damage decreases [5-8]. 

Therefore, differently from EN 1993-1-8 [1], the required resistance of the connections is evaluated 

depending on the type and the localization of the plastic mechanism also accounting for the random 

material variability and strain hardening of the dissipative zone (i.e., either the beam or the 

connection) as follows: 
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where: 

Mcon,Rd is the design resistance of the connection; 

Mb,pl,k is the nominal plastic moment of the beam framing the joint, namely evaluated considering 

the nominal value of the yield stress fy of steel; 

VEd,M is the shear force due to the formation of plastic hinges with nominal plastic resistance at both 

beam ends (i.e., VEd,M = 2 Mb,pljk /Lh, Lh being the distance between the plastic hinges at both beam 

ends); 

VEd,G is the design value of the shear force due to the non-seismic actions; 

sh,c is the distance between the centre of the expected plastic hinge (i. e., the section at the tip of 

the rib stiffener for ESEP joints) and the connection (i.e., the column face), see Fig. 1; 

γrm is the randomness material factor (which was assumed equal to 1.25 in this study, in accordance 

with [4]); 

γsh is the hardening factor of the plastic hinge (which was assumed equal to 1.2 in this study, in 

accordance with [29-30]). 

It is also worth noting that in this study, the values of both γrm and γsh have been individually 

adopted on the basis of the results of former research projects [4,29]. These factors are solely 

identified as sources of overstrength and the adopted values are not recommended because a 

comprehensive statistical study would be necessary. 

Both Full and Equal strength ESEP joints are intended for applications in MRFs and Dual braced 

frames, depending on the level of design ductility class, namely: the first is suitable for all ductility 

classes, and the second ones solely for low-to-moderate ductility classes [29]. It is also worth noting 

that the design criteria summarized in this section have been partially implemented in the prEN1998-

1-2:2022 [31] which is the latest draft of the amended version of EN1998 at the time of drafting the 

present article. 

Fig. 1b, and c show the layout of the tested bolted connections, namely four bolt rows (i.e., one row 

in the extended part of the end-plate and another one inside the beam profile) and six bolt rows (i.e., 

two rows in the extended part of the end-plate and on inside the beam profile). 

2.2. ADOPTED DETAIL 

Fig. 2a shows the shape and the considered details (both welds and geometry) of the tested rib 

stiffeners. As it can be also observed, the adopted ribs are more compact and shorter (i.e., slope equal 

to 40°) than those recommended by AISC358 (where a slope equal to 30° is prescribed). This choice 

derives from background studies [5-8,29,30] that highlighted the feasibility of using shorted rib, thus 

leading to smaller consumption of welding consumables as well as lower design moment in the 
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connection (the distance Sh,c from the beam plastic hinge to the column face being smaller). Full 

penetration welds with a chamfer slope equal to 60° have been considered for rib-to-beam and rib-to-

end-plate details. In accordance with AISC358 [20], the thickness of the rib was designed as the 

maximum between the values given by the following conditions: 

 
 

where tw,r is the thickness of the rib web; tw,b is the thickness of the beam web; fy,r is the yield strength 

of the rib web; fy,b is the yield strength of the beam; hr is the depth of the rib web; E is the elastic 

modulus of the steel. 

For that concerns the evaluation of the design resistance of the end-plate connection as a “macro-

component” of both full and equal strength joints, solely the bolt rows outer from and the internal one 

close to the beam flange in tension have been considered [5-8,29,30], thus considering three and two 

active bolt rows in tension in the six and four bolt rows configurations, respectively, which imply having 

only a single active bolt row within the beam flange in tension and the axis of the beam. In addition, 

there are some components that have been intentionally kept out from the analytical model of the 

connection resistance such as the beam web and the beam flange in compression (although envisaged 

by EN1993-1-8 [1]) because they are parts of the beam plastic hinge that is intentionally enforced. In 

addition, the column web in transverse tension and compression components have not been 

accounted for in the calculation of the resistance since supplementary stiffening plates onto the 

column web have been used as detailed in Fig. 2. All these assumptions lead to simplistically estimating 

the moment resistance of the bolted connections considering solely the contribution of the end-plate 

in bending and column flange in bending independently from the shear resistance of the column web 

panel. In order to avoid a premature yielding of the “bolts in tension” and so, to enhance the ductility 

of the end-plate connection of equal strength bolted connections, the end-plate thickness tp was also 

designed to comply with the following criterion based on [29,30]: 

 
where d is the nominal diameter of the bolt; fu,b is the ultimate tensile strength of the bolt; fu,b is the 

tensile yield strength of the material of the end-plate. 
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To calculate the moment resistance, the lever arm of each bolt row was evaluated assuming that the 

centre of compression is in the centroid of the beam flange and rib web in accordance with [7,8,12]. 

The shear resistance of the column web panel Vwp,Rd was calculated in accordance with EN1993-1-

8 without the additional resistance of continuity plates and verified to be greater than the minimum 

resistance of either the beam (from Eq. (1)) or the connection (from Eq. (2)). Supplementary web plates 

were used to strengthen the nodal zone as detailed in Fig. 2e,f in the cases where the alone column 

web was not sufficient to guarantee the required shear resistance. In these cases, the resisting shear 

area Av has been assumed as the sum of column shear area Av,c and the entire gross area of the 

additional web plates Av,p, without limiting the second contribution to the thickness of the column web 

panel even if such a limitation is recommended in EN1993-1-8 [1]. The stability of the supplementary 

plates was verified in accordance with be EN 1993-1-8 [1]. The depth of the supplementary web plates 

was set equal to the depth of the end-plate, which was greater than the effective width of the column 

web in tension and compression. 
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Continuity plates were used to restrain the column flange and their thickness was assumed equal 

to the rounded up value of the thickness of the beam flange. The corner clip of the continuity plate 

was detailed to avoid interference with the fillet radius of hot-rolled columns (i.e., the fillet radius 

+1 mm). 

The bolts of the studied connections were tightened with the torque method in accordance with 

EN1090-2 [33] applying the preload force given by EN1993-1-8 [1]. 

The types of welds between the different joint components are given in Fig. 2. MAG welds with G 

46 welding wires in accordance with ISO 14341-A [32] (i.e., fy > 460 MPa and toughness greater than 

47 J at -40 °C) were used in all tested joints. 

All specimens were manufactured in accordance with the requirements for execution class 3 (EXC3) 

given in EN1090-2 [33]. The quality of all welds was controlled by means of magnetoscopic tests, and 

additional ultrasonic spot-checks were carried out on about 25% of these welds. 

3. Acceptance criteria 

The seismic performance of the tested joints was verified against two different acceptance criteria, 

namely according to EN1998 [2. 31] (see Fig. 3a) and AISC341 [19] (see Fig. 3b). In the first case, the 

seismic performance of the joint is deemed satisfactory if the provided plastic rotation “ θp” (which is 

defined as in Fig. 3a and evaluated without the elastic contribution “ θy” of beam and column) is greater 

than 0.03 rad for highly ductile structures (i.e., DCH concept in EN1998-1:2005 [2] and DC3 concept in 

prEN1998-1-2:2022 [31]) or 0.02 rad for moderate ductile structures (i.e., DCM in EN1998-1:2005 [2] 

and DC2 concept in prEN1998-1-2:2022 [31]). 

The AISC341 [19] criterion requires that the joint should withstand a moment not smaller than 80% 

of the plastic flexural resistance of the beam at a story drift angle “ θ0.8Mp” equal to 0.04 rad for highly 

ductile structures (i.e., special moment frames in AISC341 [19]) or 0.02 rad for moderate ductile 

structures (i.e., intermediate moment frames in AISC341 [19]). 

In both cases, the specimen is considered qualified if the test succeeds at least one full cycle with 

the minimum requested rotation/storey drift in accordance with the first-cycle response envelopes 

depicted in Fig. 3. 
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4. Experimental tests 

4.1. EXPERIMENTAL PROGRAM 

The types of tested full and equal strength joints and their relevant features are summarized in 

Table 1. The specimens are identified by means of the following labelling code: 

ES (Extended Stiffened) 1/2/3 (for joints with shallow/intermediate/deep members, respectively) - 

TS (T-Shape, namely external joints) - E/Esp/F (Equal strength / Equal strength with shot peening / Full 

strength) - C1/C2/CA/M (loading protocol, see Table 1). 

As it can be observed, three groups of full strength joints and three others of equal strength joints 

have been tested. Each group was representative of a different beam/column assembly to investigate 

the influence of shallow, intermediate, and deep profiles on the seismic performance of the considered 

joints. All specimens were made of S355 steel grade, and the column web panel was strengthened as 

shown in Fig. 2 to resist almost elastically. High strength preloaded 10.9 HV bolts with K2 class were 

used for all studied connections. In addition, three equal strength joints were manufactured using shot 

peening (see the specimens identified with the sub-code “Esp” in Table 1) for the end- plate-to-rib and 

end-plate-to-beam welds to investigate the potential beneficial effect of such treatments on the 

ductility of equal strength connections that should develop plastic deformations. At least, two cyclic 

tests have been performed per type of configuration by imposing the AISC341 protocol [19] (see in 

Table 1 the specimens with sub-ID “C1” and “C2” that refer to the first and the second test using the 

AISC341 protocol for two nominally identical specimens). Additionally, as indicated by the sub-ID “M“ 

in Table 1, two monotonic tests have been performed on a couple of full strength joints (i.e., one with 

the shallower and another with the deeper profiles) in order to investigate the influence of the beam-

to-column ratio on the monotonic resistance and rigidity of these joints. It is also worth noting that 

one cyclic test was carried out by applying an alternative loading protocol that was developed within 

the EQUALJOINTS project [29] (see in Table 1 the specimen with sub-ID “CA”). 

In Table 1 the geometrical features of the end-plate are given in terms of depth (hEP), width (bEP) and 

thickness (tEP). The bolt diameter (d), the vertical distance from the edge of the outermost bolt row 

(e), the horizontal distance between bolts (w), the spacing between the first and the second active bolt 

rows (p1), and the distance between the second and the third active bolt rows (p2) are also reported 

for the bolted details (where the definition of active bolt rows is shown in Fig. 1). In addition, the 

thickness of the continuity plates (tCP) and the configuration of supplementary column web plates and 

their thickness (tSWP) are given. Moreover, both the design demand (Mcon,Ed) and the resistance 

(Mcon,Rd) of each joint (which have been evaluated considering the design strength of the materials) 

are reported. 
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4.2. EXPERIMENTAL SETUP AND TESTING PROCEDURE 

The tests have been carried out in two different laboratories. Twelve specimens corresponding to 

the groups of ES1 and ES2 configurations were tested at the University of Naples Federico II 

(hereinafter also referred to as “UNINA”), while 6 specimens corresponding to ES3 configurations were 

tested at the University of Liege (hereinafter also referred to as “ULiege”). Therefore, two experimental 

setups have been adopted due to the different facilities of the involved laboratories, see Fig. 4. In both 

cases, the specimens were tested horizontally with displacement history applied at the tip of the beam, 

while the columns were restrained at one end by a pinned restraint and a slider restraint at the 

opposite end in order to simulate the beam-column sub-assembly extracted from the contraflexure 

points of a moment frame under lateral forces. The axial force was not applied to the columns of the 

tested specimens because this parameter does not affect the response of full strength panel zone in 

the range of interest for EC8-compliant ductile MRFs (i.e., not exceeding 0.3 times the plastic axial 

resistance of the column) as widely proved by the experimental and numerical studies carried out in 

the research project HSS-SERF [34] and also verified numerically in research project EQUALJOINTS [29]. 

Displacement transducers have been used to record the deformations of the specimens during the 

tests as shown in Fig. 4. The monitored global parameters were the interstorey drift angle θ = δ/L 

(being δ the displacement at the beam tip and L the length from the column axis to the beam tip) and 

bending moment M at the column axis and these data are available in Annex of the present article. 

Strain gauges were also used to evaluate the local response of the joints, and displacement 

transducers were applied to measure the rotations of the column panel zone and the end-plate 

connection. In particular, the panel zone rotation (θwp) is given by transducers diagonally fixed on the 

column web panel at the level of continuity plates, as follows: 

 
where a and b are the horizontal and vertical distances between the measuring points; Δ 1 and Δ 2 are 

the displacements recorded by transducers diagonally fixed on the column web panel. 

The rotation of the connection (θcon) is evaluated as the total joint rotation (θJ) without the 

contribution (θwp ) of the column panel zone, namely as follows: 
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where δ1 and δ2 are the displacements recorded by transducers 7 and 8 (see Fig. 4) and dt is the 

distance between these transducers. 

As anticipated in section 4.1, both monotonic and cyclic loading protocols were used. The AISC341-16 

loading protocol was used to qualify the seismic performance of the joints, while an alternative loading 

protocol specifically developed in the RFCS EQUALJOINTS project [29] (hereinafter also referred to as 

“EJ” protocol) was also used for the sake of comparison. In fact, this alternative loading protocol is 

slightly less demanding than the one recommended by AISC341 [19] as it can be recognized from Fig. 

5, which shows the history of interstorey drift angle imposed by AISC341 [19] and EJ [29] protocols, as 

well as the comparison of their corresponding cumulative demand functions CDF that give the relation 

between the imposed interstorey drift angle per cycle (θi) normalized to 0.04 rad, namely |θi|/0.04. 

 
 

The specimens tested at UNINA were subjected to increasing rotations up to the maximum stroke 

of the actuator (which corresponded to slightly less than 7% of interstorey drift angle). Once reached 

such a level of deformation, the tests were conducted at constant amplitude till the full fracture of the 

specimens. The tests at ULiege were terminated once reached the rotation of interest with a unique 

exception (i.e., specimen ES3-TS-F-C2) which was prematurely terminated due to technical problems 

with the testing setup. 

4.3. MATERIAL PROPERTIES 

All members and plates were made of S355 steel grade and preloaded HR 10.9 bolts were used (see 

Section 2). A total number of 66 material coupon tests were carried out at UNINA and ULiege to 



 
Published in : Engineering Structures (2023), 116386 

DOI: 10.1016/j.engstruct.2023.116386 

Status : Postprint (Author’s version)  

 

 

 13

characterize the stress-strain behaviour of the materials; the mean values of their main mechanical 

parameters are reported in Table 2. 

 

5. Experimental results 

Fig. 6 summarizes the experimental response curves of all tested joints in terms of the moment at the 

column centreline vs. interstorey drift angle. As it can be observed, the overall response of all tested 

joints is characterized by rounded and stable hysteretic loops without appreciable degradation up to 

0.04 rad. In the case of full strength joints, the degradation of the resistance is due to the activation of 

local buckling phenomena in the beam plastic hinge. Resistance degradation is less pronounced in 

equal strength joints and pinching is also negligible, notwithstanding the yielding of the end-plate and 

the relevant gap opening that was observed in all tested equal strength joints. Comparing the response 

of the tested beam-column assemblies, it can be observed that the degradation of the cyclic response 

of ES3 set (i.e., the specimens having the deeper beam) occurs for capping rotations smaller than those 

experienced by ES1 and ES2 joints. However, all tested joints exceeded an interstorey drift angle of 

0.04 rad. 

The comparison between the hysteretic responses of ES3-TS-F specimens (see Fig. 6) shows that 

the differences between tests using the AISC 341 [19] and the alternative EJ protocol [29] are 

negligible. This result is mainly due to the fact that the EJ protocol has merely fewer elastic cycles than 

the AISC341 protocol. 
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The comparison of the hysteretic curves of equal strength joints with and without shot peening (i.e. 

those identified with the subscript “sp”) for the welds of the connection clearly show that this 

treatment does not give any beneficial effect on the ductility of the joints since the response curves 

are well overlapped and the damage patterns (see Figs. 7 and 8) are the same. Therefore, it can be 

concluded that there is no actual need to adopt such treatment. 

Fig. 7 summarizes the overall views of the failure modes exhibited by the tested joints, while the 

patterns of cracks in the damaged specimen are given in Fig. 8 at the end of the tests. Consistently with 

their response curves, the full strength joints exhibited the formation of the plastic hinge in the beam 
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at the tip of the rib stiffener with progressive deterioration due to local buckling and fracture of the 

beam flange due to low-cycle fatigue at the end of the imposed constant amplitude cycles (see Table 3 

where the number of constant amplitude cycles per specimen is reported). 
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The equal strength joints showed plastic deformations in both the beam (i.e., local buckling of the 

flanges) and the connection (i.e. end- plate in bending), thus confirming the expected behaviour and 

the effectiveness of the design assumptions. It should be highlighted that ES2-E and ES3-E specimens 

showed the opening of a crack from the flange to the web of the beam and the formation of the cracks 

anticipated in the case of deeper beams (i.e., at about 0.03 rad for ES3-E and 0.06 rad for ES2-E). In 

both ES2-E and ES3-E, the cracks in the beams initiated from the toe of the weld at the rib tip and 

propagated into the beam web, see Fig. 8. In addition, some signs of crack formation were also 

observed in the outermost parts of the welds connecting the rib stiffener and the end-plate. It is also 

worth noting that the patterns of the cracks in Fig. 8 correspond to those at the end of the tests where 

constant amplitude cycles were applied to ES1 and ES2 specimens once reached the maximum stroke 

of the actuator (see Table 3). In this case, the ES1- TS-E-C1 specimen and both full and equal strength 

ES2 with the unique exception of ES2-TS-F-CA exhibited the flange and half the depth of the web of 

the deep beam fracture that initiated outside the wrapping weld at the toe of the rib stiffener. It can 

be argued that such location of the crack is an area where both localization of stresses (i.e., the tensile 

stress in the rib in combination with the longitudinal tensile stress in the beam flange) are expected 

and the heat affected zone (HAZ) may reduce low- cycle fatigue resilience and ductility. 

All other ES1 specimens and the ES2-TS-F-CA showed the cracking of the beam flange in the mid-

length of the plastic hinge due to the cumulation of damage in the bent beam flange due to its local 

plastic buckling, which is the typical expected response of a plastic hinge in a ductile steel beam. 

However, it should be noted that the seismic response of all joints was satisfactory since the beam 

fracture occurred at a rotation demand greater than the required threshold. The cumulated imposed 

interstorey drift angle  

 

 
and the cumulated imposed ductility  

 

 
 

are reported in Table 3, where θi is the interstorey drift angle at i-th cycle, θj,max and θj,min are the 

maximum and minimum rotation at the j-th cycle, and θy is the yield interstorey drift angle. The 

obtained values of CIDA and CID are substantially greater than those experienced by welded joints with 

European profiles [35,36] and in line with those numerically estimated by [37]. In addition, both ES1 

and ES2 exhibited a ductility greater than those shown in [17,25]. 

Figs. 9 and 10 show the moment vs. rotation curves of the connection, the column web panel and 

the interstorey drift angle, the latter for the sake of comparison, for full and equal strength joints (one 

specimen per type is reported since the behaviour is similar for those of the same assembly). The 

contribution of joint components differs for full strength and equal strength joints. In the former case, 

the rotation of the beam plastic hinge is the main contribution to the interstorey drift angle, the 

rotation of the connection and distortion of column web panel that behave in elastic range being 

negligible, see Fig. 9b,c,e,f,h,i. 

Equal strength end-plate connections exhibited plastic deformationsES1-TS-F-C2 and provided 

appreciable rotations (from 10 % to 20% of the total rotation) while the column web panel were still 

in the elastic range. In this regard, it is also worth noting that the rib stiffeners also enlarge the 

effective height of the panel zone which is beneficial to decrease the shear force demand in the 
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nodal area of the column [7,8], thus resulting in an improved resistance as also shown for haunched 

connections by [38]. As a general remark, it should be noted that, even for equal strength joints, the 

plastic rotation of the beam mainly contributed to the overall rotation of the beam-column joints. 
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6. Performance parameters and compliance with pre- 

qualification limits 

The considered performance parameters have been derived as the smaller values measured from 

both the sagging (+) and hogging (-) backbone of the moment-interstorey drift angle curves of the 

tested joints and, as described in Fig. 3, are the strain hardening coefficient (γh), the yield interstorey 

drift angle (θy), the ultimate interstorey drift angle (θu), the plastic rotation (θp), and the rotation 

(θo.8Mp). 

For the sake of example, Fig. 11 summarizes the backbone curves for full and equal strength ES1 

joints, while Table 4 reports the measured values of all considered performance parameters. With this 

regard, it is worth noting that the values of (θ0.8Mp) are the maximum rotations achieved during the 

test even if the corresponding moments are greater than 0.8Mp. Therefore, the tested joints may 

guarantee a greater ductility than the value reported in Table 4. However, all specimens met the EC8 

[2,31] and AISC341 [19] prequalification requirements for highly ductile structures, since the “θp” and 

“θ0.8Mp” are greater than 0.03 rad 0.04 rad, respectively with the unique exception of ES3-TS-F- C2, 

whose test was prematurely terminated due to technical problems with the testing setup. Therefore, 

both full strength and equal strength extended stiffened end-plate joints can be used in high ductile 

structures. 
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It can be observed that the strain hardening coefficient is relatively uniform for the same category 

of joints, namely the mean γsh is about 1.19 (coefficient of variation equal to 2.5%) for full strength 

joints, while ysh is about 1.16 (coefficient of variation equal to 3.2%) for equal strength joints. 

Therefore, considering that the ratio Yrm between the mean value of the yield stress of the beam over 

the corresponding nominal value is about 1.2 (coefficient of variation equal to 8.4%), the mean overall 

over-strength factor (γrm x γsh) for full strength joints is equal to 1.43, thus confirming that the adopted 

design value for full strength joints (i.e., 1.25 x 1.2 = 1.5) was effective to guarantee the design objective 

although a bit conservative. The mean γrm x γsh for equal strength joints is equal to 1.40, which is 

substantially greater than the design resistance of these joints due to the actual strength of the 

materials (i.e., greater than the design values) as well as the hardening developed by the end-plate in 

bending of the ESEP connections. 

 

7. Fem analyses 

7.1. MODELLING ASSUMPTIONS 

Finite element analyses (FEAs) were carried out using ABAQUS 6.17 [39]. The C3D8I solid elements 
(i.e., 8-node linear brick, incompatible mode) were used to discretize the models. To ensure a regular 
mesh, the structured-meshing technique was adopted, and a mesh sensitivity analysis was performed 
to select the mesh density (i.e., the number of finite elements per unit area) of the models, whose 
results in terms of von mises stress (VMS) at 6% of interstorey drift angle are summarized in Fig. 12. As 
it can be observed, the results are almost insensitive to the mesh size if the average dimension of the 
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finite elements is smaller than 12.5 mm, 10 mm, and 15 mm for the end-plate, the bolts and the beam- 
end, respectively. Therefore, these dimensions were used to discretize the FE models (see Fig. 13a). 

 

 
 

The contacts were modelled by means of surface-to-surface interactions. In particular, “Hard 

Contact” formulation was used to simulate normal contact, and “Coulomb friction” was used to 

simulate the tangential behaviour assuming a friction coefficient equal to 0.3 (which corresponds to 

steel surfaces cleaned by wire-brushing with loose rust removed according to [1]). 

The experimental properties of the materials were used (see Table 2) and true stress-true strain 

curves were derived from the experimental engineering curves. Von Misses yielding criterion was used 

together with combined (i.e., both isotropic and kinematic) plastic hardening. 

The out-of-square imperfections of the flanges of steel members were considered by applying 80% 

of the maxima mill tolerances permitted by EN 10,034 [27], i.e., ( k + k ’)/C = 0.42% (see Fig. 13b). These 

imperfections were modelled by imposing the shapes of the related buckling Eigenmodes that were 

scaled to the considered amplitudes. 

The bolts were modelled as dumbbell shapes (see Fig. 13a) to reduce the computational effort. 
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Therefore, their non-linear behaviour was simulated using the multilinear force-displacement curves 

given by [40,41] that were updated with measured material properties (see Table 2). 

The pre-tensioning of bolts was modelled using the “Bolt load” option available in the software. The 

preload force was set equal to the actual value adopted to tighten the specimen (which was in 

accordance with [1]). 

Full and fillet welds were modelled as solid elements with “Tie” constraints between the connected 

surfaces. The material of the welds was modelled as elastic perfectly plastic, with yield stress equal to 

460 MPa [32]. 

The boundary conditions and torsional restraints were consistent with the sub-structuring shown 

in Fig. 4. 

The analyses were performed in two steps, as follows: 1) application of the preloading in all bolts; 

2) application of the experimental displacement histories at the tip of the beam using dynamic implicit 

solver with quasi-static options. 

In Section 7.2, the FE results are shown and discussed in terms of predicted overall and local 

response curves and damage pattern, namely predicted failure mode and damage indexes, such as 

PEEQ (equivalent plastic strain index) and RI (rupture index). PEEQ is used to estimate the amount of 

plastic deformation in the damaged zones and is given by the following equation: 

 

where 

  

are the tensor of plastic strains and uniaxial yield strain, respectively. 

RI is used to compare the tendency to exhibit ductile rupture between different details of the same 

type of joint, as in [42–45], and is defined as follows: 

 

where σm and σe are the hydrostatic stress and Von Mises stress, respectively. 

 

7.2. FE SIMULATIONS VS. EXPERIMENTAL RESULTS 

Fig. 14 summarises the comparison between FE simulations and experimental results in terms of 

moment-rotation curves and failure mode. The distribution of equivalent plastic strains (PEEQ) is 

shown to highlight the location of plastic deformations. As it can be recognized, the finite element 

simulations satisfactory mimic the experimental response. In this regard, it is worth noting that the 

performed FE analyses aimed at investigating the local response of the tested joints, while the 
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influence of the geometrical and mechanical features of the joints require a specific parametric study 

that is out of the scope of this article. 
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Figs. 15 and 16 report the FE results of full and equal strength joints in terms of overall and local 

response. In both full and equal strength joints, the comparison between cyclic and monotonic 

responses highlights that the monotonic ductility of the joints is limited by the fracture of the bolts 

may fail at about 0.08 rad of intestorey drift angle due to the significant demand on the connection 

since the yielding zones (i.e., the beam plastic hinge for full strength joints and the end- plate in 

bending for the equal strength joints) do not deteriorate under monotonic loading. The compression 

forces (which were obtained by integrating the longitudinal normal stress) resulting in the web area of 

the rib ( CRib) and the beam flange ( CFlange) at the end-plate interface are also depicted. As it can be 

observed, in case of full strength joints, these forces are comparable throughout the cyclic response 

of the joints, while in the case of equal strength joints, the CFlange are about twice CRib, In all cases, the 

depth of the connected members does not appreciably influence the evolution of these forces. In 

addition, these forces influence the position of the center of compression (ξhr) of the end-plate 

connection (being hr the depth of the rib web) with respect to the centroid of the beam flange. 
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Figs. 15 and 16 also show the evolution of the normalized position of the center of compression (ξ) 

against the interstorey drift angle, where it can be observed that the design assumption that considers 

the centre of compression located in the centroid of the “T” area of the beam flange and the rib web 

is reasonable for the design performance of the joints at 0.04 rad, while it is rather conservative for 

smaller demand. 

The evolution of tensile forces in the bolt rows is also depicted, showing that the design assumption 

considering active solely the bolt rows above (for the hogging moment) or below (for the sagging 

moment) the neutral axis of the beam is satisfactory. The distribution of PEEQ in the bolts shows that 

some negligible and localized plastic deformations also occur in the bolts in full strength joints, 

although no sign of damage was observed in the bolts after the experimental tests that were easily 

untightened. In the case of equal strength joints, the bolts fully yield at maximum drift angle as also 

confirmed by the after-test observations. 
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Fig. 17 shows the comparison between the simulated and the experimental damage pattern in the 

rib stiffener of the ES1 full strength joint (since the behaviour of the other tested joints is very similar). 

The measurements of the strain gauges confirmed that this stiffener behaves almost in the elastic 

range with the unique exception of the portion close to the rib toe, namely close to the plastic hinge 

of the beam. However, the measured strains (εtest) slightly exceed the yield strain (εy) of the rib material 

(see Fig. 17a). 

 
 

It is also worth noting that the plastic demand mostly concentrates in the beam up to its capping 

rotation (i.e., the rotation corresponding to the peak bending moment); the deformation pattern in 

the ribs is almost constant. Following the beam buckling, the strain demand in the rib increases and, if 

the rib web remains in the elastic range, cracks occur at its toe (see Fig. 17b). Such results are also in 

line with what was observed by [44,46]. 

Fig. 18 depicts the distributions of RI across the flange width (bf) at the beam flange to end plate 

weld toe which are plotted against the normalized position (x/bf) of the measured five points of the 

beam width (i.e., the middle, half of mid-width and both edges) for 2%, 4% and 6% of interstorey drift 

angles. As it can be observed, RI is not greater than 1 up to 4% of interstorey drift angle, thus confirming 

a satisfactory performance in this range of overall demand. However, at 6%, RI is greater than 1 that 

implies tendency to develop fractures as also observed in the performed tests. In equal strength joints, 

RI increases with the beam depth, while full strength joints exhibit a different evolution of RI that is 

substantially greater in ES3 specimens. Therefore, it is evident a direct influence of the beam depth on 

RI, namely deeper beams may experience greater RI. This observation is also in line with the 

experimental results. In fact, the specimens with shallower beams (i.e., ES1 assemblies) were 

characterized by greater ductility. 
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8. Conclusions 

This study summarizes the results of seismic prequalification tests of Extended Stiffened End-Plate 

(ESEP) joints in the framework of European codes (i.e., EN1998-1 and EN1993-1-8) for two different 

expected seismic performance, namely solely yielding of the beam (i.e., full strength joints) and 

balanced yielding of the beam and the end-plate of the bolted connection (i.e., equal strength joints). 

Design criteria and the technological details of the tested joints are presented, and results of finite 

element simulations are also shown. On the basis of the obtained results, the following conclusions 

can be drawn: 

• Both full and equal strength joints exhibited ductile behaviour with a stable hysteretic response. 

• The tests of full strength joints confirmed that plastic deformations mainly occurred in the beam 

plastic hinge that formed close to the toe of the rib stiffener. This failure mode is characterized by 

progressive strength degradation due to the local buckling of the beam. 

• Equal strength joints exhibited a stable hysteretic response without strength degradation, because 

the plastic deformation is balanced between the end-plate in bending and the beam that did not pre- 

maturely buckle. 

• In line with the design criteria, the column web panel of all tested joints remains in elastic range. 

• The considered design over-strength factor for full strength connection (i.e., γrm x γsh = 1.25 x 1.2 = 

1.5) ensured a satisfactory safety margin with the achievement of the expected failure mode of the 

joints. However, it is important to highlight that the measured values of the γrm x γsh from the 

performed tests are not exhaustive and cannot provide a definitive value about the overall design 

overstrength due to the limited number of specimens. 

• The results of finite element analyses confirmed that the position of the centre of compression into 

the connection is in line with the design assumptions to estimate the lever arm of the connection 

at 0.04 rad of interstorey drift angle. 
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• Finite element simulations confirmed that the simplified assumptions on the active bolt rows in 

tension satisfactorily predict the response of the joints. 

• The concentration of plastic deformations in the rib toe-to-beam weld explains the formation of 

cracks at the end of the tests. The rupture index increases with the beam depth, thus confirming 

the experimental evidence. Further experimental and numerical studies are necessary to 

investigate this problem and to enhance this tech- nological detail. 
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