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Abstract

The present JRC report contains state-of-the-art training material on the structural design of steel buildings, with
emphasis on worked examples. The technical papers here presented focus on specific parts of the structural
design, namely basis of design, modelling of structure, design of members, connections, cold-formed steel,
seismic and fire design and on sustainability aspects. The report intends to contribute towards the transfer of
background knowledge and expertise on the Eurocodes, mainly the EN 1993, from specialists of the European
Convention for Constructional Steelwork (ECCS) and of CEN/TC250/Sub Committee 3, to trainers at a national
level and to Eurocodes users. The report includes a comprehensive description of Eurocodes rules and worked
examples presented by the aforementioned specialists at the workshop “Design of steel buildings with the
Eurocodes, with worked examples” that was held on 16-17 October 2014, in Brussels, Belgium.
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Foreword

The construction sector is of strategic importance to the EU as it delivers the buildings
and transport infrastructure needed by the rest of the economy and society. It represents
more than 10% of EU GDP and more than 50% of fixed capital formation. It is the
largest single economic activity and it is the biggest industrial employer in Europe. The
sector employs directly almost 20 million people. Construction is a key element not only
for the implementation of the Single Market, but also for other construction relevant EU
Policies, e.g. Sustainability, Environment and Energy, since 40-45% of Europe’s
energy consumption stems from buildings with a further 5-10% being used in processing
and transport of construction products and components.

The EN Eurocodes are a set of European standards (Européenne Normes) which provide
common rules for the design of construction works, to check their strength and stability.
In line with the EU’s strategy for smart, sustainable and inclusive growth (EU2020),
Standardization plays an important part in supporting the industrial policy for the
globalization era. The improvement of the competition in EU markets through the
adoption of the Eurocodes is recognized in the "Strategy for the sustainable
competitiveness of the construction sector and its enterprises" - COM (2012)433, and
they are distinguished as a tool for accelerating the process of convergence of different
national and regional regulatory approaches.

With the publication of all the 58 Eurocodes Parts in 2007, the implementation of the
Eurocodes is extending to all European countries and there are firm steps toward their
adoption internationally. The Commission Recommendation of 11" December 2003
stresses the importance of training in the use of the Eurocodes, especially in engineering
schools and as part of continuous professional development courses for engineers and
technicians, which should be promoted both at national and international level. It is
recommended to undertake research to facilitate the integration into the Eurocodes of
the latest developments in scientific and technological knowledge. In light of this
Recommendation, DG JRC is collaborating with DG GROW, CEN/TC250 “Structural
Eurocodes” and other relevant stakeholders, and is publishing the Report Series ‘Support
to the implementation, harmonization and further development of the Eurocodes’ as JRC
Science and Policy Reports.

This report contains a comprehensive description of the practical examples presented at
the workshop “Design of steel buildings with the Eurocodes” with emphasis on worked
examples. The workshop was held on 16-17 October 2014, in Brussels, Belgium and was
organized by the Joint Research Centre of the European Commission together with the
European Convention for Constructional Steelwork (ECCS) and CEN/TC250/Sub-
Committee 3, with the support of DG GROW, CEN and the Member States. The workshop
addressed representatives of public authorities, national standardisation bodies, research
institutions, academia, industry and technical associations involved in training on the
Eurocodes. The main objective was to facilitate training on design of steel buildings
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1 Design of steel structures

1.1 Definitions and basis of design

1.1.1 Introduction

Steel construction combines a number of unique features that make it an ideal solution
for many applications in the construction industry. Steel provides unbeatable speed of
construction and off-site fabrication, thereby reducing the financial risks associated with
site-dependent delays. The inherent properties of steel allow much greater freedom at
the conceptual design phase, thereby helping to achieve greater flexibility and quality. In
particular, steel construction, with its high strength to weight ratio, maximizes the
useable area of a structure and minimizes self-weight, again resulting in cost savings.
Recycling and reuse of steel also mean that steel construction is well-placed to contribute
towards reduction of the environmental impacts of the construction sector (Simdes da
Silva et al., 2013).

The construction industry is currently facing its biggest transformation as a direct result
of the accelerated changes that society is experiencing. Globalisation and increasing
competition are forcing the construction industry to abandon its traditional practices and
intensive labour characteristics and to adopt industrial practices typical of manufacturing.
This further enhances the attractiveness of steel construction.

The objective of the present chapter is to provide design guidance on the use of the
Part 1-1 of Eurocode 3 through a brief explanation of the code’s provisions, supported by
detailed, practical design examples based on real structures.

1.1.2 Codes of practice and standardization

The European Union has spent several decades (since 1975) developing and unifying the
rules for the design of structures. This work has culminated in a set of European
standards called the Eurocodes which have recently been approved by member states.

The Construction Products Regulation established the basic requirements that all
construction works must fulfil, namely: i) mechanical resistance and stability; ii) fire
resistance; iii) hygiene, health and environment; iv) safety in use; v) protection against
noise; vi) energy economy and heat retention and vii) sustainability. The first two
requirements are addressed by the following nine Structural Eurocodes, produced by CEN
(European Committee for Standardization) under the responsibility of its Technical
Committee CEN/TC 250:

EN 1990 Eurocode: Basis of Structural Design

EN 1991 Eurocode 1: Actions on Structures

EN 1992 Eurocode 2: Design of Concrete Structures

EN 1993 Eurocode 3: Design of Steel Structures

EN 1994 Eurocode 4: Design of Composite Steel and Concrete Structures

EN 1995 Eurocode 5: Design of Timber Structures

EN 1996 Eurocode 6: Design of Masonry Structures

EN 1997 Eurocode 7: Geotechnical Design

o O O 0O O O O o
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o EN 1998 Eurocode 8: Design of Structures for Earthquake Resistance

o EN 1999 Eurocode 9: Design of Aluminium Structures
Each Eurocode contains provisions that are open for national determination. Such
provisions include weather aspects, seismic zones, safety issues, etc. These are
collectively called Nationally Determined Parameters (NDP). It is the responsibility of
each member state to specify each NDP in a National Annex that accompanies each
Eurocode.

The Structural Eurocodes are not, by themselves, sufficient for the construction of
structures. Complementary information is required on:

o the products used in construction (“Product Standards”, of which there are
currently about 500);

o the tests used to establish behaviour ("Testing Standards”, of which there are
currently around 900);

o the execution standards used to fabricate and erect structures (“Execution
Standards”).

EN 1993, Eurocode 3: Design of Steel Structures (abbreviated in this document to EC3)
is divided in the following parts:

EN 1993-1 General rules and rules for buildings

EN 1993-2 Steel bridges

EN 1993-3 Towers, masts and chimneys

EN 1993-4 Silos, tanks and pipelines

EN 1993-5 Piling

o EN 1993-6 Crane supporting structures

o O O O O

EN 1993-1, Eurocode 3: Design of Steel Structures - General rules and rules for buildings
is further sub-divided in the following 12 sub-parts:

EN 1993-1-1 General rules and rules for buildings

EN 1993-1-2 Structural fire design

EN 1993-1-3 Cold-formed thin gauge members and sheeting

EN 1993-1-4 Stainless steels

EN 1993-1-5 Plated structural elements

EN 1993-1-6 Strength and stability of shell structures

EN 1993-1-7 Strength and stability of planar plated structures transversely
loaded

EN 1993-1-8 Design of joints
EN 1993-1-9 Fatigue strength of steel structures

o EN 1993-1-10 Selection of steel for fracture toughness and through-thickness
properties

o EN 1993-1-11 Design of structures with tension components made of steel
o EN 1993-1-12 Supplementary rules for high strength steel

O 0O O O O O O

O

EC3 is used together with a series of complementary standards. The execution standard
for steel structures EN 1090-2 (2011) guarantees an execution quality that is compatible
with the design assumption in EC3. The product standards provide the characteristic
properties of the materials used, that in turn must conform to the quality control
procedures specified in the test standards. Finally, the EC3 National Annexes specify the
national parameters relating to actions and safety levels, as well as some options
concerning design methodologies.
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1.1.3 Basis of design

1.1.3.1 Basic concepts

Eurocode 3 must be used in a consistent way with EN 1990 Eurocode: Basis of structural
design, EN 1991 Eurocode 1: Actions on Structures, EN 1998 Eurocode 8: Design of
structures for earthquake resistance, and EN 1997 Eurocode 7: Geotechnical design.

Chapter 2 of EC3-1-1 introduces and complements the normative rules included in these
standards. According to the basic requirements specified in EN 1990, a structure must be
designed and executed so as to perform the functions for which it was conceived, for a
pre-determined service life. This includes ensuring that the conditions that prevent failure
(ultimate limit states) are verified, as well as conditions that guarantee proper
performance in service (serviceability limit states) and those related to durability (among
others, protection against corrosion). These basic requirements should be met by: i) the
choice of suitable materials; ii) appropriate design and detailing of the structure and its
components and iii) the specification of control procedures for design, execution and use.

The limit states shall be related to design situations, taking into account the
circumstances under which the structure is required to fulfil its function. According to
EN 1990 (2002) these situations may be: i) persistent design situations (conditions of
normal use of the structure); ii) transient design situations (temporary conditions); iii)
accidental design situations (exceptional conditions, e.g. fire or explosion) and iv) seismic
design situations. Time dependent effects, such as fatigue, should be related to the
design working life of the structure.

The Ultimate Limit States (ULS) correspond to states associated with failure of the
structure, endangering people’s safety; in general, the following ultimate limit states are
considered: loss of equilibrium considering the structure as a rigid body, failure by
excessive deformation, transformation of the structure or any part of it into a
mechanism, rupture, loss of stability and failure caused by fatigue or other
time-dependent effects.

The Serviceability Limit States (SLS) correspond to a state beyond which the specific
service conditions, such as the functionality of the structure, the comfort of people and
acceptable appearance are no longer met; in steel structures, limit states of deformation
and of vibration are normally considered.

The requirements for limit state design are, in general, achieved by the partial factor
method as described in section 6 of EN 1990; as an alternative, a design directly based
on probabilistic methods, as described in Annex C of EN 1990, may be used.

In a design process, the loading on the structure must be quantified and the mechanical
and geometrical properties of the material must be accurately defined; these topics are
described in the subsequent sub-sections.

The effects of the loads for the design situations considered must be obtained by suitable
analysis of the structure, according to the general requirements specified in section 5 of
EN 1990.

For the design of a structure in circumstances where: i) adequate calculation models are
not available; ii) a large number of similar components are to be used or iii) to confirm a
design of a structure or a component, EN 1990 (Annex D) allows the use of design
assisted by testing. However, design assisted by test results shall achieve the level of
reliability required for the relevant design situation.
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1.1.3.2 Basic variables

Introduction

The basic variables involved in the limit state design of a structure are the actions, the
material properties and the geometric data of the structure and its members and joints.

When using the partial factor method, it shall be verified that, for all relevant design
situations, no relevant limit state is exceeded when design values for actions or effects of
actions and resistances are used in the design models.

Actions and environmental influences

The actions on a structure may be classified according to their variation in time:
i) permanent actions (self-weight, fixed equipment, among others); ii) variable actions
(imposed loads on building floors, wind, seismic and snow loads); and iii) accidental
loads (explosions or impact loads). Certain actions, such as seismic actions and snhow
loads may be classified as either variable or accidental depending on the site location.
Actions may also be classified according to: i) origin (direct or indirect actions); ii) spatial
variation (fixed or free) and iii) nature (static or dynamic).

For the selected design situations, the individual actions for the critical load cases should
be combined according to EN 1990. Load combinations are based on the design values of
actions. The design values of actions Fy are obtained from the representative values Fp.
In general, their characteristic values F, are adopted, considering adequate partial safety
factors 5, through the expression:

F, =y F (1.1)

rep *
The characteristic values of actions (permanent, variable or accidental actions) shall be
specified as a mean value, an upper or a lower value, or even a nominal value,
depending on the statistical distribution; for variable actions, other representative values
shall be defined: combination values, frequent values and quasi-permanent values,

obtained from the characteristic values, through the factors wy, v1 and y», respectively.
These factors are defined according to the type of action and structure.

The design effects of an action, such as internal forces (axial forces, bending moments,
shear forces, among others), are obtained by suitable methods of analysis, using the
adequate design values and combinations of actions as specified in the relevant parts of
EN 1990.

The environmental influences that could affect the durability of a steel structure shall be
considered in the choice of materials, surface protection and detailing.

The classification and the quantification of all actions for the design of steel structures,
including more specific examples such as the seismic action or the fire action, shall be
obtained according to the relevant parts of EN 1990 and EN 1991.

Material properties

The material properties should also be represented by upper or lower characteristic
values; when insufficient statistical data are available, nominal values may be taken as
the characteristic values. The design values of the material properties are obtained from
the characteristic values divided by appropriate partial safety factors sy, given in the
design standards of each material, Eurocode 3 in the case of steel structures. The values
of the partial safety factors v, may vary depending on the failure mode and are specified
in the National Annexes.
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The recommended values in EC3-1-1 for the partial safety factors yy; are the following:
mo = 1,00; m: = 1,00 and ym = 1,25.

The values of the material properties shall be determined from standard tests performed
under specified conditions.

All steel is produced in several grades and according to different production processes
and chemical compositions, as specified in EN 10020 (2000). In Europe, hot-rolled steel
plating or profiles for use in welded, bolted or riveted structures must be produced in
conformity with EN 10025-1 (2004). The first part of this European standard specifies the
general technical delivery conditions for hot-rolled products. The specific requirements,
such as classification of the main quality classes of steel grades in accordance with
EN 10020 (2000), is given in parts 2 to 6 of EN 10025; these parts refer to the technical
delivery conditions of the following steel products: non-alloy structural steels;
normalized/normalized rolled weldable fine grain structural steels; thermo-mechanical
rolled weldable fine grain structural steels; structural steels with improved atmospheric
corrosion resistance; flat products of high yield strength structural steels in the quenched
and tempered condition. Structural hollow sections and tubes must be specified in
accordance with EN 10210 (2006) and EN 10219 (2006). According to EN 10025, the
steel products are divided into grades, based on the minimum specified yield strength at
ambient temperature, and qualities based on specified impact energy requirements.
EN 10025 also specifies the test methods, including the preparation of samples and test
pieces, to verify the conformity relating to the previous specifications.

The main material specifications imposed by EN 10025 for hot rolled products are: i) the
chemical composition determined by a suitable physical or chemical analytical method;
ii) mechanical properties: tensile strength, yield strength (or 0,2% proof strength),
elongation after failure and impact strength; iii) technological properties, such as
weldability, formability, suitability for hot-dip zinc-coating and machinability; iv) surface
properties; v) internal soundness; vi) dimensions, tolerances on dimensions and shape,
mass.

Connecting devices, such as bolts, nuts, are in general manufactured from high strength
steels, in accordance with EN 15048-1 (2007) for non-preloaded connections or
EN 14399-1 (2005) for preloaded connections.

Geometrical data

The geometry of a structure and its components must be evaluated with sufficient
accuracy. Geometrical data shall be represented by their characteristic values or directly
by their design values. The design values of geometrical data, such as dimensions of
members that are used to assess action effects and resistances, may be, in general,
represented by nominal values. However, geometrical data, referring to dimensions and
form, must comply with tolerances established in applicable standards.

The main hot-rolled products are: I and H sections, box sections, channels, tees, angles,
plates, among others. Alternatively it is possible to obtain welded sections with various
cross section configurations. By the cold-form process it is possible to make a wide
variety of sections.

All the steel products to be used in steel structures should fulfil geometrical tolerances
(on dimensions and shape) dependent on the forming process. EN 1090-2 (2011)
establishes two types of tolerances: i) essential tolerances - applicable for a range of
criteria that are essential for the mechanical resistance and stability of the structure and
i) functional tolerances - required to fulfil other criteria such as fit-up and appearance of
the structure. In specific cases special tolerances may be specified.
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1.1.3.3 Ultimate limit states

For a structure, in general, the ultimate limit states to be considered are: loss of static
equilibrium, internal failure of the structure or its members and joints, failure or
excessive deformation of the ground and fatigue failure. In a steel structure, the ultimate
limit state referring to internal failure involves the resistance of cross sections, the
resistance of the structure and its members to instability phenomena and the resistance
of the joints.

In general, the verification of the ultimate limit states consists of the verification of the
condition:

Eq <Ry, (1.2)

where E; is the design value of the effect of actions, such as internal forces and R,
represents the design value of the corresponding resistance.

The design values of the effects of actions E; shall be determined by combining the
values of actions that are considered to occur simultaneously. EN 1990 specifies the
following three types of combinations, and each one includes one leading or one
accidental action:

i) combinations of actions for persistent or transient design situations (fundamental
combinations);

ii) combinations of actions for accidental design situations;

iii) combinations of actions for seismic design situations.

The criteria for the establishment of these combinations and the values of all the relevant
factors are defined in EN 1990 and its Annex A.

The verification of the ultimate limit state of loss of static equilibrium of the structure,
considered as a rigid body, shall be verified comparing the design effect of destabilising
actions with the design effect of stabilising actions. Other specific ultimate limit states,
such as failure of the ground or fatigue failure, have to be verified according to the
relevant rules specified in EN 1990 (EN 1997 and EN 1993-1-9).

1.1.3.4 Serviceability limit states

As defined before, the serviceability limit states correspond to a state beyond which the
specific service conditions are no longer valid; in steel structures limit states of
deformation and of vibration are normally considered.

The verification of the serviceability limit states consists of the verification of the
condition:

E,<C,, (1.3)

where E; is the design value of the effect of actions specified in the serviceability
criterion, determined by the relevant combinations, and C, is the limiting design value of
the relevant serviceability criterion (e.g. design value of a displacement).

The design values of the effects of actions E; in the serviceability criterion shall be
determined by one of the following three types of combinations specified in EN 1990 and
its Annex A:

o characteristic combinations;

o frequent combinations;

o quasi-permanent combinations.
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The limit values of the parameters for the verification of the serviceability limit states,
according to EC3-1-1, section 7 and to EN 1990 - Basis of Structural Design, must be
agreed between the client and the designer, and can also be specified in the National
Annexes.

1.1.3.5 Durability

Clause 2.4 of EN 1990 defines the requirements for the durability of structures. For steel
structures (chapter 4 of EC3-1-1), the durability depends on the effects of corrosion,
mechanical wear and fatigue; consequently, the parts most susceptible should be easy to
access, inspect, operate and maintain.

When building structures are not subjected to relevant cyclic loads it is not necessary to
consider the resistance to fatigue, as it would be in the case of loads resulting from lifts,
rolling bridges or vibrations of machines.

The durability of a steel structure depends essentially on its protection against corrosion.
Corrosion is a chemical process of degradation of the steel, which grows in the presence
of humidity, oxygen and existing pollutant particles in the environment.

1.1.3.6 Sustainability

Steel is one of the most sustainable materials on earth due to its natural properties. Steel
is the most recyclable material in the world. It can be recycled over and over again
without losing its properties, saving natural resources and reducing construction waste in
landfills, thus minimizing two major problems faced by the construction sector.

However, it is not only the environmentally-friendly properties of steel that contribute to
its sustainability credentials. Steel structures also have an important role to play. Steel
structures are durable. With proper design, a steel structure can last for many years
beyond its initial service life. The durability of steel, associated with the adaptability of
steel structures, avoids the need for demolition and new construction.

In terms of impact on the environment, steel structures have major advantages: i) the
prefabrication of steel frames provides a safer and cleaner working environment and
minimizes the pollution and noise on the construction site; ii) frame elements are
delivered in time for installation minimizing the area needed for storage and contributing
to an efficient construction site; iii) prefabrication ensures accurate dimensions and ease
of erection; iv) waste during construction is reduced to a minimum and most waste is
recyclable.

1.2 Global analysis

1.2.1 Structural modelling

Steel structures are very often composed by linear members. The Figure 1.1 illustrates
the structural framework of a steel industrial building.

In many applications two-dimensional elements, such as slabs in buildings, coexist with
linear members. The slabs may be reinforced concrete, composite steel-concrete or
prestressed concrete. Other common two-dimensional elements are concrete walls in
buildings and slabs in decks of composite steel-concrete bridges (in reinforced concrete
or steel orthotropic solutions).
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Figure 1.1 Industrial building

The modelling of steel structures using linear elements involves the consideration of
several specific aspects such as the choice of the structural axis of a member, the
influence of eccentricities, non-prismatic and curved members and the modelling of
joints. This option is obviously adequate for linear members (beams, columns, bracing
and cables). With a degree of approximation it may also be possible to model
two-dimensional elements in this way, provided that the analysis results are sufficiently
accurate for the intended purpose. Whenever deemed necessary, it is possible to analyse
and design steel structures using the finite element method (FEM), combining in the
modelling of the structure linear elements with two and three-dimensional elements.

1.2.2 Structural analysis

1.2.2.1 Introduction

In accordance with EC3-1-1 (EN 1993-1-1, 2005), the global analysis of a steel structure
should provide with sufficient accuracy the internal forces and moments and the
corresponding displacements. Analysis is to be based on appropriate calculations models
(clause 5.1.1(1)) and the model and the basic assumptions should reflect the structural
behaviour (clause 5.1.1(2)). In particular, it should ensure that the relevant
non-linearities for a given limit state are adequately taken into account.

The internal forces and displacements may be determined using either a global elastic
analysis or a global plastic analysis (clause 5.4.1(1)). Finite element analysis is also
possible but it is not specifically covered in EC3-1-1, reference being made to EC3-1-5
(EN 1993-1-5, 2006).

Global elastic analysis is based on the assumption of a linear stress-strain relation for
steel, whatever the stress level in the structure is (clause 5.4.2(1)). In practical terms,
global elastic analysis assumes that the reference stress caused by the applied forces is
lower than the yield stress of steel anywhere in the structure. Elastic global analysis may
be used in all cases (clause 5.4.1(2)), provided that the provisions in clause 5.1 are met.
It is noted that even though the internal forces and displacements are obtained using
elastic analysis, the design resistance of the members may be evaluated on the basis of
the plastic cross section resistance (clause 5.4.2(2)). A detailed practical example of a
multi-storey building designed using global elastic analysis is presented in section 2.3.

10
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Global plastic analysis assumes progressive yielding of some cross sections of the
structure, normally leading to plastic hinges and a redistribution of forces within the
structure. In this type of analysis it is mandatory that the cross sections where plastic
hinges occur possess sufficient rotation capacity. Usually, the adopted stress-strain
relation for steel is a bi-linear elastic-plastic relationship, although more precise
relationships may be adopted (clause 5.4.3(4)). The use of plastic global analysis is
subjected to several conditions and is detailed elsewhere (Simdes da Silva et al., 2013).

Global analysis may also be of 1%t or 2" order. In a first order analysis, the internal
forces and displacements are obtained with reference to the undeformed structure
(clause 5.2.1(1)). In a 2™ order analysis, the influence of the deformation of the
structure is taken into account. This should be considered whenever it increases the
action effects significantly or modifies significantly the structural behaviour (clause
5.2.1(2)). The presence of compressive forces or stresses may induce 2" order effects,
amplifying internal forces and displacements. In terms of global analysis, it is then
required to assess the structural stability of the frame, an aspect that will be detailed in
the next section. A second situation where the deformed geometry of the structure must
be taken into account occurs whenever the structure or parts of it present low stiffness,
such as is the case of structures containing cables. In this case, a large-displacement
analysis (or third-order analysis in german terminology) should be carried out (Simodes
da Silva et al., 2013).

Global analysis must also explicitly model imperfections, both at global level and member
level, although some simplified procedures exist to avoid direct modelling of some
imperfections. Also, the effects of shear lag and of local buckling on the stiffness should
be taken into account if this significantly influences the global analysis (clause 5.2.1(5)).
EC3-1-5 presents detailed procedures for such situations.

The choice of the analysis procedure (elastic or plastic, clause 5.4.1(1)), should take into
account all the aspects discussed above (non-linear material behaviour, 2™ order effects
and imperfections), aiming to achieve a good compromise between safety and simplicity
of the calculation procedures. Some of these aspects are discussed in the following
sections. Elastic 1% order analysis is the usual choice for most practitioners. However, in
many cases, it does not ensure results on the safe side. A number of simplified
procedures based on 1% order analysis were therefore developed to incorporate
non-linearities and imperfections (Simdes da Silva et al., 2013).

1.2.2.2 Structural stability of frames

Introduction

Steel structures are usually slender structures when compared to alternatives using other
materials. Instability phenomena are potentially present, so that it is normally necessary
to verify the global stability of the structure or of part of it. This verification leads to the
need to carry out a 2" order analysis, with the consideration of imperfections
(clause 5.2.2(2)). There is a multiplicity of ways to assess 2" order effects including
imperfections. In general terms and according to clause 5.2.2(3), the different
procedures can be categorized according to the following three methods (clause
5.2.2(3)):

o global analysis directly accounts for all imperfections (geometrical and
material) and all 2" order effects (method 1);

o global analysis partially accounts for imperfections (global structural
imperfections) and 2" order effects (global effects), while individual stability
checks on members (clause 6.3) intrinsically account for member
imperfections and local 2™ order effects (method 2);

11
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o in basic cases, individual stability checks of equivalent members (clause 6.3),
using appropriate buckling lengths corresponding to the global buckling mode
of the structure (method 3).

Normally, it is usual to sub-divide the 2" order effects into P-& effects for members and
P-A effects for the structure. P-§ effects correspond to the effects of the displacements
along the length of a member (see Figure 1.2), while P-A effects correspond to the
effects of the displacements at the ends of the members, also illustrated in Figure 1.2.

Figure 1.2 Typical displacements A and §

This subdivision helps to understand the three methods described above. In fact, both
the P-5 and the P-A effects can be approximately accounted for, through individual
verifications of the stability of equivalent members (method 3). However, especially with
respect to P-A effects, this method requires an accurate determination of the buckling
modes and the corresponding equivalent lengths, as well as a structural behaviour in
which the first buckling mode is dominant. It is therefore understandable that EC3 limits
the application of this method to simple cases. It must also be pointed out that, in this
method, imperfections are exclusively considered in the context of clause 6.3 in the
verification of the stability of members.

Method 1 is the most sophisticated method because the global analysis, commonly called
GMNIA (Geometrical and Material Non-linear Analysis with Imperfections), accounts for
the 2" order effects, as well as the global imperfections of the structure and local
imperfections of the members. According to clause 5.2.2(7), if 2" order effects in
individual members and relevant member imperfections are totally accounted for in the
global analysis of the structure, no individual stability check for the members according
to clause 6.3 is necessary. However, either because of its complexity, or for the volume
of work that it requires, this method still does not constitute the preferential option in
design.

Method 2 constitutes the usual design procedure. The P-§ effects and the local member
imperfections are incorporated in the normative expressions for the stability of members,
whereas the P-A effects are directly evaluated by global analysis and the global
imperfections are explicitly considered in the analysis of the structure. The individual
stability of members should be checked according to the relevant criteria in clause 6.3 for
the effects not included in the global analysis (clause 5.2.2(7)). This verification may be
based on a buckling length equal to the system length as a safe estimate, although the
non-sway buckling length may also be used.

2" order effects increase not only the displacements but also the internal forces, in
comparison to 1% order behaviour. It is thus necessary to assess if this increase is

12
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relevant and, if so, to calculate (exactly or approximately) the real forces and
displacements in the structure.

Usually, the sensitivity of a structure to 2" order effects is assessed indirectly using the
elastic critical load of the structure, F.,. This assessment must be done for each load
combination, through the ratio between the critical load and the corresponding applied
loading (F./Fss). EC3-1-1 requires the consideration of 2" order effects whenever
(clause 5.2.1(3)):

a, =F,/F, <10  (in elastic analysis); (1.4)

a, =F,/F; <15  (in plastic analysis). (1.5)

It is noted that a greater limit for «a. for plastic analysis is given because structural
behaviour may be significantly influenced by non-linear material properties in the
ultimate limit state (e.g. where a frame forms plastic hinges with moment redistribution
or where significant non-linear deformations arise from semi-rigid joints). EC3 allows
National Annexes to give a lower limit for « for certain types of frames where
substantiated by more accurate approaches.

The elastic critical load of the structure, F,, may be determined analytically, or
numerically, using commercial software. Alternatively, the critical loads can be calculated
using approximate methods (Simdes da Silva et al., 2013).

Second order analysis

The 2™ order analysis of structures invariably requires the use of computational
methods, including step-by-step or other iterative procedures (clause 5.2.2(4)).
Convergence of the results should be explicitly checked by imposing adequate error limits
on the geometrical non-linear calculations. Finally, the results should be compared with a
reference first order elastic analysis to ensure that the amplified internal forces and
displacements are within expected limits.

In order to allow quicker approaches, approximate methods have been developed which,
in many cases, estimate the exact results with acceptable error. Generically, the
approach is through a linear combination of buckling modes of the structure to provide
amplification methods of 1% order results (Simdes da Silva et al., 2013), typically
illustrated in the following equations for frames that are susceptible of instability in a
sway mode:

II I I 1 N I (16)
dll =(d'-d)+ 1-(1 dl.;
cr.AS
1 -1 (1.7)
M;;=(M’—M,§s)+£1— j Ml ;
acr.AS
I I I N I (18)
vap:(v _vAs)+{1—a j Vi
cr.AS
-1 1.9)
1 (
N;;:(NI_N;S){l_a J N,
cr.AS
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where index ap means approximate, index AS denotes the anti-symmetric “sway” mode,
d, M, V and N denote, respectively, displacement, bending moment, shear force and axial
force.

This procedure provides the general framework for several simplified methods to assess
2" order effects, allowing if necessary for the development of plasticity.

1.2.2.3 Imperfections

In steel structures, irrespective of the care taken in their execution, there are always
imperfections, such as: residual stresses, eccentricities in joints, eccentricities of load,
lack of verticality and lack of linearity in members (clause 5.3.1(1)). These imperfections
are responsible for the introduction of additional secondary forces that must be taken
into account in the global analysis and in the design of the structural elements. The type
and amplitude of all imperfections are bounded by the tolerances specified in the
execution standards (EN 1090-2, 2011).

According to EC3-1-1, the imperfections should be incorporated in the analysis preferably
in the form of equivalent geometric imperfections, with values which reflect the possible
effects of all types of imperfections (clause 5.3.1(2)). Unless these effects are already
included in the resistance formulae for member design, the following imperfections
should be taken into account: i) global imperfections of the frame and ii) local
imperfections of the members (clause 5.3.1(3)).

Imperfections for global analysis should be considered with the shape and direction that
lead to the most adverse effects. So, the assumed shape of global and local
imperfections may be derived from the elastic buckling mode of a structure in the plane
of buckling considered (clauses 5.3.2(1)). Account should be taken of both in-plane and
out-of-plane buckling including torsional buckling with symmetric and asymmetric
buckling shapes (clause 5.3.2(2)).

1.2.2.4 Classification of cross sections

The local buckling of cross sections affects their resistance and rotation capacity and
must be considered in design. The evaluation of the influence of local buckling of a cross
section on the resistance or ductility of a steel member is complex. Consequently, a
deemed-to-satisfy approach was developed in the form of cross section classes that
greatly simplify the problem.

According to clause 5.5.2(1), four classes of cross sections are defined, depending on
their rotation capacity and ability to form rotational plastic hinges:

o Class 1 cross sections are those which can form a plastic hinge with the
rotation capacity required from plastic analysis without reduction of the
resistance;

o Class 2 cross sections are those which can develop their plastic resistance
moment, but have limited rotation capacity because of local buckling;

o Class 3 cross sections are those in which the stress in the extreme
compression fibre of the steel member, assuming an elastic distribution of
stresses, can reach the yield strength. However, local buckling is liable to
prevent development of the plastic resistance moment;

o Class 4 cross sections are those in which local buckling will occur before the
attainment of yield stress in one or more parts of the cross section.

14
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The bending behaviour of members with cross sections of classes 1 to 4 is illustrated in
Figure 1.3, where My and M, are, respectively, the elastic moment and the plastic
moment of the cross section.

M A
/
/
Mpj |————— _//__ S _
// Class 2 Class 1
Mel I £ N
Class 3
Class 4
-
s

Figure 1.3 Cross section behaviour in bending

The classification of a cross section depends on the width to thickness ratio ¢/t of the
parts subjected to compression (clause 5.5.2(3)), the applied internal forces and the
steel grade. Parts subject to compression include every part of a cross section which is
either totally or partially in compression under the load combination considered
(clause 5.5.2(4)). The limiting values of the ratios ¢/t of the compressed parts are
indicated in Table 1.1, Table 1.2 and Table 1.3 that reproduce Table 5.2 of EC3-1-1. In
these tables, the various columns refer to the different types of stress distributions in
each part of the cross section (webs or flanges); the steel grade is taken into account
through the parameter ¢ = (235/f,)*>, where f, is the nominal yield strength.

The various compressed parts in a cross section (such as a web or flange) can, in
general, be in different classes (clause 5.5.2(5)). In general, a cross section is classified
according to the highest (least favourable) class of its compressed parts (clause
5.5.2(6)). For I or H cross sections and rectangular hollow sections, two types of
compressed parts are defined: internal compressed parts (classified according to
Table 1.1) and outstand flanges (classified according to Table 1.2); angles and tubular
sections are classified according to Table 1.3. A cross section which fails to satisfy the
limits for class 3 should be taken as class 4 (clause 5.5.2(8)).

EC3-1-1 envisages some exceptions to the general procedure for the classification of
cross sections described in the previous paragraph: i) cross sections with a class 3 web
and class 1 or 2 flanges may be classified as class 2 cross sections with an effective web
in accordance with 6.2.2.4 (clause 5.5.2(11)); ii) whenever the web is considered to
resist shear forces only and is assumed not to contribute to the bending and normal force
resistance of the cross section, the section may be designed as class 2, 3 or 4, depending
only on the flange class (clause 5.5.2(12)).

15
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Table 1.1 Maximum width-to-thickness ratios for internal compression parts

Internal compression parts
N iE £ ]
—a— ] ]
et e {___‘%_ i
| B Lo
Class Part Part subjected Part subjected to bending and
subjected to to compression
bending compression
Stress - ! f
distribution * 1‘: + 10 + li[
(o]
(compression fL — -
+Ve) ' f’ 1'!
if >0,5, ¢/t < ‘;9651
1 c/t<72¢ c/t<33¢ “
if «<0,5, c/t <>0¢
(04
if @>0,5, c/t < ‘;56‘91
2 c/t <83¢ c/t <38¢ “
if 0<0,5, ¢/t < 312%
o
Stress _—_—{’ f .
distribution Y, _{ o I
c + [ G
(compression /- 1¥?]
+ve) ,
R A
I + I
3 c/t<124¢ c/t<42¢
if w<-17,
c/t<62s(1-%)(-¥)
¢ = [235/F |fy (N/mm?) 235 275 355 420 460
y
£ 1,00 0,92 0,81 0,75 0,71

*) ¥ < -1 applies where either the compression stress o < fy or the tensile strain ¢, > fy/E .
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Table 1.2 Maximum width-to-thickness ratios of outstand flanges

-

<
t

Rolled sections

Outstand flanges

i
t1

74—\
HF?

Welded sections

Part subjected

Part subjected to bending and compression

Class :
to compression Tip in compression Tip in tension
Stress ac ac
distribution +
(compression %Lﬂ . NE
+ve) P f—C
9¢ 9¢
c/t<9 <z° c/t<
1 / & c/t » e
10
2 c/t<10¢ c/tslo—g c/t<—%
[94 a\/a
Stress
distribution

(compression

+ve)
c/t<21e.k
3 c/t<14e / \/7“
For k, see EN 1993-1-5
f, (N/mm?) 275 355 420 460
£=.235/f,
£ 1,00 0,92 0,81 0,75 0,71
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According to EC3-1-1, the classification of a cross section is based on its maximum
resistance to the type of applied internal forces, independent from their values. This
procedure is straightforward to apply for cross sections subject to compression forces or
bending moment, acting separately. However, in the case of bending and axial force,
there is a range of M-N values that correspond to the ultimate resistance of the cross
section. Consequently, there are several values of the parameter « (limit for classes 1
and 2) or the parameter y (limit for class 3), both being dependent on the position of the
neutral axis. Bearing in mind this additional complexity, simplified procedures are often
adopted, such as: i) to consider the cross section subjected to compression only, being




Design of steel structures

L. Simdes da Silva and R. Simbes

the most unfavourable situation (too conservative in some cases); or ii) to classify the
cross section based on an estimate of the position of the neutral axis based on the
applied internal forces. Example 6 (section 1.3.5) uses an alternative approach for the
classification of cross sections submitted to a combination of axial force and bending
moment (Greiner et al., 2011).

Rolled sections of usual dimensions (HEA, HEB, IPE, etc.) belong, in general, to classes 1,
2 or 3. Class 4 cross sections are typical of plate girders and cold-formed sections. Class
4 cross sections are characterized by local buckling phenomena, preventing the cross
section from reaching its elastic resistance.

Table 1.3 Maximum width-to-thickness ratios of angles and tubular sections

Angles
Does not apply to angles in

h
See also Table 1.2 continuous contact with other
t jb components

Class Section in compression

Stress distribution

f
(compression
+ve)

3 h/t<15¢: b;thsn,sg
Tubular sections
Or
Class Section in bending and/or compression

1 d/t<50¢

2 d/t<70&

d/t<90¢

’ NOTE: For d /t >90&” see EN 1993-1-6
f, (N/mm?) 235 275 355 420 460
e=235/f, p 1,00 0,92 0,81 | 0,75 0,71
e? 1,00 0,85 0,66 0,56 0,51
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1.2.3 Case-study building - elastic design of a braced steel framed building

1.2.3.1 Introduction

The building analysed in this case-study (Example 1) is based in the steel-framed
structure shown in Figure 1.4, a building used as a test facility and erected at Cardington
(UK), in 1993. The structure was designed as a typical modern multi-storey office
building.

Figure 1.4 Side elevation view

The building has an area of 21 m by 45 m and a total height of 33 m. Along the length,
there are 5 bays, each 9 m long. Across the width there are 3 bays of 6 m, 9 m and 6 m.
The building has 8 storeys. The height of the first storey is 4,335 m from the ground floor
to the top-of-steel height. All the other storeys have a height of 4,135 m from
top-of-steel to top-of-steel.

On the south elevation there is a two storey ground floor atrium, 9 m x 8 m. At each side
of the building there is a 4 m x 4,5 m void, to provide fireman’s access and an escape
stairwell. Additionally, on the west side, there is another 4 m x 2 m void, for a goods lift.
In the middle of the building there’s a central lift core, 9 m x 2,5 m. Figure 1.5
represents the typical floor plan of the building. All slabs are lightweight composite slabs
with a thickness of 130 mm.
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Figure 1.5 Plan of the 3™ to 7*" floor

1.2.3.2 Description of the structure

The structure is designed as a braced frame with lateral restraint provided by cross
bracing of flat steel plates, around the three vertical access shafts. Figure 1.6, Figure 1.7
and Figure 1.8 and Table 1.4, Table 1.5 and Table 1.6 represent the various structural
floor plans and the geometry of the beams.

® ®
QO © 9 0 0 0

6,00 m
4,50 m
- - I S
@ - - - 2,50 m
@ i 12,00 m
2 o
6,00 m
(D +— 2 |
4,00 gw 4,50 m 4,50 m 4,00m

Figure 1.6 Plan of the 1% floor
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Table 1.4 Geometric characteristics of the beams (1% floor)

Beams Cross- Steel
section grade
Al -F1, A4 - F4 IPE 400 S 355
Al - A4, B1 - B2, B3 - B4, C2a - C4, D2a - IPE 400 S 355
D4, E1 - E2, E3 - E4, F1 - F4
Cl - C2a, D1 - D2a IPE 600 S 355
B2 - B3, E2 - E3 IPE 600 S 355
A2 - B2, A2a - A'2a, A2b - A'2b, A3 - A'3, IPE 400 S 355
A2 -A’3
E'2a - E'3, E'2b - F2b, E'3 - F3 IPE 400 S 355
C2a - D2a, C2b - D2b, C3 - D3 IPE 400 S 355
All others secondary beams IPE 360 S 355

® o & e O

©
®

6,00 m
F E = 9,00 m

©,
6,00 m

©,

9,00 m 9,00 m 9,00 m 9,00 m 9,00 m

Figure 1.7 Plan of the 2" floor

Table 1.5 Geometric characteristics of the beams (2" floor)

Beams Cross- Steel
section grade
Al - F1, Ad -F4 IPE 400 S 355
Al - A4, B1 - B2, B3 - B4, C2a - C4, D2a - IPE 400 S 355
D4, E1 -E2,E3 -E4,F1-F4
Cl - C2a, D1 - D2a 2 x HEA 700 S 355
B2 - B3, E2 - E3 IPE 600 S 355
A2 - B2, A2a - A'2a, A2b - A’2b, A3 - A’3, IPE 400 S 355
A2 -A’3
E'2a - E'3, E’2b - F2b, E'3 - F3 IPE 400 S 355
C2a - D2a, C2b - D2b, C3 - D3 IPE 400 S 355
All others secondary beams IPE 360 S 355
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Figure 1.8 Plan of the 8" floor

Table 1.6 Geometric characteristics of the beams (3™ to 8" floor)

Beams Cross- Steel
section grade
Al - F1, A4 -F4 IPE 400 S 355
Al - A4, B1 - B2, B3 - B4, C1 - C4, D1 - IPE 400 S 355
D4, E1 -E2,E3-E4,F1 -F4
B2 - B3, E2 - E3 IPE 600 S 355
A2 - B2, A2a - A'2a, A2b - A’2b, A3 - A’3, IPE 400 S 355
A2 -A'3
E'2a - E'3, E'2b - F2b, E’'3 - F3 IPE 400 S 355
C2a - D2a, C2b - D2b, C3 - D3 IPE 400 S 355
All others secondary beams IPE 360 S 355

Table 1.7 details the geometrical characteristics of the columns (S 355).

Table 1.7 Geometric characteristics of the columns

Columns Ground floor - | 2" floor — | 5™ floor —
2" floor 5t floor 8™ floor
B2, C2, D2, E2, C2b,
C'2b, D2b, B3, C3, HEB 340 HEB 320 HEB 260
D3, E3
Ground floor - | 4™ floor - [
4% floor 8% floor /
B1, C1, D1, E1, A2,
F2, A3, F3, B4, C4,
D4, E4, A'2a, A2b, HEB 320 HEB 260
A’3, E'2a, F2b, E'3
Ground floor - /
8% floor
A1, A4, F1, F4 HEB 260 Z
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1.2.3.3 General safety criteria, actions and combinations of actions

General safety criteria

Actions are classified, according to EN 1990, by their variation in time as: i) permanent
actions (G) (e.g. self-weight), ii) variable actions (Q) (e.g. imposed loads on buildings
floors, wind loads, snow loads) and iii) accidental actions (A) (e.g. explosions).

The actions considered in this design example are described in the following paragraphs.
All actions are quantified according to the relevant parts of EN 1991-1. In addition, the
recommended values are always adopted whenever the specific choice is left to the
National Annexes.

Permanent actions

The permanent actions include the self-weight of the structural elements and also the
non-structural elements, such as coverings, partitions, thermal insulation, etc.

The self-weight of the structural elements includes the weight of the steel structure
(78,5 kN/m?) and the self-weight of a lightweight concrete slab (12,5 kN/m?) with a
constant thickness of 130 mm.

Imposed loads

The characteristic value of the imposed load depends of the category of the loaded area
of the building. For an office building and according to Table 6.1 of EN 1991-1-1 (2002),
the category of the loaded area is B, the corresponding characteristic values being given
by: g« = 2,0 to 3,0 kN/m? and Q, = 1,5 to 4,5 kN. g is intended for the determination of
global effects and Qy for local effects. According to EN 1991-1-1, the characteristic value
of the imposed load is given by the National Annexes; however, the recommended values
are underlined.

Accessible roofs with occupancy according to category B are categorized according to
clause 6.3.4.1 (Table 6.9 of EN 1991-1-1) as category I. In this case, the imposed load
for the roof is given in Table 6.2 for the category of loaded area B: g, = 2,0 to 3,0 kN/m?
and Q= 1,5 to 4,5 kN.

In buildings with fixed partitions, their self-weight should be taken into account as a
permanent load. In the case of movable partitions, and provided that the floor allows for
lateral distribution of loads, their self-weight may be taken into account as a uniformly
distributed load, g, that must be added to the imposed load on the floor
(clause 6.3.1.2 (8) of EN 1991-1-1). In this design example, the partition walls were
considered to be movable with a self-weight less than 1 kN/m per wall length, so that the
value of the corresponding uniformly distributed load is 0,5 kN/m? (clause 6.3.1.2(8) of
EN 1991-1-1).

Wind actions
i) Wind forces

The quantification of the wind actions on the building follows EN 1991-1-4 (2005). Two
main directions are assumed for the wind: 6 = 0° and 6 = 90°. According to
clause 5.3(3), the wind forces are calculated by the vectorial summation of the external
forces, F,,., and the internal forces, F, , given by Eqns. (1.10) and (1.11), respectively:

Fw,e = Cst z We Aref; (110)

surfaces
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Fw,i= Z WiAref’ (111)

surfaces

where c.cy is the structural factor, A, is the reference area of the individual surfaces,
and w. and w; are the external and internal pressures on the individual surfaces at
reference heights z. and z;, respectively for external and internal pressures, given by
Eqgns. (1.12) and (1.13),

w, =q,(2.)C,. ; (1.12)

w; :qp(zi)cpjl (1.13)

gn(z) is the peak velocity pressure, and c,. and ¢, are the pressure coefficients for the
external and internal pressures, respectively.

The structural factor csc, is defined in clause 6.1(1). For multi-storey steel buildings with
rectangular plan layout and vertical external walls, with regular distribution of stiffness
and mass, the structural factor, c.c,, may be taken from Annex D of EN 1991-1-4. For
h=33mandb =21 m (6 =09), cc, = 0,95, and for b = 45 m (6 = 909), c.c, = 0,89.

if) Calculation of reference height

The reference heights, z., for vertical windward walls of rectangular plan buildings
(see Figure 1.9 and Figure 1.10) depend on the aspect ratio h/b and are always the
upper heights of the different parts of the walls (clause 7.2.2(1)). For 8 = 0° (see
Figure 1.11), b =21 m < h = 33 m < 2b = 42 m, therefore the height of the building
may be considered in two parts, comprising a lower part extending upwards from the
ground to a height equal to b and an upper part consisting of the remainder. The
resulting shape of the velocity pressure profile is shown in see Figure 1.9.

, b
ze=h i > 46(2) = Go(h)
Ze = b :
h ~| agp(2) = qu(b)
b >
o i o e e e e i ,-ﬁ;/ﬁ%

Figure 1.9 Velocity pressure distribution on face D (6= 0°)

b
3 ge(2) = gp(ze)
Ze = h A - >
h >
A, e m

Figure 1.10 Velocity pressure distribution on face D (4 = 90°)
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For 8 = 90° (see Figure 1.12), h = 33 m < b = 45 m, and the shape of the velocity
pressure profile is shown in Figure 1.10 and should be considered to be one part.

For the determination of the velocity pressure distribution for the leeward wall and
sidewalls (faces A, B, C and E) the reference height may be taken as the height of the
building.

ifi) Calculation of external and internal pressure coefficients

External and internal pressure coefficients are determined according to clause 7.2 of
EN 1991-1-4. Internal and external pressures shall be considered to act at the same time
(clause 7.2.9). The worst combination of external and internal pressures shall be
considered.

According to clause 7.2.2(2), the facades are divided in different pressure zones, defined
as a function of e, where e is the lesser of b or 2h. For wind direction 6 = 0° (see
Figure 1.11):

e=min (21; 66) =21 m<d=45m
and for wind direction 6 = 90° (see Figure 1.12):
e =min (45; 66) =45m >d =21 m.

d d )
e/5‘ 4/5 e d-e |
6= 0°
— D¥ = E|lb— A B C h
L —
A I ez

Figure 1.11 Pressure zones for wind direction 4 = 0°

d
E e/5 d-e/5
:'—: ¥ : d —| A B h
T Z 2
D
T 6= 90°

Figure 1.12 Pressure zones for wind direction ¢ = 90°

The resulting external pressure coefficients, c,., for zones A, B, C, D and E are obtained
from Table 7.1 of EN 1991-1-4 and are represented in Table 1.8.

Table 1.8 External pressure coefficients c,.

zone A B C D E
0= 0° h/d = 0,73 -1,20 -0,80 -0,50 +0,76 -0,43
0 = 90° h/d = 1,57 -1,20 -0,80 - +0,80 -0,53
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According to clause 7.2.2(3), the lack of correlation of wind pressures between the
windward and leeward sides may be taken into account by multiplying the resulting force
by a factor, f, that depends on the relation h/d for each case. Therefore, by linear
interpolation between f = 1,0 for h/d = 5 and f = 0,85 for h/d < 1, the following factors
are obtained: for 6 = 0°, f = 0,84, and for 8 = 909, f = 0,87.

The internal pressure coefficients, c,;, depend on the size and distribution of the openings
in the building envelope. For buildings without a dominant face and where it is not
possible to determine the number of openings, then ¢, should be taken as the more
onerous of +0,2 and -0,3.

Considering the values for external pressure coefficients from Table 1.8, the external and
internal pressure coefficients are represented in Figure 1.13a and b, respectively, for
6 = 0° and 6 = 909, according to the worst case for each face of the building.

10,50 10,46(*)

T1,20 10,80

To20, o0 + . foz0 I "o I
) 20 , 0,80 | 0,20 ’ 0,201 0,80
. ' ' i —
0,64M[} 0,20 ' 0,20 | 0,36 | \
—pe! . —— » -
] . 01 ] Petr——tre—————— e e — ]
N : : 1,20 £.0,20 0,204 1,20
X < —>—
id,zo jo20 020 } 020
11,20 10,80 10,50 10,70”
a) =00 b) 6= 900

Figure 1.13 External and internal coefficients

(*) the values for faces D and E are obtained by multiplying the external coefficient by
f=0,84for6 =0°andf= 0,87 for 8 = 900°.

iv) Calculation of the peak velocity pressure g,(z)

The peak velocity pressure g,(z), at height z, is given by the following equation
(clause 4.5 of EN 1991-1-4):

9,2 = [1+71(2)]5pVi(D) - .23, (1.14)

where I,(z) is the turbulence intensity, p is the air density, v,(z) is the mean wind
velocity, c.(z) is the exposure factor and g, is the basic velocity pressure. Both options in
Egn. (1.14) may be used to calculate the peak velocity pressure. In this design example
only the first will be applied, because EN 1991-1-4 only provides one graph for a limited
range of cases for the direct determination of the exposure factor.

The air density p depends on the altitude, temperature and barometric pressure to be
expected in the region during wind storms. EN 1991-1-4 recommends the value
1,25 kg/m?.

v) Calculation of mean wind velocity (v,,)

The mean wind velocity is given by (clause 4.3.1 of EN 1991-1-4),

v.(2) =c.(2)c,(2)v,, (1.15)
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where ¢, (z) is the roughness factor and c,(z) is the orography factor, taken as 1,0 unless
otherwise specified in clause 4.3.3, and v, is the basic wind velocity. The roughness
factor is specified in clause 4.3.2 and is given by:

z
Cr(Z):krln(z_ojczmin SZS2Z, (1.16)
C,,(Z) = Cr(zmin) —=Z< Zmin ’

Zmax May be taken as 200, z,,;, is the minimum height, z, is the roughness length, both
defined in Table 4.1 of EN 1991-1-4 as a function of the terrain category, and k, is the
terrain factor, depending on the roughness length z, and given by:

k,:0,19( Zo J (1.17)

Zo11

where z, ;= 0,05 m. The basic wind velocity v, is calculated from (clause 4.2):

% (1.18)

b= Cdir Cseason Vb,O !

where ¢y and Cseason are directional and seasonal factors, respectively, which may be
given by the National Annexes. The recommended value, for each case, is 1. The
fundamental value of the basic wind velocity, v,, is also given in the National Annexes
as a function of the regional wind maps. Assuming v, = 30 m/s, then v, = v, 0= 30 m/s.

Assuming a terrain of category II (i.e., area with low vegetation and isolated obstacles),
from Table 4.1 of EN 1991-1-4, z, = zo; = 0,05 and z;,,, = 2 m, thus k. = 0,19. From
Egn. (1.16), with z,;, < Z = 33 < Zpax,

¢ (z=33)=0,19-In[ >3
0,0

I

j=1,23
5

and from Egn. (1.15),
v,(z2=33)=1,23-1,00-30=36,9m/s.
For zmin < 2 = 21 < Zmax,

¢, (z=21)=0,19-In 21
0,0

A

j=1,15
5

and from Eqn. (1.15),

v, (z=21)=1,15-1,00-30 = 34,5m/s.

vi) Calculation of turbulence intensity (I,)

The turbulence intensity is given by (clause 4.4(1) of EN 1991-1-4):

I, =#szin <z<2z,.
co(z)ln[zj (1.19)
ZO
Iv = Iv(zmin) —=Z< Zmin !

where k; is the turbulence factor.
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The recommended value for k; is 1,0, thus for z,,;, < Z = 33 < Zpax,
1,0

1,0-In
[o5)

and for Zmin < Z=21< Zmaxr
1,0

T (21
1,0-In
(0,05]

Finally, from Egn. (1.14), forz =33 mand z = 21 m:

I =0,15,

I -0,17.

q,(z=33)=[1+7-0,15]-=-1,25-36,9 = 1744, 56 N/m? = 1, 74kN/m".

q,(z=21)=[1+7-0,17]-=-1,25-34,5* = 1629,16 N/m? = 1, 63kN/m>.

Nl= N~

vii) Calculation of external and internal pressures

The external and internal pressures are obtained from Eqns. (1.12) and (1.13) are
indicated in Table 1.9. Note that external pressures are already multiplied by the
structural factor, c.c,, from Egn. (1.10). In Figure 1.14 and Figure 1.15 the resulting
values are represented for 6 = 0° and 6 = 90°.

Table 1.9 External and internal pressures

D
A B ¢ z<21| z>21 E
9= 0° CsCq We -198 | -1,32 | -0,83 | +0,99 | +1,06 -0,60
w; +0,35 | +0,35 | +0,35| +0,33 | +0,35 | +0,35
b og0 | CCaWe | -185]-124 ] - +1,08 -0,71
w; +0,35 | +0,35 - +0,35 +0,35
2,33 1,67 1,18
i i
3! :
0,71 (z>21m) : : 0,95
—»1 D - E-—>
0,64 (z<21m) i "
W |
| |
A : B : C
12,33 l1,67 V118
4,20/m 16,80 m | 24,00 m :

Figure 1.14 Wind pressures (kN/m?) on walls, 8 = 0°
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Figure 1.15 Wind pressures (kN/m?) on walls, 9 = 90°

Summary of basis actions

The resulting actions for this design example are summarized in Table 1.10.

Table 1.10 Summary of actions

Action no. Description Type Value
LC1 Self-weight of Permanent varies
structural elements action
LC2 Imposed load on office | Variable action | gi! = 3,0 kN/m?
buildings (Cat. B)
LC3 Movable partitions Variable action | g = 0,5 kN/m?
LC4 Wind direction 8 = 0° Variable action | varies (see
Figure 1.14)
LC5 Wind direction 8 = 90° Variable action | varies (see
Figure 1.15)

Frame imperfections

Frame

imperfections are considered as equivalent horizontal

loads,

clause 5.3.2 of EC3-1-1. Thus, global initial sway imperfections are given by:

¢:¢Oahaml

where: ¢ = 1/200 ;

an is the reduction factor for height h, given by «, = 2/\/5 but 2/3<¢, <1,0;

h is the height of the structure (in meters);

am is the reduction factor for the number of columns in a row, given by:

o = 0,5(1+ij;
m

and m is the number of columns in a row.

Hence, for this structure, h = 33 m and « = 0,67. The number of columns changes
according to the frame considered. In Table 1.11, the initial imperfection (¢) for each

frame is presented.
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Table 1.11 Initial imperfections

Frame m 1)
A 7 0,00253
B 4 0,00265
C 5.5 |0,00258
) 5.5 | 0,00258
E 4 0,00265
F 7 0,00253
1 6 0,00256
2 8 0,00251
2b 5 0,00259
3 8 0,00251
4 6 0,00256

The equivalent horizontal load at each floor is given by:

e =Vea 84 (1.21)

where Vg, is the total design vertical load in each floor. The design vertical load in each
floor is given by LC1 and LC2 + LC3. The relevant values, in each direction, are listed in
Table 1.12 and Table 1.13. These values are added to the relevant combinations.

Table 1.12 Equivalent horizontal forces in transversal frames

Frame kN | 1%tfloor | 2" floor | 3™ - 7" floor | 8™ floor
L1 Veq 165,1 218,1 206,8 214,8
A Hea 0,42 0,55 0,52 0,54
Ved 208,7 269,2 264,9 241,2
LC2+LC3
Heq 0,53 0,68 0,67 0,61
L1 Veq 406,9 387,8 373,4 390,6
B Heq 1,08 1,03 0,99 1,04
LC24LC3 Veq 682,6 648,4 636,3 511,5
Hea 1,81 1,72 1,69 1,36
L1 Ved 254,4 412,3 373,2 401,4
C Heq 0,66 1,06 0,96 1,04
VEed 355,4 582,5 540,9 477 ,4
LC2+LC3
Heq 0,92 1,50 1,40 1,23
L1 Veq 254,4 412,3 362,3 401,3
b Heq 0,66 1,06 0,93 1,05
v,
LC24LC3 Ed 355,2 582,2 563,6 476,9
Heq 0,92 1,50 1,45 1,23
L1 Veq 406,6 388,1 374,0 391,6
E Heq 1,08 1,03 0,99 1,04
LC24LC3 Veq 682,9 649,8 638,4 514,5
Heq 1,81 1,72 1,69 1,36
L1 Veq 179,5 228,9 217,0 224,6
E Heq 0,45 0,58 0,55 0,57
V
LC24+1C3 Ed 238,2 299,7 294,1 265,1
Heq 0,60 0,76 0,74 0,67
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According to clause 5.3.2(8), the initial sway imperfections should be applied in all
relevant horizontal directions, but they need only be considered in one direction at a
time.

Table 1.13 Equivalent horizontal forces in longitudinal frames

Frame kN | 1%tfloor | 2"floor | 3™ - 7™ floor | 8% floor
L1 VEed 265,1 560,6 301,7 314,6
1 Heqg 0,68 1,44 0,77 0,81
LCI+LC3 VEeq 383,2 832,1 474,9 400,9
Heq 0,98 2,13 1,22 1,03
L1 Veq 554,4 506,4 553,9 629,9
5 Heqg 1,39 1,27 1,39 1,58
Ve 833,7 757,1 914,2 810,5
e+ = T 2,00 1,90 2,29 2,03
L1 Veq 98,1 121,0 227,3 200,6
% Heq 0,25 0,31 0,59 0,52
Lcoalcs | Ve | 117,7 120,8 295,9 212,8
Heq 0,30 0,31 0,77 0,55
L1 Veq 454,7 558,2 514,1 567,3
3 Heq 1,14 1,40 1,29 1,42
LC2+LC3 Veg 726,0 852,3 806,2 667,5
Heg 1,82 2,14 2,02 1,68
L1 Veg 294,6 301,5 298,6 311,8
4 Heq 0,75 0,77 0,76 0,80
Veq 462,2 469,7 470,0 394,8
LC2+LC3 Heq 1,18 1,20 1,20 1,01

Load combinations

The rules and methods for the definition of the load combination are given in Annex Al of

EN 1990.

The recommended values of the reduction factors y for the actions considered are

indicated in Table 1.14 according to clause A1.2.2.

Thus, the following load combinations are considered for the Ultimate Limit State (ULS)

Table 1.14 Reduction factors y

Type of action o w1 v
Imposed load in buildings: category B 0,7 0,5 0,3
Wind loads on buildings 0,6 0,2 0,0

of resistance:

i) Combination 1

Es,1 =1,35LC1 + 1,5[(LC2 + LC3) + 0,6 LC4].
i) Combination 2
E,2 =1,35LC1 + 1,5 [(LC2 + LC3) + 0,6 LC5].
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ifli) Combination 3

E,3=1,00LC1 + 1,5 LC4.

iv) Combination 4

E/4=1,00LC1+ 1,5LC5.

v) Combination 5

E,5=135LC1 + 1,5[LC4 + 0,7 (LC2 + LC3)].
vi) Combination 6

Es6 = 1,35LC1 + 1,5 [LC5 + 0,7 (LC2 + LC3)].

Other combinations for ULS may have been considered, however, they were not critical
for the structure.

Regarding the serviceability limit states, limits for vertical deflections and sway are
considered under the frequent values of the load combinations, considering a reversible
limit state (Annex Al of EN 1990):

i) Combination 7

E4s7 = 1,00 LC1 + 0,5 (LC2 + LC3).

ii) Combination 8

E,8 = 1,00 LC1 + 0,2 LC4.

iii) Combination 9

E,9 =1,00 LC1 + 0,2 LC5.

iv) Combination 10

E,s10 = 1,00 LC1 + 0,2 LC4 + 0,3 (LC2 + LC3).
v) Combination 11

Es11 =1,00 LC1 + 0,2 LC5 + 0,3 (LC2 + LC3).

Additional load combinations should be considered for accidental design situations such
as fire. Load combinations 12 to 14 are required for the fire design of the structure
(Franssen and Vila Real, 2010), using the frequent value for the dominant variable
action:

i) Combination 12

Es12 = LC1 + 0,5 (LC2 + LC3).

if) Combination 13

Es13 =LC1 + 0,2 x LC4 + 0,3 (LC2 + LC3).
iili) Combination 14

E,s14 = LC1 + 0,2 LC5 + 0,3 (LC2 + LC3).

Load arrangements

According to clause 6.2.1(1) of EN 1991-1-1, for the design of a floor structure within
one storey or a roof, the imposed load shall be taken into account as a free action
applied at the most unfavourable part of the influence area of the action effects
considered. Figure 1.16 represents the most unfavourable load arrangement for the
imposed loads.

The distribution of the load to the secondary beams is represented in Figure 1.17.
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o
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Figure 1.17 Load distribution in the secondary beams

For the design of the columns or the walls, loaded by several storeys, the total imposed
loads on the floor of each storey should be assumed to be distributed uniformly over the
whole floor area, but the total value may be reduced by a factor «, according to the
following expression (clause 6.3.1.2(11) of EN 1991-1-1)

05,7:2+(n,;2) WO:2+(8—82)-0,70:017755, (1.22)

where n is the number of storeys (>2) and y, is given according to Annex Al
(Table A1.1) of EN 1990.

1.2.3.4 Structural analysis

Structural modelling

The structural model for the analysis is a 3D model, represented in Figure 1.18. All steel
elements (columns, bracing elements and beams) are defined by beam elements. The
main direction of the structure is in plane zy. Beams in plane zy are rigidly connected to
the steel columns. Beams in plane zx are hinged at both ends. Elements defining the
bracing system are also hinged at both ends.
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Although the steelwork is the main supporting structure, the concrete slab has a strong
influence on the global stiffness of the structure.

There are several ways of modelling the concrete slab. If the software allows the use of
shell elements together with beam elements, then the slab can be modelled by those
elements. However, proper attention needs to be given to the real behaviour of the
composite structure; whether or not composite action arises through connection of the
slab to the steel beams. If there is no composite action then the slab can be modelled by
a horizontal bracing system, using beam elements connecting the mnain columns. The
cross section of these elements needs to be equivalent to the stiffness provided by the
real concrete slab. This simplified procedure was adopted in the example.

Iy
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Figure 1.18 3D structural model

Linear elastic analysis

The linear elastic analysis was performed with a commercial structural analysis program
and the internal forces and moments were determined.

Susceptibility to 2" order effects: elastic critical loads

For design purposes, the internal forces and moments should be determined using a
2"4 order analysis if relevant. Thus, the classification of the structure must be checked
first. This is done by computing the elastic critical load factor (a.). Second-order effects

must be considered whenever o, < 10.

Numerical calculation of .

In Table 1.15, the values of the first 5 elastic critical loads factors o are indicated for
each combination.

For combinations 1, 2, 5 and 6 the values of o, are smaller than 10. According to
clause 5.2.1 of EC3-1-1, the frame requires a second-order analysis for load
combinations 1, 2, 5 and 6. As a result, the 2" order sway effects must be taken into
consideration in the design and analysis. Moreover, combinations 1, 2 and 6 exhibit more
than one buckling mode with a critical load factor lower than 10.
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Figure 1.19 represents the 1st buckling mode for combination 1. The first buckling mode
is clearly a local bucking mode. The same happens to the other critical load factors
indicated in Table 1.15, although not represented graphically. This indicates that the
structure is not very susceptible to 2" order effects. Nevertheless, a 2" order elastic
analysis is performed to prove this statement.

Table 1.15 Elastic critical load factors

1 2 3 4 5
Olcr Olcr Olcr Olcr Olcr

Combination 1 7,96 8,22 8,28 8,40 8,67
Combination 2 8,01 8,08 8,48 8,57 8,66
Combination 3 | 21,11 | 25,15 | 28,28 | 28,62 | 29,38
Combination 4 | 13,14 14,21 18,56 | 18,84 19,98
Combination 5 9,87 10,16 | 10,23 | 10,39 | 10,62
Combination 6 8,58 9,37 10,07 | 10,14 | 10,17

Figure 1.19 1% buckling mode for combination 1 - frontal view

Second order elastic analysis

Second order effects are calculated by a numerical analysis. In Table 1.16, the results
obtained for load combination 1, using a 1% order and a 2" order numerical analysis, are
compared for column E1l. For the bending moments, the moments at both ends of the
elements are indicated.

The same comparison in made for beam E1 to E4 in 4" floor, and the results are
indicated in Table 1.17.

Table 1.16 and Table 1.17 show that 2™ order effects are indeed negligible.

35



Design of steel structures

L. Simdes da Silva and R. Simbes

Table 1.16 Comparative results for column E1 (combination 1)

15t Order 2"4 Order

Meg (KNm) | Neg (KN) | Meg (kNm) A (%) Neg (KN) | A (%)
1% floor 25/14 1699 25/11 0/-21,4 1704 +0,3
2" floor 62/47 1492 74/55 19,4/17,0 1496 +0,3
3" floor 69/28 1261 69/29 0/3,6 1262 +0,1
4™ floor 51/25 1052 54/28 5,9/12,0 1053 +0,1
5™ floor 53/27 841 56/29 5,7/7,4 841 0
6™ floor 54/29 630 57/32 5,6/10,3 630 0
7" floor 55/26 417 59/30 7,3/15,4 417 0
8™ floor 69/63 201 72/66 4,3/4,8 201 0

Table 1.17 Comparative results for beam E1 to E4 (combination 1)

1% Order 2" Order
Meg (KNM) | New(KN) | Mea(KNm) | A(%) | New(kN) | 4 (%)
E1-E2 +114/-106 61 +114/-111 0/4,7 39 -36,1
E2-E3 +168/-269 155 +163/-256 | -3,0/-4,8 139 -10,3
E3-E4 +113/-105 61 +114/-110 0,9/4,8 50 -18,0

1.3 Design of members

1.3.1 Introduction

This chapter contains the normative design rules and worked examples, in accordance
with EC3-1-1, concerning the design of steel members. In general, the design of a steel
member, for the various combinations of internal forces, is performed in two steps
(Simdes da Silva et al., 2013): i) cross section resistance and ii) member resistance.

1.3.1.1 Cross section resistance

The resistance of cross sections depends on their classes - class 1, 2, 3 or 4 in
accordance with clause 6.2.1(3) of EC3-1-1. Cross section classes 1 and 2 reach their full
plastic resistance, while class 3 cross sections only reach their elastic resistance. Class 4
cross sections are not able to reach their elastic resistance because of local buckling and
they are outside the scope of the present chapter.

An elastic verification according to the elastic resistance may be carried out for all cross
sectional classes provided that the effective cross sectional properties are used for the
verification of class 4 cross sections (clause 6.2.1(4)). In the most general case and as a
conservative approach, where local longitudinal, transverse and shear stresses coexist at
the critical point of the cross section, the following yield criterion may be used in the
context of an elastic verification (clause 6.2.1(5)).
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2 2 2
{ Oy Ed J +{ O ,Ed J _{ O Ed J{ O ,Ed J+3[ Ted ] <1,0, (1.23)
fy/yMO fy/7M0 fy/7M0 fy/7M0 fy/yMO
where oy g4 is the design value of the local longitudinal stress, oy ey is the design value of

the local transverse stress and z, is the design value of the local shear stress, all values
at the point of consideration.

Another conservative approach (although less conservative than the previous), applicable
to all cross section classes, consists in a linear summation of the utilization ratios for
each stress resultant. For class 1, class 2 or class 3 cross sections subjected to a
combination of Ngy, My e and M, gq this method may be applied by using the following
criterion (clause 6.2.1(7)):

N (1.24)

N

M
Ed Eq
rEd | _2E <40,
y,Rd z,Rd

Ed

+
M

Rd

where Ngqg, M, rs and M, r4 are the corresponding resistances.

Both previous approaches are in general conservative. Therefore it should only be
performed where the interaction of on the basis of resistances Ngry, Mr4, Vra cannot be
performed.

The properties of the gross cross section should be determined using the nominal
dimensions. Holes for fasteners need not be deducted, but allowance should be made for
larger openings.

Because of the existence of holes and other openings in tension zones (e.g. in bolted
joints of tension members), it is necessary to define the net area of a cross section.
Generally, it is defined as its gross area less appropriate deductions for all holes and
other openings (clause 6.2.2.2(1)). For calculating net section properties, the deduction
for a single fastener hole should be the gross cross sectional area of the hole in the plane
of its axis (see Figure 1.20). For countersunk holes, appropriate allowance should be
made for the countersunk portion (clause 6.2.2.2(2)).

Figure 1.20 Net section

Cross sections with a class 3 web and flanges with class 1 or 2 may be classified and
designed as class 2, considering a reduced effective area for the web. The effective area
is obtained according to Figure 1.21 and the following iterative procedure: by replacing
the portion of the web in compression by a part of 20¢t, adjacent to the compression
flange and another equal part adjacent to the plastic neutral axis of the effective cross
section. Iteration results from the definition of the neutral axis as being that of the
effective section (Figure 1.21).
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1 - compression; 2 - tension; 3 - plastic neutral axis; 4 - neglected part

Figure 1.21 Effective class 2 web

1.3.1.2 Member resistance

In addition to verification of the cross section resistance, the assessment of the
resistance of members - columns, beams and beam-columns, subject to instability
phenomena must also be checked, according to clauses 6.3 and 6.4. The buckling
phenomenon depends on the presence of compressive stresses and therefore it must be
checked for all members subjected to axial compression, bending moment or a
combination of both. Shear buckling effects, particularly in cross sections with slender
webs, should also be considered according to EC3-1-5.

For a member under pure compression the buckling modes to take into account are:
i) flexural buckling; ii) torsional buckling and iii) torsional-flexural buckling. A member
under bending moment must be checked against lateral-torsional buckling. A member
under a combination of compression force and bending moment must be checked against
all the buckling modes mentioned above.

1.3.2 Design of tension members

1.3.2.1 Code prescriptions

Tension members are commonly used in truss structures or bracing elements (see
Figure 1.22). Simple or built-up rolled sections are commonly used in trusses, lattice
girders and as bracing members. Cables, flats or bars are sometimes used in bridges or
long-span roofs.

LR
v

v

Figure 1.22 Structures with tension members

The design of a tension member may be governed by one of the following collapse
modes: i) resistance of a gross cross section far from the joints or ii) resistance of the
cross section close to the joints or other discontinuities, due to the reduction of cross
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section, the second-order moments induced by small eccentricities or both effects
(Figure 1.23). Typically, the second mode is the governing design mode.

%L%
3 iy

a) Collapse in the net cross section b) Eccentric joints

.t

Figure 1.23 Collapse of tension members

A member exclusively subject to a tension force is under a uniaxial stress state.
According to clause 6.2.3(1), the design value of the tension force Ng; at each cross
section, including cross sections in the vicinity of the joints, should satisfy:

New 19, (1.25)

t,Rd
where N;rq is the design tension resistance. For sections with holes the design tension
resistance N;rsshould be taken as the smallest of:

- design plastic resistance of the gross cross section,

Nora = AL, Vo s (1.26)

where A is the gross cross section area, f, is the yield strength of steel and o is the
partial safety factor.

- design ultimate resistance of the net cross section at holes for fasteners,

Np/,Rd:Afy/yMol (1.27)

where A, is the net cross section area, f, is the ultimate strength of steel and yy; is the
partial safety factor.

Whenever dissipative behaviour is required under cyclic loading, such as in the case of
capacity design, the design plastic resistance N, s should be less than the design
ultimate resistance of the net section at fasteners holes N, zq (clause 6.2.3(3)), that is,

f 1.28
Nyrg > Npyrg < Anet> - 7/& ( )
' Pl A 0,9 vuo
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In the case of members with Category C preloaded bolted connections loaded in shear,
the design tension resistance N, gy at the cross section with holes for fasteners should be
taken as Npetrq (Clause 6.2.3(4) of EC3-1-8 (EN 1993-1-8, 2005)):

Nnet,Rd = Anet fy/7M0 . (129)

For angles connected by one leg and other unsymmetrically connected members in
tension (such as T sections or channel sections), the eccentricity in joints and the effects
of the spacing and edge distances of the bolts should be taken into account in
determining the design resistance (clause 3.10.3(1) of EC3-1-8).

Members that comprise angles connected by welding only in one leg can be treated as
being concentrically loaded. The resistance is determined using Eqn. (1.26), but based on
an effective cross section area. The area of the effective cross section, according to
clause 4.13 of EC3-1-8, must be evaluated as follows: i) for angles of equal legs or
unequal legs that are connected by the larger leg, the area of the effective section may
be considered as equal to the gross area; ii) for angles of unequal legs, connected by the
smaller leg, the area of the effective section should be taken as equal to the gross area
of an equivalent angle, with legs that are equal to the smaller of the legs.

1.3.2.2 Worked examples

Example 2 - Consider the member AB of the steel truss, indicated in Figure 1.24,
assuming it is submitted to a design tensile axial force of Ngy = 220 kN. The cross section
consists of two angles of equal legs, in steel grade S 235. Design member AB assuming
two distinct possibilities for the joints:

a) welded joints;
b) bolted joints.

il

a) Welded joints b) Bolted joints
Figure 1.24 Steel truss
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a) Welded joints

The member is made up by two angles of equal legs, but the joint is made only in one leg
of the angle. Thus, according to clause 4.13 of EC3-1-8, the effective area can be
considered equal to the gross area. Therefore, the following conditions must be satisfied:

Afy
NEd < Nt,Rd = ’
M0

where yo = 1,00, f, = 235 MPa and A is the gross area of the section. Considering the
design axial force, Ngg = 220 kN, then:

3
220st% ~ A>936-10°n7’ = 9,36 cn?.

U

From a table of commercial profiles, a solution with two angles 50x50x5 mm, with a total
area of 2 - 4,8 = 9,6 cm?, satisfies the above safety requirement.

b) Bolted connections

In this case, the member, made up by angles of equal legs, is connected by 2 bolts only
in one leg. According to clause 3.10.3 of EC3-1-8, the following design conditions must
be ensured:

N_, <N with N

. Af B AL
Ed = "Vt,Ra 1 =min| N —y;N — 27 net 'u

u,Rd !

pl,Rd —
Mo Vm2

t,Rd

where, wo = 1,00, w2 = 1,25, f, = 235 MPa, f, = 360 MPa, A is the gross area of the
cross section, A,e: is the net area of the bolted section, and f, is a factor obtained from
Table 1.18 (Table 3.8 of EC3-1-8). A first check based on the plastic design of the gross
cross section leads to:

3
220kN s% ~ A>9,36-10"n? =9,36cn.

Hence, the section obtained in the previous design, two angles 50x50x5 mm
(A = 9,6 cm?), also satisfies this safety requirement.

The second condition, reproduced above, requires the evaluation of the net area A,
(see Figure 1.25) and the factor p, both evaluated according to clause 3.10.3 of
EC3-1-8.

Net area (Anet)

Figure 1.25 A, in the bolted connection
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For dp = 18 mm, 2,5 dy = 45 mm and 5 dyg = 90 mm.

As p; = 100 mm > 90 mm, in accordance with the following table (Table 3.8 of EC3-1-8),
B =0,70 is obtained.

Table 1.18 Reduction factors 5, and 5

Distance p1 <2,54d, >5,0d,
2 bolts y 0,4 0,7
3 bolts or more 3 0,5 0,7

The net area of the bolted section made up of two angles is given by:
Anet :A_tho :916_2'0,5'1,827,8 sz .

Thus, the design ultimate resistance in accordance with clause 3.10.3(1) of EC3-1-8 is
given by:

~0,7-7,8:10*-360-10°

N
u,Rd 1, 25

=157,2kNs .

However, Ngg = 220 kN > N, rqs = 157,2 kN; therefore, the chosen cross section is not
appropriate. By adopting a cross section with enhanced resistance, for example, two
angles 60x60x6 mm (A = 13,82 cm? and A, =11,66 cm?), then:

13,82-10%.235.10°

Ny ra = 00 = 324,8kN> N, = 220kN,
-4 3
N, g = 0'7'11'661'1205 1360107 _ 235,1kN > N,, = 220kN.

As Nprg = 324,8 kKN > Ny rq = 235,1 kN, failure is non-ductile; however, since this is not
a design condition, the section defined by two angles 60x60x6 mm can be accepted.

1.3.3 Design of columns

1.3.3.1 Code prescriptions

The resistance of a steel member subject to axial compression depends on the cross
section resistance or the occurrence of instability phenomena. In general, the design for
compression is governed by the second condition (instability phenomena) as steel
members are usually of medium to high slenderness.

The cross section resistance to axial compression should be based on the plastic capacity
(plastic axial force) in compact sections (class 1, 2 or 3), but taking into account the local
buckling resistance through an effective elastic capacity in class 4 sections. According to
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clause 6.2.4(1), the cross section resistance of axially compressed members is verified
by the following condition:

N, <10, (1.30)
Nc,Rd

where Ngs is the design value of the axial compression force and N.zq is the design
resistance of the cross section for uniform compression, given by (clause 6.2.4(2)):

N . =Af ) 1.31
,Rd y/7Mo (cross sections class 1, 2 and 3); ( )

Nera = Aer fy [ Vo (cross sections class 4), (1.32)

where A is the gross area of the cross section, Acr is the effective area of a class 4 cross
section, f, is the yield strength of steel and o is a partial safety factor. In evaluating
N¢rg, holes for fasteners can be neglected, provided they are filled by fasteners and are
not oversize or slotted (clause 6.2.4(3)).

The buckling resistance should be evaluated according to the relevant buckling mode and
relevant imperfections of real members. The critical load of a column in flexural buckling
(the most current mode for members composed by I, H and tubular sections) is given by:

_22EI (1.33)

cr LZ !
E

N

where EI is the flexural stiffness about the relevant axis and Lg is the buckling length.
The buckling length of a pinned member (Euler’s column) is equal to the real length; in
other conditions, the buckling length may be defined accordingly.

The resistance of compressed members is based on the “European design buckling
curves” (Simobes da Silva et al., 2013). These (five) curves were the result of an
extensive experimental and numerical research programme that accounted for all
imperfections in real compressed members (initial out-of-straightness, eccentricity of the
loads, residual stresses). The buckling resistance of a member submitted to a design
axial compression Ng, is verified by the following condition:

N_. <N (1.34)

Ed — ""b,Rd '

where N,rs is the design buckling resistance of the compression member (clause
6.3.1.1(1)). The design flexural buckling resistance of prismatic members is given by:

Nora = 2 AF, [V (cross sections class 1, 2 and 3); (1.35)

Nyrg = 2 A £, |7 (cross sections class 4), (1.36)

where y is the reduction factor for the relevant buckling mode and yy; is a partial safety
factor (clause 6.3.1.1(3)). The reduction factor y is obtained from the following equation:
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1 (1.37)
N = but ;(SI,OO,
O + D2 - 72

where @ = 0,5[1 +a(1-0,2)+ Zz] and 7 is the non-dimensional slenderness coefficient,

given by:

A= JAf /N, :%% (cross sections class 1, 2 and 3); (1.38)

_ JA /A (1.39)
2= JAsxf, [N, = LIL% (cross sections class 4),

where N, is the elastic critical load for the relevant buckling mode; L. is the critical
length of the corresponding buckling mode; /i is the radius of gyration of the cross
section; 4=z (E/f,)*°=93,9¢; £¢=(235/f,)*> with f, in N/mm?; « is the imperfection factor.

The effect of imperfections is included by the imperfection factor «, which assumes
values of 0,13, 0,21, 0,34, 0,49 and 0,76 for curves aq, a, b, c and d (European design
buckling curves), respectively. These curves, mathematically represented by Eqn. (1.37),
are illustrated in Figure 1.26. The buckling curve to be adopted in design of a given
member depends on the geometry of the cross sections, on the steel grade, on the
fabrication process and on the relevant buckling plane, as described in Table 1.19.
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Figure 1.26 Buckling curves according to EC3-1-1

According to clause 6.3.1.2(4), for values of the non-dimensional slenderness 1 <0,2 or
if Neo/N.<0,04, the effect of buckling can be neglected, and members are designed
based only on the cross section resistance.
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Table 1.19 Selection of the buckling curve

Buckling curve

Buckling S 235
Cross section Geometry limits about | o595 | sa60
axis S 355
S 420
N t. <40mm y-y a do
ty z —
A z-z b ao
T T € Q
s < [40 mm<t, <100 mm| Y-y b a
— z-z c a
b5 2 h|l ¥ y
S 9 N t. <100mm y-y b a
X un —
| v z-z c a
: N t. >100 mm y-y d c
- '
z-z d c
T t, <40 mm y-y b b
S S — — z-z c c
9 g y——q-———VY¥ ¥ Y
T8 t, >40 mm y-y ¢ ¢
4 e = z-z d d
. g hot finished any a ao
(;obg © @ @ cold formed any c c
5 te Generally (except as
= - below) any b b
x
3 @ | n Y “F—1r— Y | thick welds: a>0,5¢t,
Qo i C
S g s s bjt, <30
29 b0 any c c
h/t, <30
(@ - throat thickness)
(9]
c
e
% § any c c
=2
>3
1))
c
o
S 1 i any b b
n
-
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In compression members with open cross sections, then according to clause 6.3.1.4(1),
account should be taken of the possibility that resistance to torsional or flexural-torsional
buckling could be less than the resistance to flexural buckling. The design process for
these members is very similar to that for flexural buckling, the non-dimensional
slenderness coefficient 1 being replaced by the non-dimensional slenderness coefficient

/TT, evaluated by the following equations (clause 6.3.1.4(2)):

7 = JAf, N, (cross sections class 1, 2 and 3); (1.40)
A, [N, (cross sections class 4), (1.41)

where N, is the lower of the values N..rand N 7 corresponding to the elastic critical
load for torsional buckling and for flexural-torsional buckling, respectively, which
evaluation may be find elsewhere (Simdes da Silva et al., 2013). For both phenomena,
the imperfection coefficient « can be taken as corresponding to flexural buckling about
the z axis, obtained from Table 1.19.

1.3.3.2 Worked examples

Example 3 - Safety verification of a column member of the building represented in
Figure 1.27.

6,00 m

4,50 m

2,50 m

Hi
[
L
Il

| 72,00m

6,00 m

{4,50 mL4,50 mi 4,00 m

Figure 1.27 Case-study building

i) Internal forces

As the building under analysis (case-study building) is braced on both orthogonal
directions, the bending moments on the columns are low, in particular in the inner
columns. The inner column E-3 represented in the Figure 1.27, at base level, is selected
in this example. The member has a length of 4,335 m and is composed by a section
HEB 340 in steel S 355. For this column the bending moments (and consequently the
shear force) may be neglected; the design axial force (of compression) obtained from the
previous analysis (sub-section 1.2.3.4) is given by Ng; = 3326,0 kN.
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if) Cross section classification - section HEB 340 in pure compression

The geometric characteristics of the section HEB 340 are: A = 170,9 cm?, b = 300 mm,
h = 340 mm, t; = 21,5 mm, t, = 12 mm, r = 27 mm, I, = 36660 cm?, i, = 14,65 cm,
I, = 9690 cm®, i, = 7,53 cm. The mechanical properties of the steel are: f, = 355 MPa
and E = 210 GPa.

Web in compression (Table 5.2 of EC3-1-1),
¢ _(340-2-21,5-2-27)
t 12

Flange in compression (Table 5.2 of EC3-1-1),
c_ 300/2-12/2-27
t 21,5

=20,25<33¢£=33-0,81=26,73. (class 1)

=5,44<9¢=9.0,81=7,29. (class 1)

Hence, the HEB 340 cross section, steel S 355, in pure compression is class 1.
ifi) Cross section verification - class 1 in pure compression.

_Af, 170,9-10*.355.10°

N, =3326,0kN < N
Ed < c,Rd 7M0 1,00

=6067,0kN.

iv) Buckling resistance

Buckling lengths - According to the structural analysis used (second order analysis), the
buckling lengths are considered (conservatively) equal to the mid-distance between
floors, given by:

Buckling in the plane x-z (around y) - L, =4,335m.

Buckling in the plane x-y (around z) - L, =4,335m.

v) Determination of the slenderness coefficients

210-10°
A =7 \355.100 - /04T

L 4,335

— A
A =X -__1222 __2959; A =-+=0,39
Yoo 14,65-107? oA
y
ﬁz:FEz:Lﬂ:57,57; ,Tz:ﬁ:0,75_
i, 7,53-10 A

vi) Calculation of the reduction factor ymi,

ﬁ=ﬂ=1,13<1,2 and t, =21,5mm<100mm =
b 300

buckling aroundy — curve b(a =0,34)
buckling around z — curve c(« =0,49).

ASZZZO,75>ZyIO,39 and A e & Ccurve b = Xmin = Xz»
®,=0,5-[1+0,49-(0,75-0,2)+0,75" | = 0,92;

1

- 2 2 =0,69; Zmn=2.=0,69.
0,92 +4/0,92% - 0,75

Az

vii) Safety verification

N, ey = 2 AF, /7y =0,69-170,9-10 -355-10%/1,00 = 4186,2 kN> N, = 3326,0kN.
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1.3.4 Design of beams

1.3.4.1 Code prescriptions

Theoretical concepts

A beam is a member submitted to bending moment and shear force along its length. The
resistance of a steel beam in bending depends on the cross section resistance or the
occurrence of lateral instability - lateral-torsional buckling. In general, the
lateral-torsional buckling is the governing mode of steel members composed of I or H
sections bent about the major axis. Whenever one of the following situations occurs in a
beam, lateral-torsional buckling cannot develop and assessment of the beam can be
based just on the cross section resistance: i) the cross section of the beam is bent about
its minor z axis; ii) the beam is laterally restrained by means of secondary steel
members or any other method; iii) the cross section of the beam has high torsional
stiffness and similar flexural stiffness about both principal axes of bending as, for
example, closed hollow sections. I or H sections and rectangular hollow sections are
usually chosen for beams because they possess high major axis bending resistance and
bending stiffness.

The bending resistance of a cross section can be obtained from its plastic resistance, if
the section is compact (class 1 or 2 section). On the other hand, in a slender cross
section (class 3 or 4 section) the bending resistance must be based on its elastic
resistance.

The elastic bending resistance of a cross section is attained when the normal stress in the
point furthest away from the elastic neutral axis (e. n. a.) reaches the yield strength f,;
the corresponding bending moment is denoted the elastic bending moment M. The
bending moment that is able to totally plastify a section is denoted as the plastic bending
moment M,,. In the calculation of the plastic bending moment of a steel cross section, the
plastic neutral axis (p.n.a.) is located at the centroid only if the section is symmetrical, as
for the case of rectangular sections, I sections or H sections with equal flanges. In case
of non-symmetric cross sections, such as a T-section, the neutral axis moves in order to
divide the section in two equal areas. The elastic bending moment and the plastic
bending moment around the horizontal axis are given by:

I ) (1.42)
Mel =;fy =|/Vel fy ’
M, =AFfd +Afd=(S +S)f,=W,F, (1.43)

where, I is the second moment of area about the elastic neutral axis (coincident with the
centroid of the cross section); v is the maximum distance from an extreme fibre to the
same axis; W =1I/v is the elastic bending modulus; A, and A; are the areas of the section
in compression and in tension, respectively (of equal value); f, is the yield strength of the
material; d. and d; are the distances from the centroid of the areas of the section in
compression and in tension, respectively, to the plastic neutral axis; W, is the plastic
bending modulus, given by the sum of first moment of areas A. and A, in relation to the
plastic neutral axis (W, = Sc + S;). For symmetric sections the previous calculations are
simpler because the plastic neutral axis coincides with the elastic neutral axis and,
consequently, d. =d..

In standard cross sectional shapes, such as I or H bent about the major axis (y axis), the
typical instability phenomenon is lateral-torsional buckling. Lateral-torsional buckling is
characterised by lateral deformation of the compressed part of the cross section (the
compressed flange in the case of I or H sections). This part behaves like a compressed
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member, but one continuously restrained by the part of the section in tension, which
initially does not have any tendency to move laterally.

The design procedure to account this phenomenon is based on the elastic critical moment
M. — the theoretical value of the maximum bending moment along a beam, without any
type of imperfections, which induce the called lateral-torsional buckling. The elastic
critical moment of the simply supported beam, with the supports preventing lateral
displacements and twisting but allowing warping and bending rotations about the cross
sectional axes (y and z), submitted to a constant bending moment M, (“standard case”)
is given by:

’'GI. )’

ME :%\/GITEIZ [1+

where I, is the second moment of area in relation to z axis (weak axis), Ir is the torsion
constant, I, the warping constant, L is the length between laterally braced cross sections
of the beam and E and G are the longitudinal modulus and the shear modulus of
elasticity, respectively. Eqn. (1.44), in spite of being derived for a member with an I or H
cross section, is valid for members with other doubly symmetric cross sections. The
constant of uniform torsion Ir and the warping constant I, for standard cross sections are
usually supplied in tables of steel profiles.

Eqgn. (1.44) is valid for the calculation of the elastic critical moment of a simply supported
beam, with a doubly symmetric cross section and subjected to a constant bending
moment (“standard case”). However, in reality, other situations often occur, such as
beams with non-symmetrical cross sections, with other support conditions, subject to
different loading patterns and, consequently, subject to different bending moment
diagrams. In practical applications approximate formulae are used, which are applicable
to a wide set of situations; the most used is formula reproduced by Egn. (1.45),
applicable to members subject to bending moment about the strong y axis, with cross
sections mono-symmetric about the weak z axis (Boissonnade et al., 2006). For the
estimation of the elastic critical moment in situations not covered by presented
Egns. (1.44) and (1.45), the user is advised to look at specific bibliography (Simdes da
Silva et al., 2013) or to use other types of computational processes such as the finite
element method.

0,5

> 2 2
M, -, EL Hk_j L WO (7 -cz)| ~(Cz-Cuz)l (145)

7r2EIz

w

where:

C;, C, and Cs are coefficients depending on the shape of the bending moment diagram
and on support conditions, given in Table 1.20 and Table 1.21 for some usual situations
(Boissonnade et al., 2006); in the Table 1.20 and Table 1.21 the support conditions are
those of the “standard case”, however, lateral bending restraints and warping restraints
may be taken into account through the parameters k, and k,, described below;

k, and k, are effective length factors that depend on the support conditions at the end
sections. Factor k; is related to rotations at the end sections about the weak axis z, and
k, refers to warping restriction in the same cross sections. These factors vary between
0,5 (restrained deformations) and 1.0 (free deformations), and are equal to 0,7 in the
case of free deformations at one end and restrained at the other. Since in most practical
situations restraint is only partial, conservatively k, =k, = 1,0 may be adopted;

49



Design of steel structures

L. Simdes da Silva and R. Simbes

Zg = (Za -

Zs), where z, and z; are the coordinates of the point of application of the load
and of the shear centre, relative to the centroid of the cross section; these quantities are

positive if located in the compressed part and negative if located in the tension part;

z,=2, - [0,5.[(y2 + zz)(z/Iy)dA] is a parameter that reflects the degree of asymmetry of
A

the cross section in relation to the y axis. It is zero for beams with doubly symmetric
cross section (such as I or H cross sections with equal flanges) and takes positive values
when the flange with the largest second moment of area about z is the compressed

flange, at the cross section with maximum bending moment.

In case of mono-symmetric I or H cross sections, Table 1.20 and Table 1.21 must only be
used if the following condition is verified: -0,9 < v <0,9.

Table 1.20 Coefficients C; and C; for beams with end moments

Loading and Diagram of k. C Cs
support moments -
conditions v <0 v >0
Y=+l 1,0 1,00 1,000
[T 0,5 | 1,05 1,019
WY =+3/4 1,0 1,14 1,000
[T 0,5 | 1,19 1,017
W= 4172 1,0 | 1,31 1,000
0,5 1,37 1,000
W= +1/4 1,0 1,52 1,000
(T 0,5 | 1,60 1,000
I]I Y=0 1,0 1,77 1,000
0,5 1,86 1,000
.y
y oM W=-1/4 1,0 2,06 1,000 0,850
(— M, 0,5 | 2,15 1,000 0,650
¥ =-1/2 1,0 | 2,35 1,000 1,3-1,2y,
= 0,5 | 2,42 0,950 0,77 v,
¥ = -3/4 1,0 | 2,60 1,000 0,55 -y,
~ 0,5 | 2,45 0,850 0,35y,
¥=-l 1,0 | 2,60 ¥y aZ
0,5 | 2,45 | -0,125-0,7y, | -0,125-0,7y;

_ Ifc —
Ve I+ 1,

= In beams subject to end moments, by definition C, z, = 0.

., where I, and I, are the second moments of area of the compression

and tension flanges respectively, relative to the weak axis of the section (z axis).

T

k,L\GI,

= C; must be divided by 1,05 when —— [——% <1,0,but C, >1,0.
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Table 1.21 Coefficients C;, C; and Cs for beams with transverse loads

Loading and support Diagram of k. C; C; Cs
conditions moments

p 1,0 1,12 0,45 0,525
TEEEEEY’ W

A 2 0,5 0,97 0,36 0,478

lP W 1,0 1,35 0,59 0,411

A 2 0,5 1,05 0,48 0,338

Pl lP 1,0 1,04 0,42 | 0,562

% did|d|d7 m 0,5 0,95 0,31 0,539

Cross section resistance

In the absence of shear forces, the design value of the bending moment Mg, at each
cross section should satisfy (clause 6.2.5(1)):

M _1 00, (1.46)
M

c,Rd

where M, rq is the design resistance for bending. The design resistance for bending about
one principal axis of a cross section is determined as follows (clause 6.2.5(2)):

Mg =W, £, 7o (cross sections class 1 and 2); (1.47)
M rg =Wemn £, /7100 (cross sections class 3); (1.48)
M, rs = We min £, /7m0 (cross sections class (1.49)

4),

where W, is the plastic section bending modulus; We; min is the minimum elastic section
bending modulus; Wegmin is the minimum elastic bending modulus of the reduced
effective section; f, is the yield strength of the material; o is the partial safety factor.

Design for bi-axial bending can be verified by plastic (class 1 or 2 cross sections) or
elastic (class 3 and 4 cross sections) interaction formulae, according to clause 6.2.9, as
described next:

M Ed ‘ MzEd ’ : 1
m 2 die <1,00 (class 1 or 2 sections), (1.50)

pl,y,Rd pl,z,Rd
where « and g are parameters that depend on the cross section’s shape and M, rs and

M, . rqs @re the plastic moments of resistance about y and z, respectively. Parameters «
and g can conservatively take the value 1.0; in alternative, they can take the values
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defined in clause 6.2.9(6), that is, a=2 and g=1 for I or H sections, a= = 2 for circular
hollow sections and a= = 1,66 for rectangular hollow sections.

Oppy <2 (class 3 or 4 sections), (1.51)
' Vmo

where oy g4 is the design value of the longitudinal stress evaluated by elastic theory,
based on the gross cross section, for class 3 sections, and on a reduced effective cross
section, for class 4 sections.

Holes in the tension flange for bolts or other connection members may be ignored if the
condition 0,9 Afnet fu /ym2 = Ar f, /ymo is satisfied, where A¢,e: and Ar are the net section
and the gross area of the tension flange, respectively, and . is a partial safety factor
(defined according to EC3-1-8). A similar procedure must be considered for holes in the
tensioned part of a web, as described in clause 6.2.5(5). The holes in the compressed
parts of a section may be ignored, except if they are slotted or oversized, provided that
they are filled by fasteners (bolts, rivets, etc.).

The web provides most of the shear resistance, as one can see from Figure 1.28. A
common and conservative treatment assumes that the shear stress is uniformly
distributed over the depth of the web, and any shear resistance of the flanges can be
ignored, unless dealing with very thick flanges. EC3-1-1 recommends that whenever
possible, the shear resistance of a steel section should be evaluated based on a plastic
distribution of shear stress.

1

b
T

M,
4 e. n. a. o B

L 1
Shear stresses -

Figure 1.28 Elastic distributions of shear stresses

According to clause 6.2.6, the design value of the shear force Vg, must satisfy the
following condition:

Ve <1 00, (1.52)

c,Rd
where V_rq is the design shear resistance. Considering plastic design, in the absence of

torsion, the design shear resistance V rq, is given by the design plastic shear resistance
Vi, ra, given by the following equation:

Vp/,Rd=Av<fy/\/§)/7Mo, (1.53)

where A, is the shear area, defined in a qualitative manner for an I section subjected to
shear in Figure 1.29. The shear area corresponds approximately to the area of the parts
of the cross section that are parallel to the direction of the shear force. Clause 6.2.6(3)
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provides equations for the calculation of the shear area for standard steel sections;
additionally, the shear area is specified in the tables of commercial profiles.

l VEd

Av

z

Figure 1.29 Shear area for an I cross section

As an alternative, an elastic design to shear force can be used.

The shear buckling resistance of webs should be verified, for unstiffened webs when
(hw/tw)>72¢/n, where h, and t, represent the depth and the thickness of the web,
respectively, n is a factor defined in EC3-1-5, which may be conservatively taken as 1,0,
and ¢is given by the relation (235/f,)%".

In an elastic stress analysis, the interaction between bending and shear force may be
verified by applying a yield criterion. This procedure, valid for any type of cross section,
requires calculation of elastic normal stresses (o) and elastic shear stresses (7), based on
formulas from the theory of the elasticity, at the critical points of the cross section.

For plastic analysis, there are several models for combining shear and bending. The
model used by EC3-1-1 evaluates a reduced bending moment obtained from a reduced
yield strength (f,;) along the shear area (Simdes da Silva et al., 2013).

In general, when a section is subjected to bending moment and shear force, the design
plastic bending resistance should be reduced to allow for the presence of the shear force.
However, for low values of shear force, this reduction is not very significant. Also, as this
reduction is counterbalanced by strain-hardening of the steel, it may be assumed that for
low values of shear it is not necessary to reduce the design plastic bending resistance.
Thus, clause 6.2.8 establishes the following interaction criterion between bending
moment and shear force:

o when Vg < 50% of the plastic shear resistance Vg4, it is not necessary to
reduce the design moment resistance M.qq, except where shear buckling
reduces the cross section resistance;

o when Vgs = 50% of the plastic shear resistance V, rq4, the value of the design
moment resistance should be evaluated using a reduced yield strength (1-p)f,
for the shear area, where p= (2Ves/Vpra-1).

In I or H sections with equal flanges, under major axis bending, the reduced design
plastic moment resistance M, , s may be obtained from:

y,V,Rd — y,c,Rd T

A2\ F (1.54)
MyVRd :£Wply_p - ]—y but M <M
o ' 4t, ) 7mo

where A, = h,t, is the area of the web (h,, is the depth of the web and ¢, is the thickness)
and M, . rqis the design resistance for bending moment about the y axis.
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Member resistance

The verification of resistance to lateral-torsional buckling of a prismatic member consists
of the verification of the following condition (clause 6.3.2.1(1)):

Mes <1,00,

b,Rd

(1.55)

where Mg is the design value of the bending moment and M, 4 is the design buckling
resistance, given by (clause 6.3.2.1(3)):

W,f, (1.56)

bRd — ’
Vm1

M

where:
W, = W,,, for class 1 and 2 cross sections;
W, = W,,, for class 3 cross sections;
W, = Wer,, for class 4 cross sections;

.7 is the reduction factor for lateral-torsional buckling.

In EC3-1-1 two methods for the calculation of the reduction coefficient y,r in prismatic
members are proposed: a general method that can be applied to any type of cross
section (more conservative) and an alternative method that can be applied to rolled cross
sections or equivalent welded sections.

i) General method

According to the general method (clause 6.3.2.2), the reduction factor y,r is determined
by the following equation:

(1.57)

1
Air = — 05 but AT <1,00,
CDLT + ((DLTZ - }“LZT)

with:
®r =0,5[1+a,; (4 -0,2)+ 2%
a,; is the imperfection factor, which depends on the buckling curve;
= 0,5
ﬂ’LT = [Wy fy/Mcr:| 7

M_, the elastic critical moment.
The buckling curves to be adopted depend on the geometry of the cross section of the
member and are indicated in Table 1.22. For the imperfection factors «,r associated to

the various curves, the values given in section 3.3.1 for members in compression
(reproduced in Table 6.3 of EC3-1-1) shall be adopted.
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Table 1.22 Buckling curves for lateral-torsional buckling (General method)

Section Limits Buckling curve
I or H sections h/b<2 a
rolled h/b>2 b
I or H sections h/b<2 c
welded h/b>2 d
Other sections --- d

if) Alternative method - Rolled or equivalent welded sections

According to this second method, defined in clause 6.3.2.3, the reduction factor yr is
determined by the following equation:

with:

1 X <1,00 (1.58)
——5s  but c1/72
D+ (CDLTZ - [i’iLZT) Zir = //1LT

Xir =

Q= 0’5|:1+aLT (/TLT _ZLT,O)"'IB/TLZTJ;

470 and p are parameters to be defined in the National Annexes; the
recommended values are: ILT,O <0,4 (maximum value) and £>0,75 (minimum
value);

a,; is the imperfection factor that depends on the appropriate buckling curve
(defined as in the general method);

A+ the coefficient of non-dimensional slenderness (defined as in the general
method);

M_, the elastic critical moment.

The relevant buckling curves are indicated in Table 1.23.

Table 1.23 Buckling curves for lateral-torsional buckling (Alternative method)

Section Limits Buckling curve (EC3-1-1)
I or H sections h/b<2 b
rolled h/b > 2 c
I or H sections h/b<?2 c
welded h/b>2 d

According to this second method, the shape of the bending moment diagram, between
braced sections, can be taken into account by considering a modified reduction factor

ZLT,mod:

Y4
XiT,mod = % but Xirmoa < 1,00 (1.59)
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The parameter f can be obtained from the following equation, or from an alternative
process provided in the National Annexes:

f=1-0,5(1-k)[1-2,0(%,-0,8| but  £=1,00, (1.60)
where k. is a correction factor, defined according to Table 1.24.

Table 1.24 k. correction factors

Diagram of bending moments k.
Y =+1

1,0

1
1,33-0,33V¥

0,94
0,90
0,91

0,86
0,77
0,82

Y - ratio between end moments, with -1<¥<1.

In Table 1.24, three sets of bending moment diagrams are presented. The first refers to
beam spans subject to concentrated bending moments applied in the extreme sections.
The second set of diagrams may be induced by uniformly distributed load and moments
in the extreme sections. For the third set, the diagrams correspond to central point loads
and moments in the extreme sections. The support conditions are not relevant as they
are reproduced in the bending moment diagrams. The values of k. presented in
Table 1.24 correspond to some typical situations; some are exact values and other are
approximate. More detailed information on k. values may be obtained from Boissonnade
et al. (2006).

iii) Conditions for ignoring lateral-torsional buckling verification

The verification of lateral-torsional buckling for a member in bending may be ignored if at
least one of the following conditions is verified: 4,,<2,, or M./M, < Tiro
(clause 6.3.2.2(4) of EC3-1-1).
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1.3.4.2 Worked examples

Example 4 - Safety check of a beam of the building illustrated in the Figure 1.30 (along
line E). The beam is composed by an IPE 600 at the central span with 9 m length. The
lateral spans with 6 m length (the governing spans) are composed by a section IPE 400
in steel S 355. For the lateral buckling check two cases are considered:

a) a beam with 6 m length, laterally braced only at the end support sections;

b) a beam with 6 m length, laterally braced at the end support sections and at mid-span
section.

6,00 m

i 4,50 m
T 12,50 m

_\ | + “'" 2,00 m

6,00 m

Hi

14,50 m! 4,50 m| 4,00 th

Figure 1.30 Case-study building

a) Beam laterally braced only at the end support sections
i) Diagrams of internal forces

The internal forces diagrams (neglecting the axial force) are represented in the
Figure 1.31. From Figure 1.31, the critical cross section is the mid-span cross section
(left span). Hence, the design values are Mgy = 114,3 kNm and Vg = 75,9 kN.

139,1 kN
75,9 kN 75, kN
Vz,Ed |
70,7 kN 71,6 kN
140,1 kN
255,7 kNm 246,3 kNm
93,7 kNm 111,4 kNm !\ /\99 ,2 KNm 109 7 KNm
My Ed
114,3 kNm 113,6 kNm
163,0 kNm

Figure 1.31 Diagrams
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if) Cross section classification — section IPE 400 in pure bending

The geometric characteristics of the section IPE 400 are: A = 84,46 cm?, b = 180 mm,
h = 400 mm, t; = 13,5 mm, t, = 8,6 mm, r = 21 mm, I, = 23130 cm*, i, = 16,55 cm,
I, = 1318 cm*, i, = 3,95 cm; Ir = 51,08 cm?*; I, = 490-10° cm®. The mechanical
properties of the steel S 355 are: f, = 355 MPa and £ = 210 GPa.

Web (internal part) in bending (Table 5.2 of EC3-1-1),
c 331

t 8,6

-38,49<72¢=72-0,81=58,32. (class 1)

Flange (outstand part) in compression (Table 5.2 of EC3-1-1),

180/2-8,6/2 - 21
%:( / = 5/ ):4,79<9g=9-0,81:7,29. (class 1)

Hence, the IPE 400 cross section, steel S 355, in bending is class 1.

ifi) Cross section verification

Bending resistance - For a class 1 cross section, the bending resistance is verified by the
following condition:
M., =114,3kNm< W,

ply

f,/¥uo =1307-10°-355. 10°/1,00 = 464,0kNm.

Verification of shear force - The shear area of the IPE 400 cross section is given by
A, = 42,69 cm?. Hence:
42,69-10*.355.10°/y/3

Vg =75,9KN <V oy =V, o = 700 =875,0kN.

As h,/t,=43,4<72¢/n=72-0,81/1,00=58,3 (conservatively taking » = 1,0), it is not
necessary to verify the shear buckling resistance of the web. Therefore the IPE 400 cross
section meets the requirements concerning shear force.

Bending-shear force interaction - As V_, =759kN<0,50-V, ., =437,5kN, it is not
necessary to reduce the bending resistance to account for the shear force.
iv) Lateral-torsional buckling resistance

Assuming the support conditions of the “standard case” and the loading applied at the
upper flange level, the critical moment is obtained from Egn. (1.45), with L = 6,00 m,
k,= k,= 1,0, C; = 1,80, C, = 1,60 (Boissonnade et al., 2006) and z;, = 200 mm, by:

M, =164,7kNm = 7, =[W,f, /M, =[1307.10°.355-10°/164,7] " =1,68.
Since o, = 0,34 for a I rolled section, with h/b>2 (in accordance with general method),
O =0,5-[1+a,; (4 -0,2)+ 45 ]=2,16;

Xir = L = 1 =0,28.

S0+ (0,2-22)" 2,16+(2,167-1,68)"

The design buckling resistance is given by:

0. 35510

A

So, the safety with a IPE 400 (S 355) is verified (utilization ratio = 114,3/129,9 = 0,88).

M, ps = 0,28-1307 -1 =129,9kNm> M,, =114,3kNm.
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b) Beam laterally braced at the end support sections and at mid-span section
i) Cross section resistance — previous verifications are not changed.
if) Lateral-torsional buckling resistance

If in addition the beam is laterally braced at the mid-span section by secondary beams
(which prevent the lateral displacement of the compressed flange and consequently, the
twist rotations), the lateral-torsional buckling behaviour is improved. The resistance to
lateral-torsional buckling is performed for a beam segment with 3,00 m long, submitted
to a linear bending moment diagram (Mgqerr =-93,7 KNm and Mg rigne =114,3 kKNm), as
shown in Figure 1.31. The critical moment of the beam is not aggravated by the loads
applied at the upper flange, because these are applied at sections laterally restrained.

The elastic critical moment is given by Egn. (1.45) (neglecting the continuity at mid-span
cross section) with L = 3,00 m, k, = k, = 1,0 and C; = 2,60 (from Table 1.20):

M, =1778,8 kNm = 4, =[W,f,/M,]" =[1307-10° 355-10°/1778,8]" = 0,51.
Since o, = 0,34 for a I rolled section, with h/b>2 (in accordance with general method),
®,; =0,5:[1+a,; (4, —0,2)+ 4% |=0,68;

1 1
Oy + (0,2 - 72)"  0,68+(0,68°-0,512)"

Yir = -0,89.

The design buckling resistance is given by:

0. 355:10°

So, the safety with a IPE 400 (S 355) is verified (utilization ratio = 114,3/412,9 = 0,28).

Example 5 - The frame illustrated in the Figure 1.32 is composed by a beam and a
column, both with the same cross section. The beam is simple supported at the left end
and connected to the column through a rigid joint. The column base is double supported.
A vertical distributed load of 12 kN/m applied at top flange level and a horizontal point
load of 20 kN at section B constitute the design loading. Design the beam A-B using an
IPE section in steel S 275 for the ultimate limit states. The end sections A and B may be
assumed as laterally braced by the secondary beams.

M, ns =0,89-1307 -1 =412,9kNm> M_, =114,3kNm.

I L

Figure 1.32 Steel frame
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i) Internal forces

The internal forces obtained through an elastic analysis of the frame are represented in
Figure 1.33. The beam is submitted to bending moment and shear force with the
following design values: Vg = 70,0 kKN (at cross section B) e Mg = 104,2 kNm
(maximum value along the beam).

50,0 kN

B
Ved ,\

A

70,0 kN
100,0 kNm

A

\_/ B
104,2 kNm

Figure 1.33 Diagrams of internal forces

Meq

if) Cross section resistance to bending + shear force

A preliminary design for bending, assuming a cross section of class 1 or 2, leads to the
following solution:

M., =104,2 kNm<W, f [y, =W, -275.10°/1,00

= W, >378,9-10°m’=378,9 cm’.

ply

Based on a table of commercial sections, an IPE 270 with W,,, = 484,0 cm? is required.
As the beam is composed by an open cross section, laterally braced only at end sections,
the lateral torsional buckling tends to be the governing mode; therefore, an IPE 450 is

adopted.

The relevant geometrical properties of the cross section IPE 450 are: A = 98,82 cm?,
b = 190 mm, h = 450 mm, t- = 14,6 mm, t, = 9,4 mm, r = 21 mm I, = 1676 cm?,
Ir = 66,87 cm®, Iy = 791-10° cm® and W,,, = 1702 cm?. The main mechanical properties
of the steel S 275 are: f, = 275 MPa, E = 210 GPa and G = 81 GPa.

Cross section classification (Table 5.2 of EC3-1-1):
Web in bending,
c_ 378,8

=40,3<72¢=72-0,92=66,2. (class 1)
t 9,4

Flange in compression,

c_190/2-9,4/2-21
t 14,6

The section is class 1, so the bending resistance based on the plastic capacity is verified.

=4,7<9£=9-0,92=8,3. (class 1)

For an IPE 450 the shear area is given by A, = 50,85 cm?; the shear resistance and the
shear buckling (conservatively taking n» = 1,0) are achieved by the verification of the
following conditions:
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A/f,  50,85-10*.275.10°

V. =70,0 kN<V, ., = _807,4 kN.
Ed pl,Rd }/MO\/g 1,00\/§

N, 4208 448 728 _72.992 g6 5.

t 94 ” 1,00

As Vg, =70,0kN<50%V, ., =0,50-807,4 =403,7kN, it is not necessary to reduce the
bending resistance to account for the shear force.

ifi) Lateral-torsional buckling resistance

In the present example, the general method prescribed in clause 6.3.2.2 of EC3-1-1 for
the verification of the lateral torsional buckling is used. On the prediction of the critical
moment, the lateral bending and warping restraints at end sections A and B are
neglected. The critical moment is evaluated through the Eqn. (1.45), with the coefficients
C; = 1,20 and C, = 0,70 obtained from Boissonnade et al. (2006), based on the bending
moment diagram shown in Figure 1.33.

For L = 10 m, considering k, = k, = 1,0 and z, = 225 mm (loads applied at upper flange
level), the elastic critical moment is given by:

M, =133.4 KNm .

The non-dimensional slenderness is given by:
G =[W, £, /M, ] =[1702.10°.355.10°/133,4]" = 1,87.

Since a7 = 0,34 for a I rolled section, with h/b>2 (in accordance with general method),
comes:

®; =0,5-[1+a, (4 -0,2)+ 45 ]=2,53;

-0,24.

1
Xir = —_ 05
2 2\
(DLT + ((DLT - ;LLT)

The design buckling resistance is given by:

3
M, g =0,24-1702-10° ~% =112,3 kNm.

As M,p, =112,3 kKNm> M., =104,2 kNm (utilization ratio of 0,93), the cross section
IPE 400 in steel S 355 is satisfactory.

In the present example the lateral-torsional buckling was clearly the governing mode of
the beam design for the ultimate limit states. The cross section sufficient to achieve the
cross section resistance (an IPE 270) is quite lower than the required cross section for
the lateral-torsional buckling verification (an IPE 450). This is a consequence of the use
an open I section with high slenderness (and consequently low lateral and torsional
stiffness), submitted to a downward loading applied at the top flange level. In this case,
the designed solution would be improved if it was possible to introduce intermediate
lateral bracings.
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1.3.5 Design of beam-columns
1.3.5.1 Code prescriptions

Theoretical concepts

A beam-column is a member subject to bending and axial force (in general the vertical
members of framed structures as shown in Figure 1.34). The behaviour of such members
results from the combination of both effects and varies with slenderness. At low
slenderness, the cross sectional resistance dominates. With increasing slenderness,
pronounced second-order effects appear, significantly influenced by both geometrical
imperfections and residual stresses. Finally, in the high slenderness range, buckling is
dominated by elastic behaviour, failure tending to occur by flexural buckling (typical of
members in pure compression) or by lateral-torsional buckling (typical of members in
bending) (Simdes da Silva et al., 2013).

Figure 1.34 Steel members subjected to bending and axial force

The behaviour of a member under bending and axial force results from the interaction
between instability and plasticity and is influenced by geometrical and material
imperfections. The verification of the safety of members subject to bending and axial
force is made in two steps:

o verification of the resistance of cross sections;
o verification of the member buckling resistance (in general governed by flexural
or lateral-torsional buckling).

As referred before (section 1.2.2.4), the classification of a cross section is based on its
maximum resistance with respect to the type of the applied internal forces, independent
from their values. In the case of bending and axial force, there is a range of M-N values
that correspond to the ultimate resistance of the cross section. Another additional
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difficulty consists in the definition of the cross section class to be considered in the
verification of the stability of a member, as in general it varies along the member as a
consequence of varying internal forces. As EC3-1-1 does not provide clear procedures to
deal with these two issues, example 6 follows the guidance from the SEMI-COMP+
project (Greiner et al., 2011). In accordance with this procedure, the classification for
member buckling design is established as an equivalent class based on the cross section
with maximum first-order utilization factor; the position of the neutral axis for the case of
complete yielding of the cross section (limits between classes 1 and 2 and classes 2 and
3), is determined based on the proportionality of the acting forces.

Cross section resistance

The cross section resistance is based on its plastic capacity (class 1 or 2 sections) or on
its elastic capacity (class 3 or 4 cross sections). When a cross section is subjected to
bending moment and axial force (N + M,, N + M, or even N + M, + M,), the bending
moment resistance should be reduced, using interaction formulae. The interaction
formulae to evaluate the elastic cross section capacity are the well-known formulae of
simple beam theory, valid for any type of cross section. However, the formulae to
evaluate the plastic cross section capacity are specific for each cross section shape.

Clause 6.2.9 provides several interaction formulae between bending moment and axial
force, in the plastic range and in the elastic range. These are applicable to most cross
sections.

a) Class 1 or 2 sections

In class 1 or 2 cross sections, the following condition should be satisfied (clause
6.2.9.1(2)):

My <M (1.61)

N,Rd 1

where Mgy is the design bending moment and M, rqs represents the design plastic moment
resistance reduced due to the axial force Ng,.

For I or H sections, rolled or welded, with equal flanges and where fastener holes are not
to be accounted for, the reduced plastic moment resistances, My, rs and My, ,rs about the
y and z axis respectively can be obtained from clause 6.2.9.1(5):

1-n . (1.62)
My ra = Moy ra 1-0.5a but Myyra <Mpyra i

M =M if n<a; (1.63)

N,z,Rd

’ (1.64)
n-a ,
My .k =My 2 ra l:l —{ ) } if n>a,

pl,z,Rd

1-a

where a = (A-2bty)/A, but a < 0,5. For low values of axial force, the reduction of the
plastic moment resistance is not significant, as can be seen in Figure 1.35. For doubly
symmetric I or H sections, if the conditions prescribed in clause 6.2.9.1(4) are fulfilled
the interaction bending moment-axial force can be neglected.
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N a
Np,
Minor axis z
1,0 ‘
/ Strong axis y
M M
y L) V4
HEA
I Mp/,y Mpl,z
0 |
0 1,0

Figure 1.35 Interaction bending-axial force in an HEA section

For circular hollow sections, the reduced plastic moment resistance is given by:

Moy =M

pl,Rd

(1_n1,7). (1.65)

N,Rd

For rectangular hollow sections of uniform thickness and for welded box sections with
equal flanges and equal webs and where fastener holes are not to be accounted for, the
reduced plastic moment resistances, can also be obtained from clause 6.2.9.1(5):

1-n (1.66)
M.y ra =My ra 1-05a but My,yra <Mpiyrai
1-n (1.67)
MN,z,Rd = Mp/,z,Rd 1-05a. but MN,z,Rd < Mp/,z,Rd ’
129

where a, < 0,5 and ar < 0,5 are the ratios between the area of the webs and of the
flanges, respectively, and the gross area of the cross section.

In a cross section under bi-axial bending and axial force, the N + M, + M, interaction can
be checked by the following condition (clause 6.2.9.1(6) of EC3-1-1):

o Vi 1-68
|: My,Ed :l + |: MZ,Ed :| < 1, 00 , ( )
M M

N,y,Rd N,z,Rd

where « and g are parameters that depend on the shape of the cross section and My, rs
and My . rqs are the reduced plastic moments resistances around y and z, respectively,
evaluated as previously described. The values of « and g are given as follows:

o IorHsections a=2; f=5n, but p=1;
o circular hollow sections a= = 2;
o rectangular hollow sections = 8= 1,66/(1-1,13n°), but o= < 6.
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b) Class 3 or 4 cross sections

In class 3 or 4 cross sections, the interaction between bending and axial force requires
that the following condition be checked:

(1.69)

Y
o-x,Ed < !

7mo

where oy g4 is the design value of the local longitudinal stress due to bending moment and
axial force, taking into account the fastener holes where relevant. This stress is
evaluated by an elastic stress analysis, based on the gross cross section for class 3 cross
sections, and on a reduced effective cross section for class 4 sections. Additionally, in
class 4 cross sections the bending moments due to the shift of the centroidal axis on the
reduced effective cross section should be taken into account, see clause 6.2.9.3(2).

¢) Interaction of bending, axial and shear force

The interaction between bending, axial and shear force should be checked as follows
(clause 6.2.10 of EC3-1-1):

o when Vgs < 50% of the design plastic shear resistance V,, s, no reduction need
be made in the bending and axial force resistances obtained from clause 6.2.9;

o when Vggs = 50% of V,rq, then the design resistance to the combination of
bending moment and axial force should be calculated using a reduced yield
strength for the shear area. This reduced strength is given by (1-p)f, , where
p=(2Ved/ Vpra-1)>.

Member resistance

For a member under bending and compression, besides the first-order moments and
displacements (obtained based on the undeformed configuration), additional
second-order moments and displacements exist (“P-5" effects). In the past, various
interaction formulae have been proposed to represent this situation over the full
slenderness range. The present approach of EC3-1-1 is based on a linear-additive
interaction formula, illustrated by Eqn. (1.70). According this approach, the effects of the
axial compression and the bending moments are added linearly and the non-linear effects
of the axial compression are taken into account by specific interaction factors.

M 1.70
v My cq00, (1.70)
M M

uy uz

N
e
(Nu,

where N, M, and M, are the applied forces and N,, M,, and M,, are the design resistances,
that take in due account the associated instability phenomena.

EC3-1-1 provided various procedures for the verification of the global stability of a steel
structure, including the different ways of considering the second order effects (local P-6
effects and global P-A effects). Local P-5 effects are generally taken into account
according to the procedures given in clause 6.3 of EC3-1-1; global P-A effects are either
directly considered in the global analysis of the structure, or they are indirectly
considered, by an appropriate increase of the buckling lengths of the members.

The instability of a member of doubly symmetric cross section, not susceptible to
distortional deformations, and subject to bending and axial compression, can be due to
flexural buckling or to lateral torsional buckling. Therefore, clause 6.3.3(1) considers two
distinct situations:
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o members not susceptible to torsional deformation, such as members of circular

hollow section or other sections restrained from torsion. Here, flexural buckling
is the relevant instability mode;

o members that are susceptible to torsional deformations, such as members of

open section (I or H sections) that are not restrained from torsion. Here,
lateral torsional buckling tends to be the relevant instability mode.

Consider a single span member of doubly symmetric section, with the “standard case”
end conditions. The member is subject to bending moment and axial compression. The
following conditions should be satisfied:

where:

Ne + k M, g + AM, gy M, eq + AM, 4 <1.00; (1.71)

Xy NRk/7M1 Y r My,Rk/}/Ml . Mz,Rk/7M1

Ney Tk M, es +AM, e Lk M, es + AM, ¢4 <1,00, (1.72)

Xz NRk/7M1 i Xir My,Rk/7M1 “ Mz,Rk/7M1

Neq, My eq and M, g4 are the design values of the axial compression force and the
maximum bending moments along the member about y and z, respectively;

AM, g and AM, g4 are the moments due to the shift of the centroidal axis on a
reduced effective class 4 cross section;

xy and y, are the reduction factors due to flexural buckling about y and z,
respectively, evaluated according to clause 6.3.1 of EC3-1-1;

.7 1S the reduction factor due to lateral-torsional buckling, evaluated according to
clause 6.3.2 of EC3-1-1 (yr = 1.0 for members that are not susceptible to
torsional deformation);

kyy, kyz, Kz, and k. are interaction factors that depend on the relevant instability
and plasticity phenomena, obtained through Annex A (Method 1 ) or Annex B
(Method 2);

Nre = f, Ai, Mire = f, W; and AM; g4 are evaluated according to Table 1.25, depending
on the cross sectional class of the member.

Table 1.25 Values for the calculation of N, M;rcand AM; g4

4

Class 1 2 3 4
A A A A Acrr
w, Wpi,y Woi,y Wey,y Wery
w, Wi 2 Wi 2 Wey - Werr
AM, 4 0 0 0 en,y Neq
AM, g4 0 0 0 en,z Neq
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In EC3-1-1 two methods are given for the calculation of the interaction factors k,,, k.,
k., and k,,; Method 1, developed by a group of French and Belgian researchers, and
Method 2, developed by a group of Austrian and German researchers (Boissonnade et al.,
2006).

In members that are not susceptible to torsional deformation, it is assumed that there is
no risk of lateral torsional buckling. The stability of the member is then verified by
checking against flexural buckling about y and about z. This procedure requires
application of Eqns. (1.71) (flexural buckling about y) and (1.72) (flexural buckling
about z), considering y,r = 1,0 and calculating the interaction factors k,,, k., k., and k,
for a member not susceptible to torsional deformation.

In members that are susceptible to torsional deformation, it is assumed that lateral
torsional buckling is more critical. In this case, Eqns. (1.71) and (1.72) should be
applied, with yr evaluated according to clause 6.3.2 of EC3-1-1, and calculating the
interaction factors for a member susceptible to torsional deformation.

According to Method 1, a member is not susceptible to torsional deformations if I+ > I,
where Ir and I, are the torsion constant and the second moment of area about y,
respectively. If the section is such that I < I,, but there are lateral restraints along the
member, this situation could still be considered as not susceptible to torsional
deformations, if the following condition is verified:

_ N N
<0,2C, 4| 1- "ed |1 Zea |
ﬂO \/T‘{/( NCI’,Z]{ N ]

cr,T

(1.73)

where C; is a coefficient that depends on the shape of the bending moment diagram
between laterally braced sections (obtained according to sub-section 3.4.1.1), N, and
Ner represent the elastic critical loads for flexural buckling about z and for torsional
buckling, respectively, and ﬂ_o is the non-dimensional slenderness coefficient for lateral

torsional buckling, assessed for a situation with constant bending moment. If the
condition (1.73) is not satisfied, the member must be considered as a member
susceptible to torsional deformations.

According to Method 2, the following members may be considered as not susceptible to
torsional deformation:

o members with circular hollow sections;
o members with rectangular hollow sections but, according to some authors
(Kaim, 2004), only if h/b<10/4., where h and b are the depth and width of

the cross section respectively, and A: is the non-dimensional slenderness
relative to the z axis;

o members with open cross section, provided that they are torsionally and
laterally restrained. According to Boissonnade et al. (2006) a member with
open I or H section, restrained by continuous restraints, may be classified as
not susceptible to torsional deformation if the conditions predicted in the
Annex BB.2 of EC3-1-1 are fulfilled; other situations must be demonstrated.

Members of open section, such as I or H sections, are considered as members susceptible
to torsional deformations if they are not adequately torsionally and laterally restrained.
Laterally restrained means that the cross section is laterally restrained at the
compression level.
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1.3.5.2 Worked examples

Example 6 - Verify the safety of column A-B of a typical industrial building, illustrated in
Figure 1.36. The column’ section is an IPE 360 (E = 210 GPa and G = 81GPa) in S 355
steel. The design loading is described in Figure 1.36. It can be assumed that shear is
small enough to be neglected in the verification of the member. The structure is assumed
to be a sway frame. So, in accordance with the second method described in 5.2.2(7)b of
EC3-1-1, the design internal forces (given in Figure 1.36) were obtained from a second
order analysis and the buckling length in the plane of the framework (plane x-z) to be
used in the design checks is given by Lg, = 6,0 m, equal to the real length. For the
buckling length in the x-y plane, consider that the column is braced at the bottom, at
mid-height and at the top.

l l l l M, es = 220,0 KNm Nes = 280,0 kN
C = y,Ed 7

=y i

3,0m
6,0 m IS )
X
V4
3,0m )
y
LA
7

Bending moment Axial force

Figure 1.36 Column subjected to major-axis bending and compression

Geometrical characteristics of the IPE 360: A = 72,73 cm?, h = 360 mm, b = 170 mm,
We,, = 903,6 cm?, W,,, = 1019 cm?®, I, = 16270 cm*, i, = 14,95 cm, W, = 122,8 cm?,
Wp,, = 191,1 cm?, I, = 1043 cm®, i, = 3,79 cm, Ir = 37,32 cm®* and I,y = 313,6-10° cm®.

i) Cross section classification

EC3-1-1 does not provide criteria for the definition of the cross sectional class to be
considered in the verification of the stability of a member, for the common case in which
the class varies along the member as a consequence of varying internal forces. Following
the guidance from the SEMI-COMP+ project (Greiner et al., 2011), the classification for
member buckling design may be established as an equivalent class based on the cross
section with maximum first-order utilization factor. In this case (see Figure 1.37), since
the utilization factor is maximum at cross section C (UF = 0.61), the classification of the
beam-column for member buckling design corresponds to the cross sectional class of
section C. As this section is subjected to bending and compression, the position of the
neutral axis for the situation of complete plastification of the section, which is necessary
for the classification of the web, depends on the relation between the bending moment
and the axial force. Following again the guidance from the SEMI-COMP+ project, the
position of the neutral axis, for fully plastic stress distributions, may be obtained by the
following equation:
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1 |-220 1 1
a=_—+ -
2 -2801(298,6-10° 2-298,6-10°

+4|=0,759.

( 280)]2 . -280° (4 .1019-10° - (298,6 : 10—3)2 .8. 1073)

298,6-107° —
(-220)

(-220)°-8-107

00 Ho,m 00 T
— 0,55 o1
0,50 1
— 0,59 0l
e o,52|
03 03+
04 04
T
05 UF factor [ 05T
0,1 o Section
06 0,11 : ! 06 L
0,0 0,2 0,4 0,6 0,8 1,0 Cross section class

Figure 1.37 Utilization factor UF and cross section class along the member

For the web in bending and compression,
396  396-0,81

c/t =298,6/8 =37,3> = =36,2; (not of class 1)
13a¢-1 13.0,759-1

¢/t =298,6/8 =37,3< 262 __456-0,81 _ ,, 5 (class 2)
13¢-1 13.0,759-1

Compressed flange,

c/t =(170/2-8/2-18)/12,7=5,0<9¢=9-0,81=7,3. (class 1)

Therefore, the section is class 2. Note that if the cross section class were established
based on the internal forces at section A (compression only), the class of the member for
the stability check would be 4.

if) Verification of the cross section resistance

Based on the internal force diagrams, section C is the critical cross section, with
M, eq= 220,0 kNm and Ng; = 280,0 kN. Since

Np/,Rd = fy A/7M0 = 2581,9kN ,

N,, = 280,0kN <0,25N . = 6455kN and N, =280,0kN<0,5h,t

w

f, /7o = 475,1kN,

according to clause 6.2.9.1(4) of EC3-1-1 it is not necessary to reduce the plastic
bending resistance, which is therefore given by:

f
—/=361,7kNm > M, ., = 220,0kNm.

MO

M

ply.Rd

=W

ply
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It is further noted that strictly speaking the resistance of the cross section A and the
section 1,20 m apart from the top (class 4 and 3, respectively) should also be checked;
although those calculations are not here presented, the safety of those sections are also
verified.

ifi) Verification of the stability of the member

In this example only Method 2 is applied. As the member is susceptible to torsional
deformations (thin-walled open cross section), it is assumed that lateral-torsional

buckling constitutes the relevant instability mode. Since M,g = 0, the following
conditions must be verified:
Neo My ea <1,00;

Xy NRk/7M1 ” it My,Rk/7M1

AR My o <1,00.
Xz NRk/7M1 y it My,Rk/]/Ml

The following steps are required to calculate the buckling reduction factors y,, x,, »r and
the interaction factors k,, and k.

Step 1: characteristic resistance of the section

N, = Af, = 72,73-10%.355.10° =2581,9kN;

M, o =W, f =1019-10°.355.10° =361, 7kNm.

ply "y
Step 2: reduction coefficients due to flexural buckling, y,and y.
Plane x-z - Lg, = 6,0 m.

_ L
A, = ey 1_ 60 —- 1 =0,53.
i, 4 14,95-10° 93,9.0,81

Since ¢+ = 0,21 (Table 6.2 of EC3-1-1, H rolled section, with h/b>1,2, tr <40 mm and
buckling about y axis), comes:

®, =0,68 =x,=0,90.
Plane x-y - Lg, = 3,0 m, assuming that secondary beams prevent displacements of the

braced cross sections in the y direction.

s k.1 30 1
7, 4 3,79-102 93,9.0,81

-1,04.

Since o+ = 0,34 (Table 6.2 of EC3-1-1, H rolled section, with h/b>1,2, <40 mm and
buckling about z axis), comes:

@, =1,18 — 7,=0,58.

Step 3: calculation of the yr using the alternative method applicable to rolled or
equivalent welded sections (clause 6.3.2.3 of EC3-1-1).

The length between braced sections is L = 3,00 m. Using Egn. (1.45) and Table 1.20 for
a member subjected to unequal end moments, gives:

¥=0,50 = C =131 = M, =649,9kNm = 7,=0,75.

As «,=0,49 (rolled H sections with h/b>2 = curve c), from clause 6.3.2.3 of
EC3-1-1, taking 4,.,=0,4 and #=0,75, gives:

LT,0
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®,,=080 = 4,=079.
The correction factor k., according to Table 1.24 (Table 6.6 of EC3-1-1), with ¥ = 0,50,
is given by:

1

k :—20,86-
¢ 1,33-0,33¥

From Egn. (1.60),
f=1-0,5-(1-0,86)-[1-2,0-(0,75-0,8) |- 0,93.

The modified lateral-torsional buckling reduction factor is obtained:
Zirmod = 0,79/0,93=0,85.

Step 4: interaction factors k,, and k.

Because the member is susceptible to torsional deformations, the interaction factors are
obtained from Table B.2 of EC3-1-1.

First, the equivalent factors of uniform moment C,, and C,,.r are obtained based on the
bending moment diagram, between braced sections according to the z direction in case
of Cn,, and laterally in case of C,,r. The factor Cp, is taken for a non-sway structure, in
accordance with the second method described in clause 5.2.2(7)b of EC3-1-1, that was
adopted in this example. Assuming a member braced in z direction and laterally at the
base and top, the factors C,,, and C,,r must be calculated based on the bending moment
diagram along the total length of the member; since the bending moment diagram is
Iinear, defined by My,Ed,base =0 kNm, My,Ed,l/Zheight = -110 kNm and My,Ed,top = -220 kNm,
based on Table B.2 of EC3-1-1,

Y =M, g pase /My earop = (0)/(220)=0,0;

C,, =0,60+0,4-(0,0)=0,60 (>0,40).

and

¥ =M, e sszneignt /My a0 = (110)/(-220) = 0,5 ;
C,.; =0,60+0,4-(0,5)=0,80 (>0,40).

The interaction factors k,, and k;, are given by:

_ N 280,0
k =C, |1+(1 -0,2)—ea __|_0,60.|1+(0,53-0,2)- ' - 0,624;
w my{ (4 );(yNRk/yMl:l { + ) 0,90-2581,9/1,00}
as k, =0,624<C, [1+0,8— = |_0,658,
ZyNRk/7M1
then k,, = 0,624 .
P PR 575 Ny | [, 011,04 280,0 0 966
2 (Cour —0,25) 7. Nuy /7 (0,80-0,25) 0,58.2581,9/1,00| ' "
0,1 N,,

as k,, =0,966 > {1 -
(C

=0,947,
mLT 0125) Xz NRk/}/Ml

then k,, =0,966.
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Step 5: Finally, the verification of Egns. (1.71) and (1.72) yields:

280,0 10,624 220,0 - 0,56<1,00;
0,90.2581,9/1,00 0,85.361,7/1,00
280,0 220,0

=0,88<1,00.

+0,966-
0,58-2581,9/1,00 0,85-361,7/1,00
It is concluded that the section HEB 320 in steel S 355 is adequate.

Example 7 - Safety check of a beam-column of the first storey of the building illustrated
in Figure 1.38. The member has a 4.335 m length and is composed by a HEB 320 cross
section in steel S 355. The design internal forces obtained through the structure analysis
for the various load combinations are illustrated in Figure 1.38. In accordance with these
diagrams two simplifications are assumed for the subsequent design verifications: i) the
shear force is sufficient small so can be neglected; ii) the shape for the bending moment
diagram is linear. So, in accordance with the previous assumptions, the design values of
the internal forces are: Ngg = 1704,0 kN and M, gz = 24,8 kNm, at base level.

4
65,5 kNm
Y
53,0 kN 72,3 kNm 29,8 kNm

417 kN 41,1 kN 58,6 kNm 32,0 kNm

630 kN 41,1 kN 57,1 kNmZ729,3 kNm
841 kN 40,2 kN 55,9 kNm !

27,9 kKNm

1053 kN 39,3 kN 53,8 kNm {

1262 kN 43,2 kN 68,6 kNm / 54,5 kNm

RTER 50,5 R’V EpEOL TO B RN ]
1704 kN ; 29,4 kN 24,8 kNm !

Neg Ve My, eq

29,0 kNm

a) Building b) Diagrams of internal forces

Figure 1.38 Case-study building

The relevant geometric characteristics of HEB 320 cross section are: A = 161,3 cm?;
W,,, = 2149 cm? I, = 30820 cm?, i, = 13,82 cm; I, = 9239 cm?, i, = 7,57 cm;
Ir = 225,1 cm* and I, = 2069 - 10° cm®. The mechanical characteristics of the material
are: f, = 355 MPa, E = 210 GPa and G = 81 GPa.
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i) Cross section classification

As the value of the compression force is high, the cross section is classified under
compression only (conservative approach). As the section HEB 320 is a stocky section,
even under this load condition, is class 1.

ii) Verification of the cross section resistance

Based on the internal force diagrams, the bottom cross section is the critical cross
section, with My g = 24.8 KNm and Ngg = 1704,0 kN.

Nyrs =Af, /7o =161,3-10"-355.10°/1,00 = 5726, 2kN .

pl,Rd

As N, =1704,0kN <N, o, =5726,2kN, the axial force resistance is verified.

Since N,, =1704,0kN>0,25N,, ., =1431,5kN,

pl,Rd

according to clause 6.2.9.1(4) it is necessary to reduce the plastic bending resistance,
which is evaluated in accordance with the following:

W, f, _2149.10°.355.10°

Mg =2 - _762,9kNm;
ne N 17040 435, ,_ A-2bt, _161,3-2:30:2,05_ 5,
N, 5726,2 A 161,3
1-n 1-0,30
M, =M, 1N _7629. 12939 g6 opnm.
nyrs = Moyra 1770755 1-0,5.0,24

As M, ., =24,8kNm<M, ., =6069kNm,

the bending resistance, accounting the axial force, is verified.
iii) Verification of the stability of the member

In this example only Method 2 is applied. As the member is susceptible to torsional
deformations (thin-walled open cross section), it is assumed that lateral-torsional
buckling constitutes the relevant instability mode. Since M,g = 0, the following
conditions must be verified:

M
Neg +k,, v.Ed <1,00;
xy NRk/7M1 Xir My,Rk/7M1
Ne +k M,y e <1,00.

Xz NRk/}/Ml v it My,Rk/7M1

The following steps are required to calculate the buckling reduction factors y,, r,, »r and
the interaction factors k,, and k.

Step 1: characteristic resistance of the section

Ny = Af, =161,3-10*-355.10° = 5726,2kN;

M w

ply

f,=2149. 10°-355-10° = 762,9kNm.

y,Rk =

Step 2: reduction coefficients due to flexural buckling, y,and y.
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Plane x-z - Lg, = 4,335 m.

L
A, = ey 14335 = 1 =0,42.
i, 4, 13,58-107 93,9-0,81

Since o+ = 0,34 (Table 6.2 of EC3-1-1, H rolled section, with h/b=320/300=1,07<1,2,
tr=20,5 mm<40 mm and buckling about y axis), comes:

®,=0,62 = z,=0,92.

Plane x-y - Lg,= 4,335 m.

- L
ﬂzzii: 4,335_2 . 1 :0,75.
i, 4, 7,57.107 93,9.0,81

Since o = 0,49 (Table 6.2 of EC3-1-1, H rolled section, with h/b=320/300=1,07<1,2,
tr=20,5 mm<40 mm and buckling about z axis), comes:

®, =0,92 — 7, =0,69.

Step 3: calculation of the yr using the alternative method applicable to rolled or
equivalent welded sections (clause 6.3.2.3 of EC3-1-1).

The length between braced sections is L = 4,335 m. Using in the present example the
software LTbeam (2002) for a member subjected to unequal end moments, gives:

M, =50451kNm = 7, =0,39.

As a,, =0,34 (rolled H sections with h/b=320/300=1,07<2 = curve b), from clause
6.3.2.3 of EC3-1-1, taking /TLT,O =0,4 and p=0,75, gives:

®,=0,56 = y,=0,99.

The correction factor k. according to Table 1.24 (Table 6.6 of EC3-1-1), being
¥=10,6/(-24,8)=-0,43, is given by:

Kk 1 1

= = - 0,68.
1,33-0,33¥%  1,33-0,33-(-0,43)

From Eqgn. (1.60),
f=1-0,5-(1-0,68)-[1-2,0-(0,39-0,8) |- 0,89.

The modified lateral-torsional buckling reduction factor is obtained:

it mod = 0,99/0,89=1,11>1,00, so Xirmod = 1,00 must be adopted.

Step 4: interaction factors k,, and k.

Because the member is susceptible to torsional deformations, the interaction factors are
obtained from Table B.2 of EC3-1-1.

First, the equivalent factors of uniform moment C,, and C,,r are obtained based on the
bending moment diagram, between braced sections according to the z direction in case
of Cn,, and laterally in case of C,,. 7. The factor C,, is taken for a non-sway structure, in
accordance with the second method described in clause 5.2.2(7)b of EC3-1-1, that was
adopted in this example. Assuming a member braced in z direction and laterally at the
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base and top, the factors C,, and C,,r must be calculated based on the bending moment
diagram along the total length of the member; since the bending moment diagram is
linear, defined by M, gy pase = 24,8 KNm and My gq0p = -10,4 KNm, based on Table B.2 of
EC3-1-1,

Y =M, 0 /M =(-10,6)/(24,8) = -0.43;

y,Ed,base

C,, =Cpir =0,60+0,4-(-0,43)=0,43 (> 0,40).

The interaction factors k,, and k, are given by:

_ N 1704,0
k =C_ [1+(2 -0,2)——FE—1=0,43-|1+(0,42-0,2)- ! =0, 46;
" "”{ "G )zyNRk/yMj { ! ) 0,92-5726,2/1,00}
N
as k, =0,46<C, |1+0,8———=0,54,
ZyNRk/7M1

then kyy =0,46.

0,14, N

k, =|:1_ Ed }: 0,1-0,75 1704,0
’ (CmLT _0’25) Xz NRk/7M1

~(0,43-0,25) 0,69-5726,2/1,00

}=0,82;

0,1 Ng,
mLT 0125) Xz NRk/7M1

as kzy=0,822[1— }=0,76,
(C

then k,, =0,82.

Step 5: Finally, the verification Egns. (1.71) and (1.72) yields:

1704,0 10,43 24,8 _0,34<1,00;
0,92.5726,2/1,00 1,00-762,9/1,0
1704,0 10,82 24,8 0,46 <1,00.

0,69-5726,2/1,00 .1,00-762,1/1,00

It is concluded that the section HEB 320 in steel S 355 is adequate.

Example 8 - Consider the column A-B that supports a steel cantilever B-C, represented
in Figure 1.39. The column is fixed at section A, while the top section (B) is free to
rotate, but restrained from horizontal displacements in both directions. The column is
composed by a rectangular hollow section SHS 200x150x8 mm (hot finished) in S 355
steel (E = 210 GPa and G = 81 GPa). Assuming that the indicated loading is already
factored for ULS, verify the column safety according to EC3-1-1.
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920,0 kN
15,0 kN/m

' | | Transverse section of column A-B
B y

| I
es =k
5 (.
| I
i i SHS 200x150x8 mm
. |
] i 6,00 m
z | !
(v !
B
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| I
[
|
| I
Al
3,00 m {
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Figure 1.39 Structure with members of rectangular hollow section

i) Internal force diagrams

For the given design loading, the internal force diagrams are represented in Figure 1.40.

NEeq Veq Meq
67,5 KkNm

0/

965,0 kN 16,9 kN 33,8 kNm

Figure 1.40 Internal force diagrams

ii) Verification of the cross section resistance

The relevant geometrical characteristics of a SHS 200x150x8 mm are the following:
A = 52,75 cm?, W,,, = 358,8 cm®, W, = 297,1 cm?, I, = 2971 cm?*, iy = 7,505 cm,
W, = 293,7 cm?, W, = 252,6 cm?, I, = 1894 cm?, i, = 5,992 cm and Iy = 3643 cm”.

As the cross section of the member is already known, the verification of its class is
carried out according to clause 5.5 of EC3-1-1. For a member subjected to varying
bending and compression, the class of the cross section may vary along the member.
While this does not introduce any type of difficulty in the verification of the cross section
resistance (each section is designed according to its own class), it is more difficult to
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define the class of the cross section for the verification of the member’s stability, as this
is a global verification. In this example, a simplified approach is adopted, whereby the
class of the cross section is verified for the most unfavourable situation (compressed
section only). Thus, for the longer side, according to Table 1.1 (Table 5.2 in EC3-1-1),

c/t z(b—3l’)/l’ =(200—3-8)/8=22,0<335 =33-0,81=26,7. (class 1)
The cross section is class 1 in compression and can be treated as a class 1 cross section
for any other combination of stresses.

The resistance to bending about the y axis, combined with the axial force, is obtained
from Eqn. (1.62), according to clause 6.2.9.1(5):

M Y 1-n

Ny.Rd = ply,Rd 1-0.5ag  Pwrd:
! w

For the critical cross section (top of the column), subjected to Ngg = 965,0 kKN and
M, eq= 67,5 KNm,

Ney  _ 965, 0

N,z 52,75-10*.355.10°/1,00

n= -0,52;

, _A-2bt _52,75-2:15.0,8

=0,55>0,5=4,=0,5;
" A 52,75 "

M

ply,Rd

3
~358,8.10°.32210" _ 457 4kNm.
100

I

The reduced design plastic moment resistance is given by:

M =127,4. 1-0,52 =81,5kNm<M

N,y,Rd 1 _ 0, 5 X 0, 5 pl,y,Rd = M

N,y,Rd

=81,5kNm.

so that, M, =67,5kNm <M, .. =81,5kNm.

N,y ,Rd

Shear must be verified in any cross section, since the member is under constant shear.
From clause 6.2.6(3):

Ah 52,75.20
A = === =30,14cm’, leading to:
b+h 15+20 cading to

y __Af, _30,14.10*.355.10°
pl,Rd 7Mo\/§ 1100'\/§

As Vg, =16,9kN <V, ., =617,7kN, the resistance to shear is satisfactory.

-617,7kN.

For the verification of the shear buckling of the web, according to clause 6.2.6(6), with
n=1,0, h,/t,~(h-3t)/t=(200-3-8)/8=22,0<72¢/n=58,3, and so verification is not

required.

The verification of the interaction of bending and compression with shear, according to
clause 6.2.8 of EC3-1-1, must be done for cross section B. As

V,, =16,9kN< 0,50V, ., =0,50-617,7 = 308, 9kN,

it is not necessary to reduce the resistance of the section due to this interaction.
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iii) Verification of the stability of the member

For the beam-column subject to uniaxial bending (about y) and compression, using a
class 1 section, the following conditions must be verified:

Neg g e oy 00;

N Y oy M S
Zy Rk/7M1 it y,Rk/7M1

Ney +k My o <1,00.

Xz NRk/7M1 v Xir My,Rk/ym

The interaction factors k,, and k, can be obtained using one of the methods given in
clause 6.3.3, Method 1 or Method 2; for the sake of comparison, both are used in this
example.

iii-1) Method 1

Since the member has a rectangular hollow section with I+ = 3643 cm? > I, = 2971 cm?,
the member is not susceptible to torsional deformation, so flexural buckling constitutes
the relevant instability mode. Therefore it is not necessary to verify lateral-torsional
buckling and yr = 1,00 in Egns. (1.71) and (1.72). The following steps are required to
calculate the interaction factors k,, and k,,.

Step 1: characteristic resistance of the section

Ny = Af, =52,75-10*.355-10° = 1872,6kN;

M, o =W, f =358,8-10°.355.10° =127,4kNm.

ply "y

Step 2: reduction coefficients due to flexural buckling, y,and y.

Plane x-z (buckling about y): L, =0,7-6,0=4,2m.

_ L
2, = ey 1 _ 4,2 —- 1 =0,74;
i, 4 7,505-10° 93,9.0,81
a=0,21 Curve a (Table 6.2 of EC3-1-1, hot finished hollow section);
®=0,83 =y, =0,83.

Plane x-y (buckling about z):L. , =0,7-6,0=4,2m.

_ L
A, = ‘j”'zl: 4,2 — - ! =0,92;
i, 24, 5/992-10° 93,9.0,81
a=0,21 Curve a (Table 6.2 of EC3-1-1, hot finished hollow section);

»=1,00 =y,=0,72.

Step 3: calculation of the auxiliary terms, including factors C,, and C, (factors that
depend on the degree of plasticity of the section in the collapse situation), defined in
Table A.1 of EC3-1-1.

_7*EI, 2*.210-10°.2971-10°

Ncr - -
v LZE'y 4,2°

=3490,8KkN;
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7?EI, 7°-210-10°-1894-10°

Ncrz = 2 2 T 22zm Al
' LE,z 4’2
l—h 1 965,0
N _
H, = cry 3490,8 =0,94;
, N 965
y N, 3490, 8
)  Ngy _965,0
N
H, = cr,z _ 2225’4 = 0182 r
1y Ne 10,72, 9%
z Ncr,Z , 2225,4
w
Wy _ ply — 358'8 = 1,21 (< 115);
w,, 297,1
w
WZ _ pl,z — 293’7 = 1,16 (< 11 5) 7
We/,z 252’6
N, 965,0

n, = = =0,52;
P N /ywy 1872,6/1,00

A = Max (2, 2,) =max (0,74;0,92) = 0,92

As the member is not susceptible to torsional deformations, in accordance with Table A.1
of EC3-1-1, the equivalent factors of uniform moment are defined by C,, = G0 and
Cnir = 1,0, where Gy, is the factor obtained based on Table A.2 of EC3-1-1. For a linear
bending moment diagram, with M, g5 pase = -33,8 KNm and M, g4t0p = 67,5 KNm,

W, =M, e /M, garop = ~33,8/67,5=-0,50;

cr,y
965,0

=0,60;
3490, 8

~0,79+0,21-(-0,5)+0,36-(-0,50 - 0,33)-

C,, =Cp, o =0,60.

my

As I, >I, = a,=0 = b, =d;,=0,factors C,, and C,, are given by:

_ _ w.
CVV =1+ (Wy o 1) 2- 1,6 Crzny j“max - ﬁcfiy ﬂ“rr21ax np/ 2 —= <
W}’ Wy ply

C,=1+(1,21-1)-||2- 1,6 ~O,602~O,92—£-O,602~O,922 -0,52(=1,13
v 1,21 1,21

A I

(> w,,, W,

ply

C2 A2 w, W
C, =1+(w,-1)||2-14- |p |>0,6 |- L o
WV w, Wp/,y

=297,1/358,8 = 0,83);
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2 2
C, =1+(1,21-1) 2—14.M .0,52|=1,04
Y 1,21

0,6 1,21 2971_0’51'
1,16 358,8

Step 4: interaction factors k,, and k;,

Based on all the calculated auxiliary terms, considering that the cross section is class 1,
expressions in Table A.1 of EC3-1-1, give the following interaction factors k,, and k,:

_ Hy 094 1 _ .
kyy_CmyCmLTl N C —0 60 - 10 L 965,0 1’13—0,691
N 3490,8
1 / 0,82 1 1,21
kK =Cc_C.,.—* 206 =0,60-1,0- ! . .0,6- |=2== =0, 40.
zy my ~mLT L Ny C, w, ~ 9650 1,04 1,16
oy 3490, 8
Finally, Eqns. (1.71) and (1.72) yield:
M
New |k v.Ed = 965,0 +0,69- 67,5 =0,99<1,00;
Ne /Yy 20 My /7y 0,83-1872,6/1,0 1,0.127,4/1,00
M
Nes 4k, v £ 965, 0 10,40 67.5 - 0,93 <1,00.
Nee/Vwr 2 Xir My i /7 ~0,72-1872,6/1,00 1,00-127,4/1,00

The rectangular hollow section 200x150x8 mm in S 355 steel is verified according to
Method 1.

iii-2) Method 2

As the member has a rectangular hollow section, due to its high lateral bending and
torsional stiffness the verification of lateral torsional buckling is not required, and
it = 1,0. Because Method 2 only differs from Method 1 with respect to the interaction
factors, the calculation of these factors is done directly.

As the member is not susceptible to torsional deformations, the interaction factors must
be obtained from Table B.1 of EC3-1-1.

For a linear bending moment diagram, with M, g4 pase =-33,8 KNm and M, g t0p =67,5 KNm,
W, =M, 1y pose /M, £ap = —33,8/67,5=-0,50.
Table B.3 of EC3-1-1 gives:

C,, =0,6+0,4-(-0,50)=0,40 (=0,40).

Based on the previous calculations for Method 1 and for a class 1 section, interaction
factors k,, and k,, are given by:

L}:o,m{u(o,m_o,z).

Xy NRk/7M1

965,0
0,83-1872,6/1,00

kyy:Cmy{1+(/Ty—O,2) }:0,53;

as k, =0,53<C,, {1+o sN—}zo,so,
Rk/7/M1
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k,, =0,53.

According to Method 2, for a rectangular hollow section subject to compression and
uniaxial bending about y, may be assumed k,, = 0. Eqns. (1.71) and (1.72) become:

965,0 +0,53. 67,5 -0,90<1,00;
0,83-1872,6/1,00 1,00-127,4/1,00
965,0 ~0,72<1,00,

0,72-1872,6/1,00

so that the rectangular hollow section RHS 200x150x8 mm in S 355 steel is also verified
by Method 2. It is noted that, for this case, Method 2 yields less conservative results than

Method 1.
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2 Bolts, Welds, Column Base

2.1 Connections made with bolts, rivets or pins

2.1.1 Bolts

For bolted connections are used bolt classes 4.6, 4.8, 5.6, 5.8, 6.8, 8.8 and 10.9, which
characteristic yield strength f,, and characteristic ultimate tensile strength f,, are given in
Table 2.1.

Table 2.1 Nominal values of the yield strength f,,
and the ultimate tensile strength £, for bolts (Table 3.1 in EN 1993-1-8)

Bolt class 46 48 56 58 6.8 8.8 10.9
fyo (N/mm?) 240 320 300 400 480 640 900
f.o (N/Jmm?) | 400 400 500 500 600 800 1000

Only bolt assemblies of classes 8.8 and 10.9 conform to the requirements. The material
properties, dimensions and tolerances of steel rivets should comply with the national
requirements. The materials specified in EN 1993-1-8 may be used for anchor bolts
provided that the nominal yield strength does not exceed 640 N/mm? when the anchor
bolts are required to act in shear and not more than 900 N/mm? otherwise. Bolted
connections loaded in shear should be designed as one of the following:

Category A: Bearing type

In this category bolts from class 4.6 up to and including class 10.9 should be used. No
preloading and special provisions for contact surfaces are required. The design ultimate
shear load should not exceed the design shear resistance nor the design bearing
resistance.

Category B: Slip-resistant at serviceability limit state

In this category bolts from class 8.8 and 10.9 should be used. Slip should not occur at
the serviceability limit state. The design serviceability shear load should not exceed the
design slip resistance. The design ultimate shear load should not exceed the design shear
resistance or the design bearing resistance.

Category C: Slip-resistant at ultimate limit state

In this category bolts from class 8.8 and 10.9 should be used. Slip should not occur at
the ultimate limit state. The design ultimate shear load should not exceed the design slip
resistance nor the design bearing resistance. In addition for a connection in tension, the
design plastic resistance of the net cross-section at bolt holes Npetrd, (See cl. 6.2 in
EN 1993-1-1), should be checked at the ultimate limit state.

The design checks for these connections are summarized in Table 2.2.
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Table 2.2 Categories of bolted connections (Table 3.2 in EN 1993-1-8)

Category Criteria Remarks
Shear connections
A F,E, < Fo,Rq No preloading required.
bearing type EE. < F R Bolt classes from 4.6 to 10.9
vitd = britd may be used.
B Fv,Ed,ser <
lio-resistant at Fs,Rd,ser Preloaded 8.8 or 10.9 bolts
S;Zr:/?cstlasat?ir;it a FuEqs <= Fv,Rq should be used.
Y FuEs <  FoRq
C FVIEd < FSIRd
lio-resistant at F E. < F R Preloaded 8.8 or 10.9 bolts
SIlp re_SIS ant a vrEd = bsMd should be used.
ultimate F,Es < Nret,Ra
Tension connections
D Fu,Eqa = Ft,Rq No preloading required. Bolt classes
non-preloaded F,Eq < Bp,R4 from 4.6 to 10.9 may be used.
E FyEq < F,Rq4 Preloaded 8.8 or 10.9 bolts
preloaded Fi,E4 < By,Rq4 should be used.

Bolted connection loaded in tension should be designed as one of the following:

Category D: Non-preloaded

In this category bolts from class 4.6 up to and including class 10.9 should be used. No
preloading is required. This category should not be used where the connections are
frequently subjected to variations of tensile loading. However, they may be used in
connections designed to resist normal wind loads.

Category E: Preloaded
In this category preloaded 8.8 and 10.9 bolts with controlled tightening should be used.

2.1.2 Positioning of holes for bolts and rivets

Minimum and maximum spacing and end and edge distances for bolts and rivets are
given in Table 2.3 and Figure 2.1. Minimum and maximum spacing, end and edge
distances for structures subjected to fatigue are given in EN1993-1-9.
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Staggered Rows of fasteners

a) Symbols for spacing of fasteners b) Symbols for staggered spacing

“"%++—"— 3__:{%_'__4%__ .

Pio < 14t a < 200 mm p;,; < 28t a < 400 mm

1 outer row 2 inner row
d) Staggered spacing in tension members

p1 <14t a <200 mm p, <14t a <200 mm

c) Staggered spacing in compression members

vy
e, ‘
| do |
+-La® )
| i e3
0,5d,

e) End and edge distances for slotted holes

Figure 2.1 Symbols for end and edge distances and spacing of fasteners
(Figure 3.1 in EN 1993-1-8)
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Table 2.3 Minimum and maximum spacing, end and edge distances
(Table 3.3 in EN 1993-1-8)

Distances and

spacing’s, Minimum Maximum? 2 3)

see Figure 3.1
Structures made from steels conforming Structures made

to from steels
EN 10025-2 except steels conforming to conforming to
EN 10025-5 EN 10025-5

Steel exposed to Steel not exposed
the weather or to the weather or Steel used
other corrosive other corrosive unprotected
influences influences

End distance e; 1,2dy 4t + 40 mm ;?i:alrggrn?';

Edge distance e; 1,2d, 4t + 40 mm g?irlalrggrnfg

Distance e; 4)

in slotted holes 1,5do

Distance e4 4)

in slotted holes 1,5do

Spacin 2 2d The smaller of The smaller of The smaller of

pacing p: 1<0o 14t or 200 mm 14t or 200 mm 14t or 175 mm
. The smaller of
Spacing pio 14t or 200 mm
. The smaller of
Spacing pu, 28t or 400 mm
Spacin 5) 2 4d The smaller of The smaller of The smaller of
pacing pz 0o 14t or 200 mm 14t or 200 mm 14t or 175 mm

1 Maximum values for spacings, edge and end distances are unlimited, except in the following
cases:

- for compression members in order to avoid local buckling and to prevent corrosion in exposed
members and;

- for exposed tension members to prevent corrosion.

2) The local buckling resistance of the plate in compression between the fasteners should be
calculated according to EN 1993-1-1 using 0.6 p; as buckling length. Local buckling between the
fasteners need not to be checked if p;/t is smaller than 9 €. The edge distance should not exceed the
local buckling requirements for an outstand element in the compression members, see EN 1993-1-1.
The end distance is not affected by this requirement.

3) tis the thickness of the thinner outer connected part.
4 The dimensional limits for slotted holes are given in EN 1090-2.

%) For staggered rows of fasteners a minimum line spacing of p, = 1,2d, may be used, provided that
the minimum distance, L, between any two fasteners is greater or equal than 2,4d,, see Figure
2.1b).

2.1.3 Design resistance of individual fasteners

The design resistance for an individual fastener subjected to shear and/or tension is
given in Table 2.4. For preloaded bolts the design preload, F,cq should be taken as:

£ _O7Af,

p,Cd
vz

(2.1)
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The design resistances for tension and for shear through the threaded portion of a bolt
are given in Table 2.4. For bolts with cut threads, such as anchor bolts or tie rods
fabricated from round steel bars where the threads comply with EN 1090, the relevant
values from Table 2.5 should be used. For bolts with cut threads where the threads do
not comply with EN 1090 the relevant values from Table 2.4 should be multiplied by a
factor of 0,85. The design shear resistance F,rq given in Table 2.4 should only be used
where the bolts are used in holes with nominal clearances not exceeding those for normal
holes as specified in EN 1090-2. M12 and M14 bolts may also be used in 2 mm clearance
holes provided that the design resistance of the bolt group based on bearing is greater or
equal to the design resistance of the bolt group based on bolt shear. In addition for class
4.8, 5.8, 6.8, 8.8 and 10.9 bolts the design shear resistance F, rq should be taken as 0,85
times the value given in Table 2.4.

Fit bolts should be designed using the method for bolts in normal holes. The thread of a
fit bolt should not be included in the shear plane. The length of the threaded portion of a
fit bolt included in the bearing length should not exceed 1/3 of the thickness of the plate,
see Figure 2.2.

In single lap joints with only one bolt row, see Figure 2.3, the bolts should be provided
with washers under both the head and the nut. Single rivets should not be used in single
lap joints. In the case of class 8.8 or 10.9 bolts, hardened washers should be used for
single lap joints with only one bolt or one row of bolts. The design bearing resistance Fy rq
for each bolt should be limited to:

F_ , <1 "u (2.2)

Where bolts or rivets transmitting load in shear and bearing pass through packing of total
thickness t, greater than one-third of the nominal diameter d, see Figure 2.4, the design
shear resistance F, rq should be multiplying by a reduction factor g, given by:

9d

h=8d.3t

Sbut g <1 (2.3)

For double shear connections with packing on both sides of the splice, t, should be taken
as the thickness of the thicker packing.

(1) <o

@Aﬂ

| |
I Ej 1

Figure 2.2 Threaded portion of the shank in the bearing length for fit bolts
(Figure 3.2 in EN 1993-1-8)
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Table 2.4 Design resistance for individual bolts subjected to shear and/or
tension (in EN 1993-1-8 part of Table 3.4)

Failure mode

Shear Fo_% Af,
resistance per v/Rd .
shear plane

- where the shear plane passes through the threaded portion of
the bolt (A is the tensile stress area of the bolt A.):

- for classes 4.6, 5.6 and 8.8: «, = 0,6

- for classes 4.8, 5.8, 6.8 and 10.9: «, = 0,5

- where the shear plane passes through the unthreaded portion of

the bolt
(A is the gross cross section of the bolt): «, = 0,6
Bearing Fora = ko, £,dE [ yy,
resistance 1), £
2), 3) where &, is the smallest of %b or 1,0 and (in the direction of load
transfer):
- for end bolts: e;/3dy; for inner bolts: (pi/3dy) - 0,25
Parameter k; for perpendicular direction of load transfer:
- for edge bolts: k; is the smallest of 2,8%—1,7 or 2,5
0
- for inner bolts: k; is the smallest of 1,4%—1,7 or 2,5
0
Tension Kk, A,

resistance 2) Fira P
M2

where k, = 0,63 for countersunk bolt, otherwise k, = 0,9

Punching shear B :0r67fdmtpfu

resistance PR Yo

Cr?mb|ne(c:il Fy eq Fieq <1
ran =

shear a FV,Rd 1’ 4Ft,Rd

tension

The bearing resistance Fyrq for bolts
in oversized holes is 0,8 times the bearing resistance for bolts in normal holes.

in slotted holes, where the longitudinal axis of the slotted hole is perpendicular to the
direction of the force transfer, is 0,6 times the bearing resistance for bolts in round,
normal holes.

For countersunk bolt:

the bearing resistance Fyrqg Should be based on a plate thickness t equal to the
thickness of the connected plate minus half the depth of the countersinking.

for the determination of the tension resistance F;rq the angle and depth of
countersinking should conform with EN 1090-2, otherwise the tension resistance Firq
should be adjusted accordingly.

When the load on a bolt is not parallel to the edge, the bearing resistance may be
verified separately for the bolt load components parallel and normal to the end.
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- i
- IR ]
||

; P —~
i

Figure 2.3 Single lap joint with one row of bolts (Figure 3.3 in EN 1993-1-8)

Packing plates

H—

| ++ ++ [

HH A+ ++

L
l\i\ikw
T

Figure 2.4 Fasteners through packings (Figure 3.4 in EN 1993-1-8)

The design resistance of a group of fasteners may be taken as the sum of the design
bearing resistances F,rq Of the individual fasteners provided that the design shear
resistance F,rq Of each individual fastener is greater than or equal to the design bearing
resistance Fyrq. Otherwise the design resistance of a group of fasteners should be taken
as the number of fasteners multiplied by the smallest design resistance of any of the
individual fasteners.

2.1.4 Long joints

Where the distance L; between the centres of the end fasteners in a joint, measured in
the direction of force transfer, see Figure 2.5, the design shear resistance F, rq Of all the
fasteners calculated according to Table 2.5 should be reduced by multiplying it by a
reduction factor £, given by:

L -15d
B :1-120T,but Be <1 and g, >0,75 (2.4)
L Lj o
| S |
| 8 P R W B T | R T T l—e
T . i ] i T T T T

Figure 2.5 Long joints (Figure 3.7 in EN 1993-1-8)
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2.1.5 Slip-resistant connections

The design slip resistance of a preloaded class 8.8 or 10.9 bolt should be taken as:

k
Foo_KnH (2.5)

s,Rd p,C
M3

ks is given in Table 2.5
n is the number of the friction surfaces

7 is the slip factor obtained either by specific tests for the friction surface or
relevant as given in Table 2.6

For class 8.8 and 10.9 bolts with controlled tightening, the preloading force F,c to be
used in Egn. (2.5) should be taken as:

F .=0,7Af, (2.6)

Table 2.5 Values of ks (Table 3.6 in EN 1993-1-8)

Description ks
Bolts in normal holes. 1,00
Bolts in either oversized holes or short slotted holes with the axis of 0,85
the slot perpendicular to the direction of load transfer.
Bolts in long slotted holes with the axis of the slot perpendicular to 0,70
the direction of load transfer.
Bolts in short slotted holes with the axis of the slot parallel to the 0,76
direction of load transfer.
Bolts in long slotted holes with the axis of the slot parallel to the 0,63
direction of load transfer.

Table 2.6 Slip factor x for pre-loaded bolts (Table 3.7 in EN 1993-1-8)

Class of friction surfaces Slip factor u
A 0,5
B 0,4
C 0,3
D 0,2

If a slip-resistant connection is subjected to an applied tensile force, Fieq OF Fiedser, iN
addition to the shear force, Fyeq Or Fyedser, tending to produce slip, the design slip
resistance per bolt should be taken as follows:

for a category B connection:

F _ ks nu (Fp,c - Ol 8Ft,Ed,serv) (27)

s,Rd,serv.
3
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for a category C connection:

_ Koy (Fp,C -0, 8Ft,Ed)

s,Rd —
Vw3

(2.8)

If, in @ moment connection, a contact force on the compression side counterbalances the
applied tensile force no reduction in slip resistance is required.

2.1.6 Design for block tearing

Block tearing consists of failure in shear at the row of bolts along the shear face of the
hole group accompanied by tensile rupture along the line of bolt holes on the tension face
of the bolt group. Figure 2.6 shows the tearing block. For a symmetric bolt group subject
to concentric loading the design block tearing resistance, Ve 1,rq IS given by:

V Antf:J Anv fy

o =t — (2.9)
ff,1,Rd . \/g Vs

For a bolt group subject to eccentric loading the design block shear tearing resistance
Vet 2,rd IS given by:

V AntﬁJ + Anvfy

rrg = 0,5 Y (2.10)
ff,2,Rd Yoz \/g o

where
Ant is net area subjected to tension

Any is net area subjected to shear

ro

J
&g

P
U\"’;
—_—
A
¥
-
A
-
g

A= A
VAR B F“
H , m < b

i I

1 small tension force; 2 large shear force; 3 small shear force; 4 large tension force

Figure 2.6 Block tearing (Figure 3.9 in EN1993-1-8)
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The eccentricity in joints and the effects of the spacing and edge distances of the bolts,
should be taken into account in determining the design resistance of:

- unsymmetrical members;

- symmetrical members that are connected asymmetrically, such as angles
connected by one leg.

A single angle in tension connected by a single row of bolts in one leg, see Figure 2.7,
may be treated as concentrically loaded over an effective net section for which the design
ultimate resistance should be determined as follows:

with one bolt:

NURdZZ,O(ez—O,SdO)th (2.11)
' Vm2

with two bolts:

Nyra = Bo Arei (2.12)
' 7m2

with three or more bolts:

Nygrg = bs vl (2.13)
' Vm2

where:

B> and f; are reduction factors dependent on the pitch p; as given in Table 2.7. For
intermediate values of p; the value of g may be determined by linear interpolation;

Anet is the net area of the angle. For an unequal-leg angle connected by its smaller leg,
Anet Should be taken as equal to the net section area of an equivalent equal-leg angle
of leg size equal to that of the smaller leg.

Table 2.7 Reduction factors g, and g; (Table 3.8 in EN1993-1-8)

Pitch p1 | < 2,5 do >5 do
Two bolts p 0,4 0,7
Three bolts or B 0,5 0,7
more
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a) one bolt

(a) b) two bolts

c) three bolts
e‘ pl 24 pt DT

¢ & 1 @%e%

(b) (c)

Figure 2.7 Angles connected by one leg (Figure 3.9 in EN1993-1-8)

2.1.7 Connections made with pins

In the specific case of pin connections in which no rotation is required, it may be
designed as single bolted connections, provided that the length of the pin is less than
three times the diameter of the pin. For all other cases the design model is given in cl.
3.13 in EN1993-1-8. Wherever there is a risk of pins becoming loose, they should be
secured.

2.1.8 Worked example - bolted connection of double angle bar

Design the bolted connection of tension element from double angle bar of section
L 80 x 6, steel S 355. The element is loaded by tensile force Ngg = 580 kN and is
connected to gusset plate of thickness 8 mm, see Figure 2.8.

Try full thread bolts M20 Class 6.8.
First, the resistance of sections with hole is checked as follows:

_0,9A_f, 0,9-2-(935-22.6)-510

NU
Rd Yo 1,25

=589,7kN >N, =580 kN
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NEd ——— —

SR ee =l

m 2x 180 x 6 64 ‘6
40,70 |, 70 | 70 | 70 J40 8

272
€4 P B

Figure 2.8 Bolted connection of double angle bar
The shear resistance of one bolt, for two shear planes and shear in bolt thread:

FVRdzzavAsf:Jb :20,62456002141,1KN
' Vw2 1,25

The design bearing resistance of bolts is evaluated for end and inner bolts, see Figure
2.8. Factors ki and ap will be calculated as follows:

Factor k; for end bolt:
. e, ) . 35 ) . )
k,=min| 2,8 217,25 |=min| 28 - == -17;2,5|=min(2,75;25) — k=25
d, 22
Factor k; for inner bolt:
. e, ) . 35 . . .
k, =min| 2,8 4 17,255 |=min| 2822 -17;25 | = min(2,75;2,5) — k=25
0

Factor o, for end bolt:

N % 0,606
a, =min ):3—:’ =min % =min 1,176 } = 0,606
1,0 Lo 1,0
Factor «, for inner bolt:
ﬁ—% %_% 0,811
o, = min % =min % =min 1,176 ; =0,811
10 1,0 1,0
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The bearing action is decisive to the gusset plate since the 8 mm thick plate is thinner
than the angles (12 mm thick). Hence, the bearing resistance of end bolt is:

r _koadtf, 25.0,606-20-8-510
bRd = - 1,25
}/MZ I

=98,9 kN

The bearing resistance of inner bolts is:

Fo g = 2,5-0,8111-2§0~8~510 ~132,4 kN

Since the bearing resistance is lower than the shear resistance, the design is governed by
bearing action. Adding up the end bolt and inner bolt bearing capacities, the resistance of
the connection with 5 bolts is:

98,9 + 3.132,4 + 98,9= 595,0 kKN > 580 kN = Ngq

Note:

In example above is taken the bearing resistance of inner and end bolt separately. It
may be taken conservatively as the lower value of inner and end bolt (here the end bolt).
With this option, the design resistance of the connection is 5- 98,9 =494,5 kN.

2.2 Welded connections

2.2.1 Geometry and dimensions

The provisions in this section apply to weldable structural steels conforming to
EN 1993-1-1 and to material thicknesses of 4 mm and over. The provisions also apply to
joints in which the mechanical properties of the weld metal are compatible with those of
the parent metal. For welds in thinner material reference should be made to EN 1993
part 1.3 and for welds in structural hollow sections in material thicknesses of 2,5 mm and
over the guidance is given in chapter 7 of EN 1993-1-8. Further guidance on stud welding
can be found in EN ISO 14555 and EN ISO 13918. For stud welding reference should be
made to EN 1994-1-1.

This guide covers the design of fillet welds, fillet welds all round, butt welds, plug welds
and flare groove welds. Butt welds may be either full penetration butt welds or partial
penetration butt welds. Both fillet welds all round and plug welds may be either in
circular holes or in elongated holes. The most common types of joints and welds are
illustrated in EN ISO 17659.

Fillet welds may be used for connecting parts where the fusion faces form an angle of
between 60° and 120°. Angles smaller than 60° are also permitted. However, in such
cases the weld should be considered to be a partial penetration butt weld. For angles
greater than 120° the resistance of fillet welds should be determined by testing in
accordance with EN 1990 Annex D: Design by testing. Fillet welds finishing at the ends or
sides of parts should be returned continuously, full size, around the corner for a distance
of at least twice the leg length of the weld, unless access or the configuration of the joint
renders this impracticable. In the case of intermittent welds this rule applies only to the
last intermittent fillet weld at corners. End returns should be indicated on the drawings.

97



Bolts, welds, column base
F. Wald

Intermittent fillet welds should not be used in corrosive conditions. In an intermittent
fillet weld, the gaps, L; or L,, between the ends of each length of weld L,, should fulfil the
requirement given in Figure 2.9. In an intermittent fillet weld, the gap, L; or L,, should be
taken as the smaller of the distances between the ends of the welds on opposite sides
and the distance between the ends of the welds on the same side. In any run of
intermittent fillet weld there should always be a length of weld at each end of the part
connected. In a built-up member in which plates are connected by means of intermittent
fillet welds, a continuous fillet weld should be provided on each side of the plate for a
length at each end equal to at least three-quarters of the width of the narrower plate
concerned, see Figure 2.9.

Fillet welds all round, comprising fillet welds in circular or elongated holes, may be used
only to transmit shear or to prevent the buckling or separation of lapped parts. The
diameter of a circular hole, or width of an elongated hole, for a fillet weld all round
should not be less than four times the thickness of the part containing it. The ends of
elongated holes should be semi-circular, except for those ends which extend to the edge
of the part concerned. The centre to centre spacing of fillet welds all round should not
exceed the value necessary to prevent local buckling.

L\ L.J b1
E. e [ \ P
—~— —> |b =__f.t,
| | .
.
.
Ly b Lyse b,

Ft Ed F"E’ |
-~ —» |b :_1_1—%:,

L L,
— zr— N Lwe LI ‘_Dl’l
l i
Fc.E:I FcEd l-_+_
- B i_l_b
—

The smaller of: Lwe = 0,75 b and 0,75 b,
For build-up members in tension:
the smallest of L; < 16 t and 16 t; and 200 mm
For build-up members in compression or shear:
the smallest of L, < 12t and 12 t; and 0,25 b and 200 mm

Figure 2.9 Intermittent fillet welds (Figure 4.1 in EN 1993-1-8)
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A full penetration butt weld is defined as a weld that has complete penetration and fusion
of weld and parent metal throughout the thickness of the joint. A partial penetration butt
weld is defined as a weld that has joint penetration which is less than the full thickness of
the parent material. Intermittent butt welds should not be used. The design should
calculate for eccentricity in single-sided partial penetration butt welds.

2.2.2 Design resistance of a fillet welds

The effective length of a fillet weld L should be taken as the length over which the fillet
is full-size. This may be taken as the overall length of the weld reduced by twice the
effective throat thickness a. Provided that the weld is full size throughout its length
including starts and terminations, no reduction in effective length need to be made for
either the start or the termination of the weld. A fillet weld with an effective length less
than 30 mm or less than 6 times its throat thickness, whichever is larger, should not be
designed to carry load.

The effective throat thickness a of a fillet weld should be taken as the height of the
largest triangle (with equal or unequal legs) that can be inscribed within the fusion faces
and the weld surface, measured perpendicular to the outer side of this triangle, see
Figure 2.10. The effective throat thickness of a fillet weld should not be less than 3 mm.
In determining the design resistance of a deep penetration fillet weld, account may be
taken of its additional throat thickness, see Figure 2.11, provided that preliminary tests
show that the required penetration can consistently be achieved.

"~ =
~ = .
~ v
~ i :

Y [F v

Figure 2.10 Throat thickness of a fillet weld
(Figure 4.3 in EN 1993-1-8)

A

AV

R —
Figure 2.11 Throat thickness of a deep penetration fillet weld
(Figure 4.4 in EN 1993-1-8)

In this method, the forces transmitted by a unit length of weld are resolved into
components parallel and transverse to the longitudinal axis of the weld and normal and
transverse to the plane of its throat. The design throat area A, should be taken as
Ay = 2a Ler .The location of the design throat area should be assumed to be
concentrated in the root. A uniform distribution of stress is assumed on the throat section
of the weld, leading to the normal stresses and shear stresses shown in Figure 2.12. The
normal stress o) parallel to the axis is not considered when verifying the design
resistance of the weld. Welds between parts with different material strength grades
should be designed using the properties of the material with the lower strength grade.
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The design resistance of the fillet weld will be sufficient if the following are both satisfied:

where:

fu is the nominal ultimate tensile strength of the weaker part joined

2 2 2
Ui+3(Z'L+Z'H)S

u

w}/MZ

and o, <

u

Ym2

P is the appropriate correlation factor taken from Table 2.8

a.
<

Figure 2.12 Stresses on the throat section of a fillet weld (Figure 4.5 in
EN 1993-1-8)

(2.14)

oLis the normal stress perpendicular to the

o is

TL is

throat;

the normal stress parallel to the axis of

the weld;

the shear stress in the plane of the throat
perpendicular to the axis of the weld;

the shear stress in the plane of the throat
parallel to the axis of the weld.

Table 2.8 Correlation factor g, for fillet welds (Tab 4.1 in EN 1993-1-8)

Standard and steel grade

Correlation factor

EN 10025 EN 10210 EN 10219 Bw
S 235
S 235H S 235 H 0,80
S 235 W
S 275 S 275 H
S 275 H
S 275 N/NL S 275 NH/NLH 0,85
S 275 NH/NLH
S 275 M/ML S 275 MH/MLH
S 355
S 355 H
S 355 N/NL S 355 H
S 355 NH/NLH 0,90
S 355 M/ML S 355 NH/NLH
S 355 MH/MLH
S 355 W
S 420 N/NL
S 420 MH/MLH 1,00
S 420 M/ML
S 460 N/NL
S 460 NH/NLH
S 460 M/ML S 460 NH/NLH 1,00
S 460 MH/MLH
S 460 Q/QL/QL1
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The design resistance of a fillet weld all round should be determined using one of the
methods given in cl. 4.5 of EN 1993-1-8.

2.2.3 Design resistance of butt welds

The design resistance of a full penetration butt weld should be taken as equal to the
design resistance of the weaker of the parts connected, provided that the weld is made
with a suitable consumable which will produce all weld tensile specimens having both a
minimum yield strength and a minimum tensile strength not less than those specified for
the parent metal.

The design resistance of a partial penetration butt weld should be determined using the
method for a deep penetration fillet weld given in cl. 4.5.2 of EN 1993-1-8. The throat
thickness of a partial penetration butt weld should not be greater than the depth
of penetration that can be consistently achieved.

The design resistance of a T-butt joint, consisting of a pair of partial penetration butt
welds reinforced by superimposed fillet welds, may be determined as for a full
penetration butt weld, see cl. 4.7.1 of EN 1993-1-8, if the total nhominal throat thickness,
exclusive of the unwelded gap, is not less than the thickness t of the part forming the
stem of the tee joint, provided that the unwelded gap is not more than (¢ / 5) or 3 mm,
whichever is less, see Figure 2.13. The design resistance of a T-butt joint which does not
meet the requirements given in clause 4.7.3 of EN 1993-1-8 should be determined using
the method for a fillet weld or a deep penetration fillet weld given in cl. 4.5 of
EN 1993-1-8 depending on the amount of penetration. The throat thickness should be
determined in conformity with the provisions for fillet welds or partial penetration butt
welds as relevant.

-t

anom,l + anom,2 >t

&

Anom. 1
H A hould be th Il ft/5and 3
ooy NFanom.2 Cnom Shou e the smaller of t/5 an mm

™

Figure 2.13 Effective full penetration of T-butt welds (Figure 4.6 in
EN 1993-1-8)

2.2.4 Connections to unstiffened flanges

Where a transverse plate, or beam flange, is welded to a supporting unstiffened flange of
an I, H or other section, see Figure 2.14, the applied force perpendicular to the
unstiffened flange should not exceed any of the relevant design resistances of the web of
the supporting member of I or H sections, for a transverse plate, and that of the
supporting flange.
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Figure 2.14 (Figure 4.8 in EN 1993-1-8) Effective width of an unstiffened T-joint

For an unstiffened I or H section the effective width beff should be obtained from:

by =t,+2s+7Kkt, (2.15)
where
t.f
k=-" butk<1
tF, (2.16)

fy¢ is the yield strength of the flange of the I or H section;

fy» is the yield strength of the plate welded to the I or H section. The dimension s
should be obtained from:

- for a rolled I or H section: s = r (2.17)

B 2.18
_ for a welded T or H section: 5 =V2 @ (2.18)

The effective width be is included in clause 4.10 in EN 1993-1-8 for an unstiffened flange
of an I or H section and for other sections such as box sections or channel sections where
the width of the connected plate is similar to the width of the flange.

2.2.5 Long joints

In lap joints the design resistance of a fillet weld should be reduced by multiplying it by
a reduction factor g to allow for the effects of non-uniform distribution of stress along
its length. The provisions do not apply when the stress distribution along the weld
corresponds to the stress distribution in the adjacent base metal, as, for example, in the
case of a weld connecting the flange and the web of a plate girder. In lap joints longer
than 150a the reduction factor g, should be taken as g1 given by:

0,2L,
B =1,2—1506,but B <1 (2.19)

where L; is the overall length of the lap in the direction of the force.
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2.2.6 Worked example - welded connection of double angle bar

Design the welded connection of tension elements from double angle bar of section
L 80 x 6, steel S 235. Element is loaded by tensile force Ngg = 400 kN and is connected
to truss plate of thickness 8 mm, see Figure 2.15.

2""80"6 4170 41\70

Figure 2.15 Welded connection of tension double angle bar

Try weld of throat thickness a = 4 mm.

The force acting on the cross-section will be distributed to the section area to be
connected by the weld. The weld by adjacent leg is exposed to force:

P s 21,7 _

wl Ed

=400-10 = 108,5 kN

D‘I('D

The weld by outlying leg is exposed to force:

F. =N, b-e 400.103.M=291,5kN
b 80

The weld is subject to longitudinal shear 7}, only:

R
f_\/gﬁw}/MZ

For welding of adjacent leg for both sides, the following length is needed:

_ Fu3B,7, _ 108,5-10°-43.0,8-1,25
! af, 2-4.360

= 65,3 mm
For welding of outlying leg, the following length is needed:

FuN3Burws _ 291,5-10°-4/3.0,8-1,25

22—
2 af, 2-4-360

=175,3 mm

The welds with throat thickness a = 4 mm require lengths of 70 and 180 mm.
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2.2.7 Worked example - header plate simple connection

Design the short end plate connection of primary beam of cross-section IPE by bolts M16
Class 4.6, see Figure 2.16. The acting vertical shear force Vgq = 48,8 kN. The primary
beam is connected to column web of cross section HEB 260, steel S 235.

—— 5

R Vi" i in Vi“
o Y A i

80 5

1 130 \ P8 - 130 x 130 IPE 240

| A— || \HEB260
~ ]

Figure 2.16 Header plate connection

The resistance of short end plate connections is governed by the shear resistance of the
connected beam. The shear resistance of the beam section transferring shear to the end
plate is:

Af . 130. .
v oo 62 130:235 _ 449 41N 5 48,8 KN = V, (satisfactory)

pl,LRd — \/§ Yo \/5 .1,00

The design resistance of one bolt in shear (M16, Class 4.6):

_o, Af, _0,6-157-400

Fy : = 30,1 kN
' M2 1,25
The design resistance of four bolts is
4F, g =4-30,1=120,4 kN > 48,8 kN =V, (satisfactory)

The design bearing resistance of four bolts is guided by column web t = 10,0 mm.

i 35 0,648
3d, 3.18
@, =min P 1L ind 80 1l i 0,861 =0,648
3d, 4 3.18 4
£, 400 1,111
E 360
1 1 1
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218%—1,7 2,822 1,7
0 18 2,188
. e, . 80 .
k, =min31,4—=-1,7 =min<1,4.-—-1,7, =min<4,522}, =2,188
d, 18
25 2,5 2,5
£ = 4k1 o dtf 4. 2,188 0,648-16-10-360 _ 261,3 kN > 97,6 kN =
' Yz 1,25
2-48,8= V,

(satisfactory)

The resistance of the filled weld with 3 mm throat thickness is:

__alLf, _ 2:3.130-360
3 Byrws  N3-0,8:1,25

=162,1 kN > 48,8 kN (satisfactory)

W,Rd

Overall, the connection design is satisfactory.
NOTE:

In presented simplified procedure, some resistances such as the end plate resistance in bending,
the connection tying resistance and the ultimate resistance to horizontal forces are expected to be

fulfilled by proper design practices. For more information, the reader is referred to (Jaspart et al.,
2009) and (BCSA and SCI, 2002).

2.2.8 Worked example - fin plate connection

Examine the secondary beam to column connection by fin plate, see Figure 2.17. The

connection transfers vertical shear force Vgg = 30 kN. Steel S235 and fully threaded bolts
M20 Class 5.6 are used for the design.

R
| r 25
| | 40 |
| || * feoi140 | | Ves
IPE 200 .| T 4 QLL
|1 2 x 20 | 440
| 10| |40la0} P10 - 140 x 70

T umwe
HEB 200

Figure 2.17 Fin plate connection

Design shear resistance of one fully treated bolt is:
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_ aAf, _ 0,6:245-500 — 58 8 kN
ViRd Yo 1,25 !

The design bearing resistance of bolts is evaluated by factors k; a a, as governed by the
fin plate:

k, =min[2,8%—1,7; 2,5} = min[Z,S-%—lJ; 2,5j=min(3,4; 2,5)=2,5

0

e 40 0,606
3d, 3.22
o, =mindPr_0,25! —min{=8%_ _0,25! - min!%®°%| 0 606
3, 3.22
Fl 500 1,389
3 360
1 1 1

The design bearing resistance of one bolt is:

Fble _ k, Olbdtfu _ 2,5-0,60?-2250-10-360 — 109,1 kN
M2 ’

Analogous to the bearing resistance of the bolts, the bearing resistance of the beam web
may be calculated by factors k; and «, governed by the fin plate as follows:

e 65 0,985
3d, 3.22
@, =min P 1 =min 60 1 =min 0,653 =0,659
3d, 4 3.22 4
fo 500 1,389
E 360
1 1 1

- _k, o, dtf, _ 2,5-0,659-.20-5,6-360 = 53,1 kN
' Yz 1,25

The resistance of connection with two bolts:

Vig =2-min(F, i Fyps) = 2-min(58,8;109,1;53,1)=106,2 kN > 30 kN = ,

Vv,

(satisfactory)

Eccentricity of acting shear force in bots creates a bending moment in welds:
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M,

E

i =V,€e=30-0,05=1,5kNm

The moments introduces stress g, is plane of the fin plate:

6
oy =g~ Mes _ 1,5:10° g5 4 yp,
W,, 2a 2.4.140

6 6

This stress is resolved into stress perpendicular and parallel to axes of weld throat
calculated as follows:

_ Oy 57,4

—o = = 40,6 MPa
RN RN Y

€

Vi _ 3010
'"2ar 2-4-140

= 26,8 MPa

The design resistance of the fillet weld is sufficient if the following are satisfied:

Jo? +3(z2 +22) = 40,67 +3.(40,6% + 26,87) = 93,5 MPa < 360,0 MPa =

f 360

u

B 7wy 0,8-1,25

o, =40,6 MPa < f = 360 =288 MPa (satisfactory)
e 1,25
Ve, _ 30:10° o6 g vpg

172430 2.4-140

The design block tearing resistance of a fin plate is given by

summing the resistance on critical area in tension and that ’T’
in shear, see Figure 2.18: Lt |
‘Anv
0,5A f A.f 7
Ve = ! nt' u + nv'y L L
ff2,Rd 7M2 \/g }/Mo i

where L

At is net area of cross section carrying the tensile force and B B
Any is net area of cross section carrying the shear force: Figure 2.18

Critical sections
on fin plate

A, = 10-[40+60—22—%j:670 mm?
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A, = 10-[40-%}:290 mm? .

The design block tearing resistance is:

_0,5-290-360 670- 235

V4 = + = 132,7 kN >30 kN = V. satisfactor
eff2,Rd 1,25 \/g 1,00 Ed ( Y)
The shear resistance of gross area is:
Af ) )
V4 Jy _ 10- 140-235 _ 189,9 kN > 30 kN = V, (satisfactory)

pl,Rd — «/§ o \/g _1,00

For the beam web, the design block shear resistance is
evaluated in a similar way as for the fin plate, see Figure

2.19, as: Anv ||
22 A
Ant = 516'[40—?j=162,4 mm? LN
\
‘ 4040
=5,6- 25+40+60—22—£ =515,2mm?’. 1 U
v 2
Figure 2.19
. Critical sections
The beam web shear resistance: on beam

_0,5-162,4-360 + 515,2- 235

v = 93,3 kN > 30 kN = V, (satisfactory)

eff2,Rd 1,25 \/5 1,00
The bending resistance is checked for Class 3 cross-section, which resistance is:
2
W 10- 140 235
M,y =—22 = 6 = 7,7 kNm >1,5 kNm = M_, (satisfactory)
' 7mo 1,00

Hence, the connection design is satisfactory.
NOTE:

In presented simplified procedure, some resistances such as the fin plate resistance in bending and
its out-of-plane bending during erection, the connection tying resistance and the connection
ultimate resistance to horizontal forces are expected to be fulfilled by proper design practices. For
more information on the complete design procedure, the reader is referred to (Jaspart et al., 2009)
and (BCSA and SCI, 2002).

2.3 Column bases

2.3.1 Design resistance

The calculation of the column base resistance, based on the plastic force equilibrium on
the base plate and applied in EN1993-1-8:2006, is described in (Wald et al., 2008, 3-20).
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Based on the combination of acting load, see Figure 2.20, three patterns may be
distinguished:

Pattern 1 without tension in anchor bolts occurs due to high normal force loading. The
collapse of concrete appears before developing stresses in the tension part.

Pattern 2 with tension in one anchor bolt row arises when the base plate is loaded by
small normal force compared to the ultimate bearing capacity of concrete.
During collapse the concrete bearing stress is not reached. The breaking down
occurs because of yielding of the bolts or because of plastic mechanism in the
base plate.

Pattern 3 with tension in both rows of anchor bolts occurs when the base plate is loaded
by tensile normal force. The stiffness is guided by yielding of the bolts or
because of plastic mechanism in the base plate. This pattern occurs often in
base plates designed for tensile force only and may lead to contact of
baseplate to the concrete block.

The connection is loaded by axial force Ngg and bending moment Mgy, see Figure 2.21.
The position of the neutral axis is calculated according to the resistance of the tension
part Frrq. Then the bending resistance Mrq4 is determined assuming a plastic distribution
of the internal forces. For simplicity of the model, only the effective area is taken into
account, see (Cestruco, 2003). The effective area Aes under the base plate, which is
taken as an active part of equivalent rigid plate, is calculated from an equivalent T-stub,
with an effective width c. The compression force is assumed to act at the centre of the
compressed part. The tensile force is located at the anchor bolts or in the middle when
there are more rows or bolts. Like for another cross sections of the composite structures
there should be a closer look at the resistance for the ultimate limit state ULS and to the
elastic behaviour under the serviceability limit state SLS. In the ultimate limit state the
failure load of the system is important, see (BCSA and SCI. 2013). Under service loads is
checked the elastic behaviour and that the concrete cone will not fail. This would lead to
cracks and with the time to a corrosion of the reinforcement of the concrete wall and
finally to a failure of the construction.

b)

a) no tension in anchor bolts, b) one row of the anchor bolts in tension,
c) two rows of the anchor bolts in tension

Figure 2.20 The force equilibrium of the base plate
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| Activepart

Active part -
of the equivalent plate

of the equivalent plate

Neutral axis
‘ y A ‘ Equivalent rigid platg/ -
Rd
1 /V"\;” F\Centre of the compressed part
NEd
\ \ \
| o ‘ Neutral axis
‘ /7 7 1
Fth Fc.Rd c.Rd
‘ v
4 | Z
z

Figure 2.21 Force equilibrium for the column base,
one row of the anchor bolts in tension

The equilibrium of forces is calculated according to Figure 2.21 as follows:

NEd = Fc,Rd + Ft,Rd (2'20)

Meg = Fera 2 + Fipa - Z¢ (2.21)
where

F —-A._.f (2.22)

c,Rd eff "~ jd

A is effective area under the base plate
z. distance of tension part
z. distance of compressed part

The resistance of the compressed part F.rq and the resistance of the part in tension Firg
are determined in next chapters. If the tensile force in the anchor bolts according to
Figure 2.21 occur for

e=lha s, (2.23)

N,

Ed

formulas for tension and compressed part are derived

Mg Neq - 2. <F (2.24)
Z Z c1,Rd

Mgq n Neg -2 <F (2.25)
z Zz c,Rd
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Then, the column base moment resistance Mgy under a constant normal force Ng4 is
expressed as follow:

with tension force in the anchor bolts

Firng-Z+Ng -2
M., =min{ "% Fde (2.26)
" {Fc,Rd Z = NEd “Zy
without tension force, both parts are compressed
F, o Z+N_,-Z
Mg, = min{ R o (2.27)
Fora-Z—=Neg- 2oy

The procedure is derived for open section of I/H cross section. For rectangular hollow
section RHS may be taken directly with two webs. For circular/elliptical hollow sections
CHS/EHS is the procedure modified, see (Horova et al., 2011), using sector coordinates.
The effective area A« = 2 0 r c depends on the angle 4. The lever arm and the resistance
of the component in compression is

Z, :r-cosg (2.28)
Fora =Fapa=7-r-C (2.29)

2.3.2 Bending stiffness

The calculation of stiffness of the base plate, given in (Wald et al., 2008, 3-20), is
compatible with beam to column stiffness calculation. The difference between these two
procedures is in the fact that by the base plate joint the normal force has to be
introduced. In Figure 2.22 there is the stiffness model which shows a way of loading,
compression area under the flange, allocating of forces under the base plate, and a
position of the neutral axes.

i:th,l,Rd

y

L
|
:
|
‘

Figure 2.22 The stiffness model of the base plate connection of the column base
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By the calculation of the stiffness the effective area is taken into account. The position of
compression force F.rqis located at the centre of compression area. The tensile force Firq
is located at the anchor bolts. The rotational bending stiffness of the base plate is
determined during proportional loading with constant eccentricity

e:%=const. (2.30)

Ed

According to the eccentricity three possible patterns can arise, as for resistance, based
on activation of anchor bolts, see (Wald et al., 2008, 3-20). For large eccentricity with
tension in one row of anchor bolts, see Pattern 1 in Figure 2.23a, without tension in row
of anchor bolts, small eccentricity, Pattern 2 in Figure 2.23b, and with tension in both
row of anchor bolts, Pattern 3 in Figure 2.23c.

\ \ | | \
l | : 1 / : l | l
| W, | oW, In, ||
Ei o — J\ 7 - ‘T\\\:!A Ei i — \1\ ;:]
Ot ‘ \\\\ié‘cr .l | o 5t,| ‘ T S04y
p 2y, Zyr o Z) , Zr | y 2y, Zer
7 F4 'z ” P4 i

a) one anchor bolt row activated, b) no anchor bolt activated
c) both anchor bolt rows activated

Figure 2.23 The mechanical model of the base plate

Deformations & and & of components depend on the stiffness coefficient of tension part
k. and the compression part k..

Mgy Neq - 2,
5 =_Z z :MEd_NEd'Zt (2.31)
ol E k, E zk,
Mgy _ Neg -2,
5 =-Z V4 :MEd_NEd'Zt (2.32)
o E k. Ezk.
where:
Zt distance of tension/compressed part
z level arm of internal forces
E modulus of elasticity the steel

The rotation of the base plate for proportional loading, see Figure 2.24, could be
determined from formulas above
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_ Ot 0., _ 1 My — N, - 2, N Mgy + Ny - 2, (2.33)
z EZ? K, K.
From the rotation the initial stiffness is derived
s - Ez? EZ’
jini _i+ 1 Zl (2.34)
k. EZz} k
Nonlinear part of the moment-rotation curve is given by coefficient u, which express the
ratio between the rotational stiffness in respect to the bending moment, see
EN1993-1-8:2006
MY
o= | e Ed | > (2.35)
S, M,

where
k is coefficient introducing the beginning of non-linear part of curve, k = 1,5

& is shape parameter of the curve, & = 2,7.
The procedure for evaluation of stiffens is derived for open section of I/H cross section.
For rectangular hollow section RHS may be taken directly taking into account two webs.
For circular/elliptical hollow sections CHS/EHS may be modified, see (Horova, et al.,

Non-proportiona

2011).
N loading
<7 Proportional

A Moment
MRd [, LT T . T 77,7/7~7/7777
Non-proportional loading — - ---—_
T Moment
o Proportional loading
g Nonli rt of th \—cading _
y onlinear part of the curve g Column bas
7 Plastification of one component l / resistance
! 0 Normal forcg
// Anchor bolts in tension
| and one flange in compression
&Nsg
I/ Sini
0 Rotation

Figure 2.24 Moment rotation curve for proportional loading
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2.3.3 Component base plate in bending and concrete in compression

The components concrete in compression and base plate in bending represent the
behaviour of the compressed part of a steel to concrete connection. The resistance of
these components depends primarily on the bearing resistance of the concrete block
under the flexible base plate. The resistance of concrete is influenced by flexibility of
base plate. In case of loading by an axial force, the stresses in concrete are not uniformly
distributed, they are concentrated around the footprint of the column under the plate
according to its thickness. For the design the flexible base plate is replaced by reducing
the effective fully rigid plate. The grout layer between the base plate and concrete block
influences the resistance and stiffness of the component. That is why this layer is also
included into this component. Other important factors which influence the resistance are
the concrete strength, the compression area, the location of the plate on the concrete
foundation, the size of the concrete block and its reinforcement. The stiffness behaviour
of column base connection subjected to bending moment is influenced mostly by
elongation of anchor bolts. The component concrete in compression is mostly stiffer in
comparison to the component anchor bolts in tension. The deformation of concrete block
and base plate in compression is important in case of dominant axial compressive force.
The strength of the component Frq,y, expecting the constant distribution of the bearing
stresses under the effective area, is given by

(2.36)

The design value of the bearing strength fig in the joint loaded by concentrated
compression, is determined as follows. The concrete resistance is calculated according to
cl. 6.7(2) in EN1992-1-1:2004 see Figure 2.25 is

Feaw = Aco fud Aa o3, 0Af (2.37)
, AcO
where
A, =bd, (2.38)

where Ay is the loaded area and A.; the maximum spread area. The influence of height
of the concrete block to its 3D behaviour is introduced by

h>b,-b, and h>d,-d, (2.39)

3b,>b, and 3d, >d, (2.40)
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Load axes
V-

Am

Figure 2.25 Concrete compressive strength for calculation of 3D concentration

From this geometrical limitation the following formulation is derived

A
ﬂ'AOfd cl
F, 170 Tedq | A (2.41)
fjd:iJ Rld'u: A < :ﬂjfcdkjg?’A;\Ode:3,0fcd

eff “ef c0 c0

The factor g represents the fact that the resistance under the plate might be lower due
to the quality of the grout layer after filling. The value 2/3 is used in the case of the
characteristic resistance of the grout layer is at least 0,2 times the characteristic
resistance of concrete and thickness of this layer is smaller than 0,2 times the smallest
measurement of the base plate. In different cases, it is necessary to check the grout
separately, see Figure 2.26. The bearing distribution under 45° is expected in these
cases, see (Steenhuis et al., 2008).

Figure 2.26 Modelling of grout

In case of the elastic deformation of the base plate is expected homogenous stress
distribution in concrete block is expected under the flexible base plate based on the best
engineering practice. The formula for the effective width c is derived from the equality of
elastic bending moment resistance of the base plate and the bending moment acting on
the base plate. Acting forces are shown in Figure 2.27.
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c £, c

T

Figure 2.27 Base plate as a cantilever for check of its elastic deformation only

Elastic bending moment of the base plate per unit length is

molp (2.42)
6 7o

and the bending moment per unit length on the base plate of span ¢ and loaded by
distributed load is

W P (2.43)
2 J

where f; is concrete bearing strength from Eqn. (2.41) and the effective width c is

S (2.44)
3'fjd'7M0

The flexible base plate, of the area A,, is replaced by an equivalent rigid plate with area
Aeq, See Figure 2.28. Then the resistance of the component, expecting the constant
distribution of the bearing stresses under the effective area is given by

(2.45)

Fy <F, (2.46)

g

Figure 2.28 Effective area under the base plate

116



Bolts, welds, column base
F. Wald

The proposed design model for stiffness of the components base plate in bending and
concrete in compression is given also in (Steenhuis et al., 2008). The stiffness of the
component is influenced by factors: the flexibility of the plate, the Young’'s modulus of
concrete, and the size of the concrete block. By loading with force, a flexible rectangular
plate could be pressed down into concrete block. From the deformation of the component
and other necessary values which are described above, the formula to calculate the
stiffness coefficient is derived

g EcVt-L (2.47)
<~ 0,72-E

where
deqel 1S €quivalent width of the T-stub
L is length of the T-stub

2.3.4 Component base plate in bending and anchor bolt in tension

The base plate in bending and anchor bolts in tension is modelled by the help of T-stub
model based on the beam to column end plate connection model, see Figure 2.29.
Though in its behaviour there are some differences. Thickness of the base plate is bigger
to transfer compression into the concrete block. The anchor bolts are longer due to thick
pad, thick base plate, significant layer of grout and flexible embedding into concrete
block. The influence of a pad and a bolt head may be higher.

Column flange

Base plate

Figure 2.29 The T stub - anchor bolts in tension and base plate in bending

Due to longer free lengths of bolts, bigger deformations could arise. The anchor bolts,
compare to bolts, are expecting to behave ductile. When it is loaded by tension, the base
plate is often separated from the concrete surface, see Figure 2.30. By bending moment
loading different behaviour should be expected. The areas of bolt head and pad change
favourably distribution of forces on T-stub. This influence is not so distinctive during
calculation of component stiffness. The all differences from end plate connections are
involved in the component method, see EN1993-1-8:2006. The design model of this
component for resistance as well for stiffness is given in (Wald et al., 2008, 21-50).
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Figure 2.30 Length of anchor bolt

When the column base is loaded by bending moment as it is shown in Figure 2.31,
anchor bolts transfer tensile forces. This case of loading leads to elongation of anchor
bolts and bending of the base plate. Deformed bolts can cause failure as well as reaching
of the yield strength of the base plate.

3\

Figure 2.31 Tensile zone and equivalent T-stub
in case of loading by bending moment

Column with connected base plate taken, as it is shown in Figure 2.32, into model of

T-stub.
T F

m  n

Q=01 " Ta=0

Figure 2.32 T-stub separated from the concrete block with no prying force

There are two models of deformation of the T-stub of the base plate according to
presence of prying. In the case the base plate separated from the concrete foundation,
there is no prying force Q, see Figure 2.33. In other case, the edge of the plate is in
contact with concrete block, the bolts are loaded by additional prying force Q. This force
is balanced just by the contact force at the edge of the T-stub, see Figure 2.33.

When there is contact between the base plate and the concrete block, beam theory is
used to describe deformed shape of the T-stub.
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Figure 2.33 Beam model of T-stub and prying force Q

Deformed shape of the curve is described by differential equation

EIS =-M (2.48)

After writing the above equation for both parts of the beam model 1 and 2, application of
suitable boundary conditions, the equations could be solved. The prying force Q is
derived just from these solved equations as

o F 3(m’nA-2L,1) (2.49)

2 2mA(3m+n)+3L]

When the base plate is in contact with concrete surface, the prying of bolts appears and
on the contrary no prying forces occur in the case of separated base plate from the
concrete block due to the deformation of long bolts. This boundary, between prying and
no prying has to be determined. Providing that n = 1,25 m it may be expressed as

3
Lb,min = % < Lb (250)
eff
where

As is the area of the bolt

Ly, is equivalent length of anchor bolt

le is equivalent length of T-stub determined by the help of Yield line method,
presented in following part of work

For embedded bolts length L, is determined according to Figure 2.34 as

Ly =Ly + Lo, (2.51)

where
Lpe is 8 d effective bolt length

When the length of bolt L, > Lp,min there is no prying. Previous formulae is expressed for
boundary thickness t;.,, see (Wald et al., 2008, 21-50), of the base plate as
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t,, =2,066m. 3" (2.52)
/eff Lb

If the base plate are loaded by compression force and by bending moment and not by
tensile force it is recommended to neglect these prying forces. In other cases it needs to
be checked.

The design resistance of a T-stub of flange in tension of effective length { is determined
as minimum resistance of three possible plastic collapse mechanisms. For each collapse
mechanism there is a failure mode. Following collapse modes, shown in Figure 2.33, is
used for T-stub in contact with the concrete foundation, see in EN1993-1-8:2006.

FRd‘3
Bt.Rd$ Bl.Rd
= 4=
W \ W
a) Mode 3 c) Mode 2

Figure 2.34 Failure modes of the T-stub in contact with the concrete foundation

Mode 1

According to this kind of failure the T-stub with thin base plate and high strength anchor
bolts is broken. In the base plate plastic hinge mechanism with four hinges is developed.

,_-1le _ 4/efflnmpI,Rd (2.53)

Mode 2

This mode is a transition between failure Mode 1 and 3. At the same time two plastic
hinges are developed in the base plate and the limit strength of the anchor bolts is
achieved.

2 My ra + th,Rd -n (2.54)
m+n

F

2Rd

Mode 3

Failure mode 3 occurs by the T-stub with thick base plate and weak anchor bolts. The
collapse is caused by bolt fracture.

Figa = 2. Bira (2.55)
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The design strength Fry of the T-stub is derived as the smallest of these three possible
modes:

F

2,Rd’

F

Faa :min<F 3,Rd) (2.56)

1,Rd/

Because of the long anchor bolts and thick base plate different failure mode arises
compare to an end plate connection. When the T-stub is uplifted from the concrete
foundation, there is no prying, new collapse mode is obtained, see Figure 2.35. This
particular failure mode is named Mode 1-2.

Zil Frgiz
bt

le 1 s

Figure 2.35 T-stub without contact with the concrete foundation, Mode 1-2

Mode 1-2

The failure results either from bearing of the anchor bolts in tension or from the yielding
of the plate in bending, where a two hinges mechanism develops in the T-stub flange.
This failure does not appear in beam to column connection because of the small
deformation of the bolts in tension, see (Wald et al., 2008, 21-50).

2/.m
Fropa == (2.57)

The relationship between Mode 1-2 and modes of T-stub in contact with concrete is
shown in Figure 2.36.

A F/% BTRrd
W " Mede 2 S A
/’ T N // : Mode 3
[ Ly | .
0,8 T xrg/“\h)/ | - T N
Va | / \
\\7/// : < J7 ¢ y’
| Mode1 ! N )
0,6 — | -~ _-
P N |
/ s ) :
0,4 ”\\ ‘T/’ M?q% j \2 |
T Sebn |
\
0,21 A |
~___- |
4 lo Myrg /2 Brgrg
0,0 1 1 1 1 >
0 0,5 1 1,5 2

Figure 2.36 Failure mode 1-2

The boundary between the mode 1-2 and others is given in the same way like the
boundary of prying and no prying — according to the limiting bolt length Ly min.
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During the Mode 1-2 large deformations of the base plate can develop. Finally these
deformations could lead to contact between the concrete block and the edge of the
T-stub (prying forces can arise even in this case). After loading Modes 1 or 2 should be
obtained like the first. But for reaching this level of resistance, which is necessary to
obtain these modes, very large deformations are required. And so high deformations are
not acceptable for design. In conclusion, in cases where no prying forces develop, the
design resistance of the T-stub is taken as

FRd = min(Fl—Z,Rdl F3,Rd) (2.58)

Equivalent length of T-stub

The equivalent length of T-stub /., which is important for the resistance determination, is
calculated by the help of the yield line method.

Two groups of yield line patterns called circular and non-circular yield lines are
distinguished in EN1993-1-8: 2006, see Figure 2.37. The major difference between
circular and non-circular patterns is related to contact between the T-stub and rigid
foundation. The contact may occur only for non-circular patterns and prying force will
develop only in this case. This is considered in the failure modes as follows:

Mode 1

The prying force does not have influence on the failure and development of plastic hinges
in the base plate. Therefore, the formula applies to both circular and non-circular yield
line patterns.

Mode 2

First plastic hinge forms at the web of the T-stub. Plastic mechanism is developed in the
base plate and its edges come into contact with the concrete foundation. As a result,
prying forces develop in the anchor bolts and bolt fracture is observed. Therefore,
Mode 2 occurs only for non-circular yield line patterns, which allow development of
prying forces.

Mode 3

This mode does not involve any yielding of the plate and applies therefore to any T-stub.
In the design procedure, the appropriate effective length of the T-stub should be used for
Mode 1

/eff,l = min(/eff,cp;/eff,np) (259)
and for Mode 2
/eff,2 = min(’eff,np) (260)

Table 2.9, Table 2.10, Figure 2.37 and Figure 2.38 from (Wald et al., 2008, 21-50),
indicate the values of /i for typical base plates in cases with and without contact. For
symbols see Figure 2.36.
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Figure 2.37 The effective length of Figure 2.38 The effective length of
T-stub for bolts inside the flanges T-stub for bolts outside the flanges

Table 2.9 The effective length /s of a T-stub with bolts inside the flanges
No prying case
L =2am-(4m+ 1,25¢e)
/2 =4 7m

Prying case
h=2am-(4m-1,25¢)
/2 =27m

lefr,1 = min (Iy; 1)

lefr,n = min (Iy; 1)

/eff,2 = /1

/eff,z = /1

Table 2.10 Effective length /. for bolts outside the flanges
No prying case
i =4am,+ 1,25 e,

Prying case

L =4am,+ 1,25 e,
L =2 z7my b =2 7my
Is = 0,5b, I =0,5 Dby
ls, =0,5w+ 2 my + 0,625 ¢,

4 =05w+2my+ 0,625 ¢,
Is=e+ 2my+ 0,625 e,

ls=e+2my+ 0,625 e,

le=27my+4e

le=mrmy+2e
I, =2(zmy +w)

I, =rmy+w

lerr =min(ly; L 1z 1a; 1s; s 17)

lecr=min(l; Ll 0a; 155 15 17)

ler o =min (Iy ; L 155 1a; Is) lero =min (ly; L I35 1a; Is)

The prediction of the base plate stiffness is based on (Steenhuis et al., 2008). The
stiffness of the component analogous to the resistance of the T-stub is influenced by the
contact of the base plate and the concrete foundation (Wald et al., 2008, 3-20). The

formula for deformation of the base plate loaded by the force in bolt F, is

3 3 3
_1Fm”  2Fm”  2Fm (2.61)

P 23EI  E-,t° E-k,

and deformation of the bolt is
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s - hb _ R (2.62)
P Eb Eb kb
The stiffness of the T-stub is written as
F
k. = b 263
T E(5, + 5b) ( )

In following conditions cases prying force are appearing in the T-stub

As /e ini t3
2 —s,fféz — (2.64)

v

Formulas for stiffness coefficient of the base plate and of the bolt are

lgmt> 0,851t
k, = ff}‘n3 _ m3ff (2.65)
A
k, = 1,6i (2.66)

In case of no prying, it means when

l ff,i 't3
> __effiini (267)
8,82m’

Y

A
Lb
Formulas are as following:

3 3
k _ EFp _ /eff,init — 014253{efft (268)

) 2m? m

k = —e _20% (2.69)
Eo, L

The stiffness of the component of base plate in bending and bolts in tension is
summarised from above simplified predictions as

11 1 (2.70)
kT kb,i kp,i

For base plates are used the bolt pads under the bolt nut to help to cover the tolerances.
The impact of an area of the bolt pad/nut changes the geometrical characteristics of
T-stub. The influence is taken into account by the help of equivalent moment of inertia

I, bp and addition of stiffness k,, to the previous stiffness k.
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2.3.5 Anchor bolts in shear

In most cases the shear force is transmitted via friction between the base plate and the
grout. The friction capacity depends on the compressive normal force between the base
plate and the grout and the friction coefficient. At increasing horizontal displacement the
shear force increases till it reaches the friction capacity. At that point the friction
resistance stays constant with increasing displacements, while the load transfer through
the anchor bolts increases further. Because the grout does not have sufficient strength to
resist the bearing stresses between the bolts and the grout, considerable bending of the
anchor bolts may occur. The tests shows the bending deformation of the anchor bolts,
the crumbling of the grout and the final cracking of the concrete. The analytical model for
shear resistance of anchor bolts was derived in EN1993-1-8 cl 6.2.2, see (Gresnigt at al,
2008). Also, the preload in the anchor bolts contributes to the friction resistance.
However, because of its uncertainty, e.g. relaxation and interaction with the column
normal force, it was decided to neglect this action in current standard.

The design shear resistance F, rq may be derived as follows

Fora = Fera + Fubra (2.71)

where

Frra is the design friction resistance between base plate and grout layer

=C.. N (2.72)

f,d " "c,Sd

F

f,Rd
Crq is the coefficient of friction between base plate and grout layer. The following
values may be used for sand-cement mortar C¢4 = 0,20.

Ncsqa is the design value of the normal compressive force in the column. If the
normal force in the column is a tensile force Firq = 0

n is the number of anchor bolts in the base plate
Fubra is the smallest of Fiypra @Nd Fy,vb,rd

Fi,wb,ra IS the shear resistance of the anchor bolt and

a,f, A

Fovbra = ——"— (2.73)
m2

As is the tensile stress area of the bolt or of the anchor bolt
Qe is a coefficient depending on the yield strength f,, the anchor bolt

@, =0,44-0,0003f, (2.74)
fyb is the nominal yield strength the anchor bolt

where 235 N/mm? < f;, < 640 N/mm?

M2 is the partial safety factor for anchor bolt
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2.3.6 Worked example - simple column base

Check the resistance of the column base, see Figure 2.39. The column of HE 200 B
section, a concrete foundation size 850 x 850 x 900 mm, a base plate thickness 18 mm,

steel S 235 and concrete C 12/15, » = 1,50, yo = 1,00.

F
l’ Rd 4xP30-40x40

HE 200 B a, =850
=340 la, =255
t=18
30 b, =255
0/ =
/ ——
“ b =340 b =850
9 — 1
/

Figure 2.39 Designed simple column base

Concrete design strength
The minimum values for a; (or b;) are taken into account

a+2a =340+2-255=850
a, = b, =min 3a=3-340=1020 =850 mm
a+h=340+900 =1240

The condition a; = b; = 850 >a = 340 mm is satisfied, and therefore the stress
concentration factor is

k_:\/al-bl :\/850-850:2’5
7" Na-b \340-340

The concrete design strength is calculated from the equation

A

cl

lB'AOfd
F j° 0 "o
L & :,B.fcdkj:0,67~—12’50-2,5:13,4MPa

oo beff /ef AcO 1’

Flexible base plate

The flexible base plate is replaced by a rigid plate, see the following picture Figure 2.40.
The strip width is

f
c=t Y =18 235 =43,5mm
3-fi 7wo \/3~13,401,00
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¢ b,=200 c
t,=15
Cc
C
h,= 200
(o]

Figure 2.40 Effective area under the base plate

The effective area of the base plate of H shape is calculated as a rectangular area minus
the central areas without contact such that;

A =min(b; b, +2c)-min(a; h,; + 2c) —-max| min(b; b, +2c) - t, - 2¢; 0]
-max (h, - 2t, - 2¢;0)
Ay =(200+2-43,5).(200+2-43,5)- (200 +2-43,5-9-2.43,5)
.(200-2-15-2.43,5)
A.. =82369-15853 =66 516 mm?
Design resistance

The design resistance of the column base in compression is

Neg = Ay - f,4 =66 516-13,4 =891-10° N

Rd — e
Column footing

The design resistance of the column footing is higher than the resistance of the column
base

A -f, 7808235
PLRd ¥ - 1,00

MO

=1835-10° N > N,,

where

A. is area of the column. The column base is usually designed for column resistance,
which is determined by column buckling resistance.

2.3.7 Worked example - fixed column base

In the following example the calculation of the moment resistance and the bending
stiffness of the column base at Figure 2.41 is shown. The column HE 200 B of length 4 m
is loaded by a normal force Fsq = 500 kN. The concrete block C25/30 of size
1 600 x 1 600x 1000 mm is designed for particular soil conditions. The base plate is of
30 mm thickness and the steel strength is S235. Safety factors are considered as
me = 1,50; ms = 1,15, mo = 1,00; and m = 1,25. The connection between the base
plate and the concrete is carried out through four anchor bolt 22 mm diameter and
fuc = 470 MPa.
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a,= 1600
F3d® Msq | :
‘ a=420 ar =590
HE 200 B |
t=230 l
=50 =
30 e b =590

eb=90 ° °
p=2'4oj: H b =420 |p = 1600
[ ) [ )

ec = GO‘L‘L /“V ﬂLrb= 160

N AN NN NNN

Figure 2.41 Designed fixed column base

Component base plate in bending and anchor bolts in tension

Lever arm, for fillet weld ayws = 6 mm is

m=60-0,8-a, -v2=60-0,8-6-42=53,2mm

The minimum T-stub length in base plates where the prying forces not taken into
account, is

4m+1,25e, =4-53,2+1,25-50 = 275,3
27m=27-53,2=334,3
b-0,5=420-0,5=210
le; =mMin{2m+0,625e, +0,5p = 2-53,2+0,625-50+0,5-240 = 257,7
2m+0,625e, +e, =2-53,2+0,625-50+ 90 = 227,7
27m+4e, =27-53,2+4-90 = 694,3
27m+2p=27-53,2+2-240 = 814,3

/

eff,1

=210mm

The effective length of headed studs L; is taken as

L, =min(hff;8'd)+tg+t+%“=150+30+30+%=219,5mm

el

The resistance of T - stub with two headed studs is

c 2L, t*f, 2.210-30?.235
4myy, 4.53,2-1,00

T,1-2,Rd

- 417,4 kN

The resistance is limited by tension resistance of two headed studs M 22, the area in
tension As = 303 mm.

2., -2 09 A 5 0,9:470:303 o0y

Yv2 1,25
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The component stiffness coefficients for anchor bolts in tension and base plate in bending
is calculated as

303
219,5

kb:Z,O-%:Z,O- -2,8mm

0425 L, -t 0,425-210-30°
3

=16,0 mm
P m 53,2°

Component base plate in bending and concrete block in compression

To evaluate the compressed part resistance is calculated the connection factor as

a+2a =420+2-590=1600
a, = b, =min 3a=3-420=1260 =1260 mm
a+h=420+1000=1420

and a; = b; =1 260 > a =b= 420 mm

The above condition is fulfilled and

k =

]

\/al~b1 _\/1260-1260_3
a-b \ 420.-420

The grout is not influencing the concrete bearing resistance because

0,2-min(a;b) =0,2-min(420;420) = 84mm > 30mm=t,

The concrete bearing resistance is calculated as

f_2 kfy 2 30025

== =33,3MPa
#7303 1,5

From the force equilibrium in the vertical direction Fsq = Actr fia — Fira the area of concrete
in compression A in case of the full resistance of tension part is calculated

_ Fsg + Fras _ 500-10° +205,1-10° _ 21174 mm?

A
eff f;d 33[3

The flexible base plate is transferred into a rigid plate of equivalent area. The width of
the strip ¢ around the column cross section, see Figure 2.42, is calculated from

f
c=t|—r _30. |- 235 _46,0mm
3-F o 3.33,3-1,00
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t=15"

h=200

t=15.

Figure 2.42 The effective area under the base plate

For equivalent width, see Figure 2.43,
8y =t +2,5t=15+2,5-30 =90 mm

is the stiffness coefficient for base plate in bending and column in compression

E 31000
k =———=<—.a.-b = -4/90-200 =15,5mm
¢ 1,275E, ¢ "¢ 1,275-210000

tf =15

| e

Figure 2.43 The T stub in compression

Base plate resistance

The active effective width is calculated as

b Aw 21174
T b +2c 200+2-46,0

=72,5mm«<t, +2c=15+2-46,0=107,0 mm

The lever arm of concrete to the column axes of symmetry is calculated as

hC
r=—=+c-
2

C

by 200 o0 72,5
2 2 2

The moment resistance of the column base is M., = F; 5,

=109,8 mm

d'rt+Aeff'fjd'r

C

M., =205,1-10°-160+21174-33,3-109,8 =110,2 kNm

Under acting normal force Ny, =500kN the moment resistance in bending
M.y =110,2 kN.
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The end of column resistance

The design resistance in poor compression is

Af .
Nyg = v = 7808:235 4 g35.10° > N, = 500 kN
® e 1,00

The column bending resistance

v Wty _642,5-10°-235
pl,Rd — -
i 1,00

-151,0 kNm

The interaction of normal force reduces moment resistance

1o 500
N 1835
_ pl,Rd _ . _
Myza ‘MP"Rdl_o cA-2bt, -151,0 1 057808-2-200-15 124, 2 kNm
! A ! 7 808

The column base is designed on acting force only, not for column resistance.

Base plate stiffness

The lever arm of component in tension z and in compression z. to the column base
neutral axes is

_ 200

zt=h?c+ec +60 =160 mm
z =h_c_&:_200—E=92,5mm
©c 2 2 2 2

The stiffness coefficient of tension part, headed studs and T stub, is calculated as

k. = 1 __ 1 =2,4mm

For the calculation of the initial stiffness of the column base the lever arm is evaluated

z=2+2,=160+92,5=252,5mm and

k. -z, -k -z, 15,5.92,5-2,4-160
k. + k. 15,5+2,4

=58,6 mm

The bending stiffness is calculated for particular constant eccentricity

6
e="he 1102100 _ 554 4 mm
F.. 50010

as
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c __e EZ 2204  210000.252,5 _
j,ini_e+a luzl 220,4+58,6 1. 1 n 1
'k, 2,4 15,5

=37,902-10° Nmm/rad = 37 902 kNm/rad

Stiffness classification

The classification of the column base according to its bending stiffness is evaluated in
comparison to column bending stiffness. For column length L. = 4 m and its cross-section
HE 200 B is relative bending stiffness

§j,ini =S L—c = 37/ 902 109 ’
j,ini ES I

e

4000

=13,0
210 000-56,96-10°

The designed column base is rigid for braced and semi-rigid for non-sway frames
because

gj,ini =13,0>12,0= §j,ini,EC3,n; gj,ini =13,0<30,0= gj,ini,ECB,n-
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3 Design of moment resisting joints in steel
structures

3.1 Introduction

3.1.1 The traditional way in which joints are modelled for the design of a frame

Generally speaking, the process of designing building structures has been up to now
made up of the following successive steps:

o frame modelling (including the choice of rigid or pinned joints);
o initial sizing of beams and columns;

o evaluation of internal forces and moments (load effects) for each ultimate limit
state (ULS) and serviceability limit state (SLS) load combination;

o design checks of ULS and SLS criteria;
o iteration on member sizes until all design checks are satisfactory;

o design of joints to resist the relevant members end forces (either those
calculated or the maximum ones able to be transmitted by the actual
members); the design is carried out in accordance with the prior assumptions
(frame modelling) on joint stiffness.

This approach was possible since designers were accustomed to considering the joints to
be either pinned or rigid only. In this way, the design of the joints became a separate
task from the design of the members. Indeed, joint design was often performed at a later
stage, either by other personnel or by another company.

Recognising that most joints have an actual behaviour which is intermediate between
that of pinned and rigid joints, Eurocode 3 and Eurocode 4 offers the possibility to
account for this behaviour by opening up the way to what is presently known as the
semi-continuous approach. This approach offers the potential for achieving better and
more economical structures.

3.1.2 The semi-continuous approach

The rotational behaviour of actual joints is well recognised as being often intermediate
between the two extreme situations, i.e. rigid or pinned.

Let us consider the bending moments and the related rotations at a joint (Figure 3.1).

When all the different parts in the joint are sufficiently stiff (i.e. ideally infinitely stiff), the
joint is rigid, and there is no difference between the respective rotations at the ends of
the members connected at this joint (Figure 3.1a). The joint experiences a single global
rigid-body rotation which is the nodal rotation in the commonly used analysis methods
for framed structures.

Should the joint be without any stiffness, then the beam will behave just as a simply
supported beam, whatever the behaviour of the other connected member(s) (Figure
3.1b). This is a pinned joint.
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(a) Rigid joint (b) Pinned joint (c¢) Semi-rigid joint

Figure 3.1 Classification of joints according to stiffness

For intermediate cases (non-zero and non-infinite stiffness), the transmitted moment will
result in a difference between the absolute rotations of the two connected members
(Figure 3.1c). The joint is semi-rigid in these cases.

The simplest mean for representing the concept is a rotational (spiral) spring between
the ends of the two connected members. The rotational stiffness S; of this spring is the
parameter that links the transmitted moment M; to the relative rotation ¢, which is the
difference between the absolute rotations of the two connected members.

When this rotational stiffness S; is zero, or when it is relatively small, the joint falls back
into the pinned joint class. In contrast, when the rotational stiffness S; is infinite, or when
it is relatively high, the joint falls into the rigid joint class. In all the intermediate cases,
the joint belongs to the semi-rigid joint class.

For semi-rigid joints the loads will result in both a bending moment M; and a relative
rotation ¢ between the connected members. The moment and the relative rotation are
related through a constitutive law depending on the joint properties. This is illustrated in
Figure 3.2 where, for the sake of simplicity, an elastic response of the joint is assumed in
view of the structural analysis to be performed.

0=0 M; =0 M;#0
(a) Rigid joint (b) Pinned joint (¢) Semi-rigid joint

Figure 3.2 Modelling of joints (case of elastic global analysis)
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3.1.3 Application of the “Static approach”

The verification of the joint resistance may, as for any other cross-section, be performed
an elastic or a plastic basis.

In a pure elastic approach, the joints should be designed in such a way that the
generalised Von Mises stress nowhere exceeds the elastic strength of the constitutive
materials.

But steel generally exhibits significant ductility; the designer may therefore profit from
this ability to deform steel plastically and so to develop “plastic” design approaches in
which local stress plastic redistributions in the joint elements are allowed.

The use of plastic design approaches in steel construction is explicitly allowed in the
Eurocodes. For joints and connections, reference has to be made to Clause 2.5(1) of
EN 1993-1-8. Obviously, limitations to the use of such plastic approaches exist; there all
relate to the possible lack of ductility of the steel material, on one side, and of some
connections elements like bolts and welds, on the other hand. As far as steel material
itself is concerned, the use of normalized steels according to Euronorms (for instance
EN 10025) guarantees a sufficient material ductility. For the here above listed possibly
non ductile joint elements, EN1993-1-8 introduces specific requirements.

Clause 2.5(1) of EN 1993-1-8 is simply paraphrasing the so-called “static” theorem of the
limit analysis. The application of this theorem to cross-sections, for instance in bending,
is well known as it leads to the concept of bi-rectangular stress patterns and to the
notion of plastic moment resistance for Class 1 or 2 cross-sections for which no limit of
ductility linked to plate buckling phenomena has to be contemplated. For connections and
joints, the implementation of the static theorem is probably less direct, but this does not
at all prevent designers to use it.

The static theorem requires first the determination of an internal statically admissible
distribution of stresses (for cross-sections) or forces (for connections and joints), i.e. of a
set of stresses or forces in equilibrium with the external forces acting on the
cross-section or on the joint/connection and resulting from the global structural analysis.
The second requirement is to be plastically admissible; nowhere in the cross-section or
joint/connection, plasticity resistance and ductility criteria should be violated.

A large number of statically and plastically admissible distributions may exist. In most of
the cases, these ones will not respect the “kinematically admissible” criterion; in fact,
only the actual distribution has the ability to satisfy the three requirements: equilibrium,
plasticity and compatibility of displacements. But in fact, this is not a problem as long as
local deformation capacity (ductility) is available at the places where plasticity develops
in the cross-section or in the joint/connection. As long as this last condition is fulfilled,
the static theorem ensures that the resistance of the cross-section or joint/connection
associated to any statically and plastically is lower than the actual one (and therefore on
the safe side). The closer the assumed distribution will be from the actual one, the closer
the estimated resistance will be from the actual resistance.

3.1.4 Component approach

3.1.4.1 General

The characterisation of the response of the joints in terms of stiffness, resistance and
ductility is a key aspect for design purposes. From this point of view, three main
approaches may be followed:
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o experimental;
o numerical;
o analytical.
The only practical one for the designer is usually the analytical approach. Analytical

procedures enable a prediction of the joint response based on the knowledge of the
mechanical and geometrical properties of the so-called “joint components”.

In EN1998-1-8, a general analytical procedure, termed component method, is
introduced. It applies to any type of steel or composite joints, whatever the geometrical
configuration, the type of loading (axial force and/or bending moment, etc.) and the type
of member cross-sections.

The method is a general and convenient procedure to evaluate the mechanical properties
of joints subjected to various loading situations, including static and dynamic loading
conditions, fire, earthquake, etc.

3.1.4.2 Introduction to the component method

A joint is generally considered as a whole and studied accordingly; the originality of the
component method is to consider any joint as a set of individual basic components. For
the particular joint shown in Figure 3.3a (joint with an extended end-plate connection
assumed to be mainly subjected to bending), the relevant components (i.e. zones of
transfer of internal forces) are the following:

column web in compression;

beam flange and web in compression;

column web in tension;

column flange in bending;

bolts in tension;

end-plate in bending;

beam web in tension;

column web panel in shear.

o O O O o O O o

Each of these basic components possesses its own strength and stiffness either in
tension, compression or shear. The column web is subject to coincident compression,
tension and shear. This coexistence of several components within the same joint element
can obviously lead to stress interactions that are likely to decrease the resistance of the
individual basic components.

The application of the component method requires the following steps:

1. Identification of the active components in the joint being considered;

2. Evaluation of the stiffness and/or resistance characteristics for each individual
basic component (specific characteristics - initial stiffness, design resistance, etc. -
or whole deformability curve);

3. Assembly of all the constituent components and evaluation of the stiffness and/or
resistance characteristics of the whole joint (specific characteristics - initial
stiffness, design resistance, etc. - or whole deformability curve).

4. The assembly procedure is the step where the mechanical properties of the whole
joint are derived from those of all the individual constituent components. That
requires, according to the static theorem introduced in section 3.1.3, to define
how the external forces acting on the joint distribute into internal forces acting on
the components; and in a way that satisfies equilibrium and respects the
behaviour of the components.
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In EN 1993-1-8, guidelines on how to apply the component method for the
evaluation of the initial stiffness and the design moment resistance of the joints
are provided; the aspects of ductility are also addressed.

The application of the component method requires a sufficient knowledge of the
behaviour of the basic components. Those covered for static loading by
EN 1993-1-8 are listed respectively in Table 3.1. The combination of these
components allows one to cover a wide range of joint configurations and should be
largely sufficient to satisfy the needs of practitioners. Examples of such joints are
given in Figure 3.3.

Table 3.1 List of components covered by EN 1993-1-8

No Component
_V Via
!
1 Column web panel in shear I
VEd
|
2 Column web in transverse compression _LC
g —
/{’ Fc,Ed
3 Column web in transverse tension i Fika

4 Column flange in bending | Fipa

]
5 End-plate in bending .

-
6 Flange cleat in bending Fika
—_
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7 Beam or column flange and web in compression e i —
Fc,Ed
s
Ft,Ed
-— O —
8 Beam web in tension — —
Fipa Fipa
- -
9 Plate in tension or compression
- -—
FC:Ed Fc,Ed
Ft,Ed
10 Bolts in tension - —
Fr,Ed
Fv,Ed
11 Bolts in shear +§
12 Bolts in bearing (on beam flange, column flange,
end-plate or cleat) @
Fb,Ed

The Eurocodes give new and advanced options to design efficient and economic steel
structures. The design of joints plays a major role in that process. Thus the detailing of
joints and the methods of considering the joints properties in the frame analysis will
significantly influence the costs of a steel structure. This has been demonstrated by
various investigations.

However, the exploitation of the advanced possibilities is rather time consuming for the
designer if no appropriate tools for a quick and easy design are available. Different
opinions have been discussed in Europe concerning the development of the Eurocodes.
On one side it is expected that the Eurocodes provide design methods which will allow
safe, robust and economic solutions. Of course this requires more sophisticated
approaches for the design rules. On the other side the users of the Eurocodes are
requesting simple codes for practice. But this is in conflict with the major request to
make steel structures more economic. It would be unfortunate to make standards too
simple as there is the loss of many possibilities to take profit of the new and advanced
options mentioned above.
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h { i
i {

(a) Welded joint (b) Bolted joint with extended end-
plate

(c)Two joints with flush end-plates (d) Joint with flush end-plate

(Double-sided configuration)
—_—

- - _ : : i

_—

(e) End-plate type beam splice () Cover-joint type beam splice

(g) Bolted joint with angle flange (h) Two beam-to-beam joints

cleats (Double-sided configuration)

Figure 3.3 Examples of steel beam-to-column joints, beam-to-beam joints and
beam splices joints covered by EN 1993-1-8

The message is quite clear: there was and there still is a need for sophisticated standards
which form an accepted basis to design steel structures. The component method is one of
these, with its very wide scope of application. Based on the methods given in the
standards simple design tools need to be developed and provided to practitioners. This is
an optimal way to bring more economic solutions on the market with an acceptable effort
needed by the designers.

3.1.4.3 Types of design tools for joints

Beside the need for background information the engineer requires simple design tools to
be able to design joint in an efficient way. Three different types of design aids are
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provided now in various countries by several institutions or companies. The most
appropriate type depends on various aspects.

o Design tables

Design tables are ready-to-use tables containing standardised joint layouts
including dimension details and all relevant mechanical properties like
resistance, stiffness and ductility. The use of tables is certainly the quickest
way to design a joint. However, any change in the layout will require further
calculations and tables are no more helpful. Here design sheets may be used.

o Design sheets

Design sheets are set of simple design formulae. The aim is to allow a simple
and rather quick hand calculation. Due to simplifications, the results could be
more conservative or the range of validity more limited. Both design tables
and design sheets can be published in handbooks.

o Software

The most flexible way is the use of software. Of course it takes a few minutes
to enter all joint details, but there will be only few limitations in the range of
validity and any re-calculation, for example due to a change in the layout, is a
matter of a few seconds.

The optimal use of the design tool in practice requires anyway from the user a minimum
understanding of the component method approach and of its main principles in terms of
component characterisation and assembly of components. And the best way to acquire
this knowledge is to apply, at least one time in his or her professional life, EN 1993-1-8
models and rules to a specific joint. That is why a large part of the rest of the present
chapter is devoted to the line-by-line application of the component method to a
beam-to-column joint with an endplate connection.

3.2 Structural analysis and design

3.2.1 Introduction

The design of a frame and of its components consists of a two-step procedure involving a
global frame analysis followed by individual cross-section and/or member design checks.

Global frame analysis is aimed at deriving the values of the internal forces and of the
displacements in the considered structure when this one is subjected to a given set of
loads. It is based on assumptions regarding the component behaviour (elastic or plastic)
and the geometrical response (first-order or second-order theory) of the frame. Once the
analysis is complete, i.e. all relevant internal forces and displacements are determined in
the whole structure, then the design checks of all the frame components is performed.
These ones consist in verifying whether the structure satisfies all the required design
criteria under service loads (serviceability limit states - SLS) and under factored loads
(ultimate limit states — ULS).

Globally speaking, four main analysis approaches may be contemplated according to
Eurocode 3. They are reported in Table 3.2:

linear elastic first order analysis;

plastic (or elasto-plastic) first order analysis;

linear elastic second order analysis;

plastic (or elasto-plastic) second order analysis.

o O O O
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Table 3.2 Four main approaches for frame analysis

Assumed material law

(linear or non-linear)

Elastic Plastic
Linear elastic first Plastic .
L. 1st order . (or elasto-plastic)
Assumption in terms of order analysis first order analysis

geometrical effects

(linearity or non-linearity) Linear elastic Plastic
2nd order second order (or elasto-plastic)
analysis second order analysis

The selection of the more appropriate one by the user is a quite important step which will
strongly influence the number and the nature of the checks to be achieved further on, as
already stated in section 3.1.1. This choice is however not free. Next paragraphs tend to
summarise the recommendations of Eurocode 3 in this domain.

3.2.1.1 Elastic or plastic analysis and verification process

The selection of an elastic or plastic analysis and design process depends on the class of
the member cross-sections (Class 1, 2, 3 or 4).

A class expresses the way on how the possible local plate buckling of cross-section walls
subjected to compression may or not affect the resistance or the ductility of the
cross-sections.

An elastic analysis is required for frames in all cases, except for frames constituted of
Class 1 member cross-sections (at least at the locations of the plastic hinges) where a
plastic (elasto-plastic) analysis may be performed.

The cross-section and/or member design checks are also depending on the cross-section
class. Table 3.3 summarises the various possibilities offered by Eurocode 3.

Table 3.3 Selection between elastic and plastic (elasto-plastic) analysis and
design process

Designation of the
Cross-
. . . global approach
Cross-section class | Frame analysis section/member (E = elastic;
verifications N LT
P = plastic)
Plastic Plastic P-P
Class 1 Elastic Plastic E-P
Elastic Elastic E-E
Elastic Plastic E-P
Class 2 - -
Elastic Elastic E-E
Class 3 - Class 4 Elastic Elastic E-E
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3.2.1.2 First order or second order analysis

Geometrical non-linearities may affect the response of members or the response of the
full frame and lead respectively to local (flexural buckling, torsional buckling, lateral
torsional buckling, etc.) or global (global sway instability) instability phenomena.

A structural analysis may be defined as the expression of the equilibrium between the
external forces acting on the structure and the resulting internal forces in the member
cross-sections. According to the geometry of the structure taken as a reference to
express this equilibrium, one will speak about first order or second order analysis:

o in a first order analysis, reference is made to the initial undeformed shape of
the structure;

o in a second order analysis, reference is made to the actual deformed shape of
the structure.

Two types of second order are to be considered, respectively linked to so-called P-4
effects and P-5 effects. P-A effects determine possible sway instability phenomena
whereas P-§ effects govern the possible development of member instabilities. A full
second order analysis will be characterised by an explicit consideration of all geometrical
second order effects (sway and member). In this case, ho member check has to be
achieved further to the structural analysis.

Usually the designer prefers not to integrate the so-called P-5 effects (second order
effects related to the member buckling) in the frame analysis and so to check member
buckling phenomena further to the analysis, when verifying ULS. It just then remains to
decide whether the P-4 effects are to be or not considered. This is achieved through the
verification of a specific criterion defining the “sway” or “non sway” character of the
structure (“a” criterion in EN 1993-1-1).

The description “non-sway frame” applies to a frame when its response to in-plane
horizontal forces is so stiff that it is acceptable to neglect any additional forces or
moments arising from horizontal displacements of its storeys. This means that the global
second-order effects may be neglected. When the second order effects are not negligible,
the frame is said to be a “sway frame”.

Figure 3.4 summarises the choices offered to the designer, not only in terms of frame
analysis, but also of type of cross-section and/or member verification at ULS further to
the frame analysis.

146



Design of moment resisting joints in steel structures
J.-P. Jaspart and K. Weynand

Non-sway frame Sway frame
(0er < 10) (o> 10)
A 4 A\ 4 A\ 4 A 4
/ \ 1st order analysis
Global analvsi 1st order 2nd order Amplified Sway | Sway Mode Buckling
obal analysis analysis analysis Moment Method Lenght Method
K J (0t = 3) No Limitation
Account .
for 2nd order Amplified sway
P-A effects \ 4 v moments \ 4
/ . In plane member
In plane member stability tabili h
with non sway buckling length stabtlity with sway
Check of buckling length
components Cross resistances and local stability
and frame Joint resistances
\ j Out-of-plane stability of the members

Figure 3.4 Various ways for the global analysis and design process

3.2.1.3 Integration of joint response into the frame analysis and design process

Traditionally frame analysis is performed by assuming joints as perfectly pinned or
perfectly rigid. Further to the analysis, joints have therefore to be designed to behave
accordingly. In Chapter 3.1 it has been pointed out that significant global economy may
often result from what has been presented as a semi-continuous approach for structural
joints.

A cross-section being nothing else than a particular cross-section, characterised by its
own stiffness, resistance and ductility, the integration of the actual joint properties into
the frame analysis and design process appears as natural. And it is the case. For
instance, all what has been said in the previous sections remains unchanged at the
condition that the meaning of the word “cross-section” is extended to “member or joint
cross-section”. From an operational point of view, the attention has however to be drawn

to some specific concepts respectively named “joint modelling”, “joint classification” and
joint “idealisation”. These ones are presented in the next sections.

3.2.2 Joint modelling

3.2.2.1 General

Joint behaviour affects the structural frame response and shall therefore be modelled,
just like beams and columns are, for the frame analysis and design. Traditionally, the
following types of joint modelling are considered:
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o for rotational stiffness:
o rigid
o pinned
o for resistance:
o full-strength
o partial-strength
o pinned
When the joint rotational stiffness is of concern, the wording rigid means that no relative
rotation occurs between the connected members whatever is the applied moment. The
wording pinned postulates the existence of a perfect (i.e. frictionless) hinge between the
members. In fact these definitions may be relaxed, as explained in section 3.2.4 devoted
to the joint classification. Indeed rather flexible but not fully pinned joints and rather stiff
but not fully rigid joints may be considered as fairly pinned and fairly rigid respectively.

The stiffness boundaries allowing one to classify joints as rigid or pinned are examined in
section 3.2.4.

For what regards the joint resistance, a full-strength joint is stronger than the weaker of
the connected members, what is in contrast with a partial-strength joint. In the daily
practice, partial-strength joints are used whenever the joints are designed to transfer the
internal forces and not to resist the full capacity of the connected members. A pinned
joint transfers no moment. Related classification criteria are conceptually discussed in
section 3.2.4.

Consideration of rotational stiffness and resistance joint properties leads to three
significant joint modelling:

o rigid/full-strength;

o rigid/partial-strength;

o pinned.
However, as far as the joint rotational stiffness is considered, joints designed for
economy may be neither rigid nor pinned but semi-rigid. There are thus new possibilities
for joint modelling:

o semi-rigid/full-strength;

o semi-rigid/partial-strength.
With a view to simplification, EN 1993-1-8 accounts for these possibilities by introducing
three joint models (Table 3.4):

o continuous:

covering the rigid/full-strength case only;
o semi-continuous:

covering the rigid/partial-strength, the semi-rigid/full-strength and the semi-
rigid/partial-strength cases;

o simple:
covering the pinned case only.
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Table 3.4 Types of joint modelling

Stiffness Resistance
Full-strength Partial-strength Pinned
Rigid Continuous Semi-continuous *
Semi-rigid Semi-continuous Semi-continuous *
Pinned * * Simple
* : Without meaning

The following meanings are given to these terms:

o continuous:
the joint ensures a full rotational continuity between the connected members;
o semi-continuous:

the joint ensures only a partial rotational continuity between the connected
members;

o simple:

the joint prevents from any rotational continuity between the connected
members.

The interpretation to be given to these wordings depends on the type of frame analysis
to be performed. In the case of an elastic global frame analysis, only the stiffness
properties of the joint are relevant for the joint modelling. In the case of a rigid-plastic
analysis, the main joint feature is the resistance. In all the other cases, both the stiffness
and resistance properties govern the manner the joints shall be modelled. These
possibilities are illustrated in Table 3.5.

Table 3.5 Joint modelling and frame analysis

Modelling Type of frame analysis
Elastic analysis Rigid-plastic Elastic-perfectly plastic and
analysis elasto-plastic analysis
Continuous Rigid Full-strength Rigid/full-strength
Semi-continuous Semi-rigid Partial-strength Rigid/partial-strength

Semi-rigid/full-strength
Semi-rigid/partial-strength

Simple Pinned Pinned Pinned
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3.2.2.2 Modelling and sources of joint deformability

In some joints, as for instance in beam-to-column joints, EN 1993-1-8, Sec. 5.3
differentiates the loading of the connection and that of the column web; what requires,
from a theoretical point of view, that account be taken separately of both deformability
sources when designing a building frame.

However doing so is only feasible when the frame is analysed by means of a
sophisticated computer program which enables a separate modelling of both
deformability sources. For most available software, the modelling of the joints has to be
simplified by concentrating the sources of deformability into a single rotational spring
located at the intersection of the axes of the connected members.

3.2.2.3 Simplified modelling according to Eurocode 3

For most applications, the separate modelling of the connection and of the web panel
behaviour is neither useful nor feasible; therefore only the simplified modelling of the
joint behaviour will be considered in the present document. This idea is the one followed
by EN 1993-1-8. Table 3.6 shows how to relate the simplified modelling of typical joints
to the basic wordings used for the joint modelling: simple, semi-continuous and
continuous.

Table 3.6 Simplified modelling for joints according to EN 1993-1-8

Joint Beam-to-column joints .
N . . . Beam splices | Column bases
modelling major axis bending
Simple o QO
---------- .
Semi- B o
continuous | i [ d BB
gy
Continuous P — o #
..................

3.2.3 Joint idealization

The non-linear behaviour of the isolated flexural spring which characterises the actual
joint response does not lend itself towards everyday design practice. However the
moment-rotation characteristic curve may be idealised without significant loss of
accuracy. One of the most simple idealisations possible is the elastic-perfectly plastic one
(Figure 3.5a). This modelling has the advantage of being quite similar to that used
traditionally for the modelling of member cross-sections subject to bending (Figure 3.5b).
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The moment M;rq that corresponds to the yield plateau is termed design moment
resistance in Eurocode 3. It may be understood as the pseudo-plastic moment resistance
of the joint. Strain-hardening effects and possible membrane effects are henceforth
neglected; that explains the difference in Figure 3.5 between the actual M-¢ characteristic
and the yield plateau of the idealised one.

EI/L

(b) Member

——————— Actual M-¢ characteristic
Idealised M-¢ characteristic

Figure 3.5 Bi-linearisation of moment-rotation curves

The value of the constant stiffness is discussed below.

In fact there are different possible ways to idealise a joint M-¢ characteristic. The choice
of one of them is subordinated to the type of frame analysis which is contemplated, as
explained below.

3.2.3.1 Elastic idealisation for an elastic analysis
The main joint characteristic is the constant rotational stiffness.
Two possibilities are offered in Eurocode 3 Part 1-8, see Figure 3.6:

o Elastic verification of the joint resistance (Figure 3.6a) : the constant stiffness
is taken equal to the initial stiffness S;,,/ 7 ; at the end of the frame analysis,
it shall be checked that the design moment Mgq experienced by the joint is less
than the maximum elastic joint moment resistance defined as 2/3 M4 ;

o Plastic verification of the joint resistance (Figure 3.6b): the constant stiffness
is taken equal to a fictitious stiffness, the value of which is intermediate
between the initial stiffness and the secant stiffness relative to Mjgrq; it is
defined as Sj,, . This idealisation is aimed at “replacing” the actual non-linear
response of the joint by an “equivalent” constant one; it is valid for Mgq values
less than or equal to Mjgrq. EN 1993-1-8 recommends values of 7 reported in in
Table 3.7.

——————— Actual M-¢ curve
Idealised representation

Figure 3.6 Linear representation of a M-¢ curve
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Table 3.7 Stiffness modification factors

Other types of joints
Type of connection | Beam-to-column joints (beam-to-beam joints, beam
splices, column base joints)

Welded 2 3
Bolted end-plates 2 3
Bolted flange cleats 2 3,5

Base plates - 3

3.2.3.2 Rigid-plastic idealisation for a rigid-plastic analysis

Only the design resistance Mjgq is needed. In order to allow the possible plastic hinges to
form and rotate in the joint locations, it shall be checked that the joint has a sufficient
rotation capacity, see Figure 3.7.

M; pq =

I—> 4)
Figure 3.7 Rigid-plastic representation of a M-¢ curve

3.2.3.3 Non-linear idealisation for an elastic-plastic analysis

The stiffness and resistance properties are of equal importance in this case. The possible
idealisations range from bi-linear, tri-linear representations or a fully non-linear curve,
see Figure 3.8. Again rotation capacity is required in joints where plastic hinges are likely
to form and rotate.

(a) Bi-linear (b) Tri-linear (¢) Non-linear

Figure 3.8 Non-linear representations of a M-g curve
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3.2.4 Joint classification

3.2.4.1 General

In section 3.2.2, it is shown that the joints need to be modelled for the global frame
analysis and that three different types of joint modelling are introduced: simple,
semi-continuous and continuous.

It has also been explained that the type of joint modelling to which it shall be referred is
dependent both on the type of frame analysis and on the class of the joint in terms of
stiffness and/or strength (Table 3.5).

Classification criteria are used to define the stiffness class and the strength class to which
the joint belongs and also to determine the type of joint modelling which shall be
adopted for analysis. They are described here below.

3.2.4.2 Classification based on mechanical joint properties

The stiffness classification is performed by comparing simply the design joint stiffness to
two stiffness boundaries (Figure 3.9). For sake of simplicity, the stiffness boundaries
have been derived so as to allow a direct comparison with the initial design joint
stiffness, whatever the type of joint idealisation that is used afterwards in the analysis
(Figure 3.6 and Figure 3.8).

M; A Rigid

4
.7 Semi-rigid
'

, Pinned

> O
Boundaries for stiffness
------ Joint initial stiffness

Figure 3.9 Stiffness classification boundaries

The strength classification simply consists in comparing the joint design moment
resistance to "full-strength" and "pinned" boundaries (Figure 3.10).

M;
A
Full-strength
F--- ST - - - - —-—-——————-—-- M; ra
Partial-strength
Pinned
> ¢

Boundaries for strenght

_________ Joint strenght

Figure 3.10 Strength classification boundaries

It is while stressing that a classification based on the experimental joint M-¢
characteristics is not allowed, as design properties only are of concern.
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3.2.5 Ductility classes

3.2.5.1 General concept

Experience and proper detailing result in so-called pinned joints which exhibit a sufficient
rotation capacity to sustain the rotations imposed on them.

For moment resistant joints the concept of ductility classes is introduced to deal with the
question of rotation capacity.

For most of these structural joints, the shape of the M-¢ characteristic is rather bi-linear
(Figure 3.11a). The initial slope S;jn corresponds to the elastic deformation of the joint. It
is followed by a progressive yielding of the joint (of one or some of the constituent
components) until the design moment resistance M,rq is reached. Then a post-limit
behaviour (S;jpest-im) develops which corresponds to the onset of strain-hardening and
possibly of membrane effects. The latter are especially important in components where
rather thin plates are subject to transverse tensile forces as, for instance, in minor axis
joints and in joints with columns made of rectangular hollow sections.

In many experimental tests (Figure 3.11a) the collapse of the joints at a peak moment
M;,. has practically never been reached because of high local deformations in the joints
involving extremely high relative rotations. In the others (Figure 3.11b) the collapse has
involved an excessive yielding (rupture of the material) or, more often, the instability of
one of the constituent components (ex: column web panel in compression or buckling of
the beam flange and web in compression) or the brittle failure in the welds or in the
bolts.

In some joints, the premature collapse of one of the components prevents the
development of a high moment resistance and high rotation. The post-limit range is
rather limited and the bi-linear character of the Mj-¢ response is less obvious to detect
(Figure 3.11¢).

As explained in section 3.2.3, the actual Mj-¢ curves are idealised before performing the
global analysis. As for beam and column cross-sections, the usual concept of plastic
hinge can be referred to for plastic global analysis.

M; M;
S. + limit Alj'u 1
J.post limii
M;rg |
I
> > 0
(a) Infinitely ductile behaviour (b) Limited ductility
M/
M;,
M; q

v
=

(c) Non-ductile behaviour

Figure 3.11 Shape of joint M-4 characteristics
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The development of plastic hinges during the loading of the frame and the corresponding
redistribution of internal forces in the frame require, from the joints where hinges are
likely to occur, a sufficient rotation capacity. In other words, there must be a sufficiently
long yield plateau ¢, (Figure 3.12) to allow the redistribution of internal forces to take
place.

d)p/ ¢

< »

Figure 3.12 Plastic rotation capacity

For beam and column sections, deemed-to-satisfy criteria allow one to determine the
class of the sections and therefore the type of global frame analysis which can be
contemplated.

A strong similarity exists for what regards structural joints; moreover a similar
classification may be referred to:

o Class 1 joints: Mjgrq is reached by full plastic redistribution of the internal
forces within the joints and a sufficiently good rotation capacity is available to
allow, without specific restrictions, a plastic frame analysis and design to be
performed, if required;

o Class 2 joints: Mjgrq is reached by full plastic redistribution of the internal
forces within the joints but the rotation capacity is limited. An elastic frame
analysis possibly combined with a plastic verification of the joints has to be
performed. A plastic frame analysis is also allowed as long as it does not result
in a too high required rotation capacity in the joints where hinges are likely to
occur. The available and required rotation capacities have therefore to be
compared before validating the analysis;

o Class 3 joints: brittle failure (or instability) limits the moment resistance and
does not allow a full redistribution of the internal forces in the joints. It is
compulsory to perform an elastic verification of the joints.

As the moment design resistance M;grq is known whatever the collapse mode and the
resistance level, no Class 4 has to be defined as for member sections.

3.2.5.2 Requirements for classes of joints

In Eurocode 3, the procedure given for the evaluation of the design moment resistance of
any joint provides the designer with other information such as:

o the collapse mode;
o the internal forces in the joint at collapse.

Through this procedure, the designer knows directly whether the full plastic redistribution
of the forces within the joint has been reached - the joint is then Class 1 or 2 - or not -
the joint is then classified as Class 3.
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For Class 1 or 2 joints, the knowledge of the collapse mode, and more especially of the
component leading to collapse, gives an indication about whether there is adequate
rotation capacity for a global plastic analysis to be permitted. The related criteria are
expressed in EN 1993-1-8.

3.3 Worked example for joint characterisation

3.3.1 General data

The selected example is the beam-to-column joint in a typical steel frame shown in
Figure 3.13. The detailing of the joint are also shown in this Figure. As type of connection
an end-plate extended in the tensile zone was chosen. Four bolt rows are met in this
joint. A steel grade of S 235 is used.

42m

4.7 m

B
o
a—

72m 7.2 m

60 120 60

Detail: HEA 340 8511 17

i IPE 500 I T . Zt:gg
/B N — o o |
Sl\s 72|16 T80
" Il
E NS t,=10.2
Uy 5 320
28 16 N
b 2 o _‘:65
165 i s 240
8 x M24 -10.9 =15
[mm]

Figure 3.13 Joint in a steel building frame and joint detailing

The objective of this example is to characterise the joint in terms of resistance and
stiffness when subjected to hogging moments. The prediction of the resistance in shear
will also be addressed.

The partial safety factors (as recommended in the CEN version of Eurocode 3) are as
follows:
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Vmo =1,00
7w =1,00
e =1,25 (3.1)
Ywo =1,25
Ywe =1,25

At the end, the joint will be classified, in view of its modelling in a structural analysis.

Here below, a detailed computation of the joint is realised according to the
recommendations given in the EN 1993-1-8. The main steps described in Figure 6.8 will
be followed to compute the resistance in bending.

3.3.2 Determination of the component properties

a) Component 1 - Column web panel in shear

According to the catalogue of profiles, the shear area is equal to 4495 mm2. So, the
resistance of the column web panel in shear is equal to:

e = 222354495 _gy0 gg N o 24888 _g4q gy ki (3.2)
' 100043 -1.0 0
b) Component 2 — Column web in compression
The effective width is equal to:
Dot e,z = b + 242 g, +5 (tfc + 5) +5,
~16+242-8+5(16,5+27)+15+ 3,69 (3:3)

=274,81 mm

In most of the cases, the longitudinal stress in the web of the column ocomed < 0.7 £, e
and, so k.. = 1,0 . In the case of a single-sided joint, g can be safely taken as equal to
1,0. Accordingly:

1

2
1 + 1,3 beff,c,wctwc
A (3.4)

1
J1+1,3(274,81.9,5/ 4495)

w=0 =

=0,834

The estimation of the slenderness of the web is used for the definition of the reduction
factor p.

274,81.243.235

210000-9,57 0,848 (3-2)

>y beffcwcdwcf wc
Ap =0,932 | ==X = 0,932
Et

wcC
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. (7 -0,2) _(0848-02) oo (3.6)
2 0,848’

As p < 1,0, the resistance in compression will be limited by a local buckling phenomenon.
At the end:

F _0,834:1,0-274,81-9,5-235
cmeRd 1,0-1000
_0,834.1,0.0,901-274,81-9,5-235
1,0-1000

=511,67 kN
(3.7)

=460,9 kN

c) Component 3 - Column web in tension

The values of effective lengths need to be known for the estimation of the resistance of
this component. These values are the same as those to be calculated for the component
4 ,column flange in bending" (see section 3.3.2d). Four resistant loads have to be
determined:

individual bolt row resistances

resistance of the group “rows 1 and 2"

resistance of the group “rows 1, 2 and 3"

resistance of the group “rows 2 and 3”

o O O O

N ] ] D
sl salL sl sa

Figure 3.14 Bolt rows and groups of bolt rows

o In a first step, the behaviour of each individual bolt row is considered. At this
level, the resistance of the bolt rows 1, 2 and 3 are identical:

F :0,86~247,1-9,5~235:474k|\I
t,we,Rd 1,0-1000 (3.8)

=1

where: b eft, CFB

eff,c,wc

=247,1mm
1

o= 0,86
J1+1,3(247,1-9,5/ 4495)’

The resistance of the group composed of bolt rows 1 and 2 is equal to:

0,781-332,1-9,5-235
F, = —— =579,04 kN
t,we,Rd 1’01000 (39)
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where: b . =l s = (166,05 +166,05) = 332,1 mm
o= ! == 0,781
J1+1,3(332,1.9,5/ 4495)
For the group composed of bolt rows 1 to 3:
0,710x412,1x9,5x235
F =L ! ! =653,21kN
tweRd 1,0x1000 (3.10)

where: b =l crs = (166,05+82,5+163,55)=412,1 mm
1

w =
J1+1,3(412,1.9,5/ 4495)’

eff,c,wc

=0,710

Finally, for the group composed of bolt rows 2 and 3:

0,785-.327,1-9,5-235
F, = A =573,25kN
tweRd 1,0-1000 (3.11)

where: b

eff,c,wc

~ Iy cre = (163,55 +163,55) = 327,1 mm
1

= -

J1+1,3(327,1-9,5/ 4495)

=0,785

d) Component 4 - Column flange in bending

For this component, the T-stub model is used. For the latter, the following parameters
need to be determined:

m =M e g -120_ 95 (g 57_3365mm
2 2 2 2
b, w, 300 120
=< __1_=-"-_~"~"-"-90 .
e > > > mm (3.12)
e, =50mm

[
3

in(e;w,) =min(90;60) =60 mm

min

EN 1993-1-8, Table 6.4 allows computing the effective lengths corresponding to different
patterns of yielding lines and that, for the following cases:

o individual bolt rows

o group involving bolt rows 1 and 2

o group involving bolt rows 1, 2 and 3

o group involving bolt rows 2 and 3
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el - i
f-Row 3 |
tRow 4 | it .

Group for rows 1+2 Group for rows 2+3 Group for rows 1+2+3

Figure 3.15 Bolt rows and groups of bolt rows

The contribution of bolt row 4 to the resistance in bending is limited, due to its close
position to the centre of compression; accordingly, this contribution is neglected here. In
this case bolt row 4 may be assumed to contribute with its full shear resistance to the
design shear resistance of the joint. However, if needed, also bolt row 4 may be
condisered to be in tension zone and hence, its contribution to the moment resistance
could be taken into account.

Row 1 - Individual effective lengths:

@ =
eff.cp

/
/

ey = 27M=27-33,65=211,43mm (3.13)
=4m+1,25e =4-33,65+1,25x90 =247,1 mm .

eff,nc

Row 1 - Effective lengths as first bolt row of a group:
“If IR

/

eff,cp
/

=zm+p=r-33,65+85=190,71 mm
=2m+0,625e+0,5p (3.14)
=2.33,65+0,625-90+0,5-85=166,05mm

eff,nc

Row 2 - Individual effective lengths:

® =
lefﬁ p

Loy = 27M = 27-33,65 = 211,43 mm (3.15)
lygne =4m+1,25e =4-33,65+1,25-90 = 247,1 mm '
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Row 2 - Effective lengths as first bolt row of a group:

o e I =

/
/

=zm+p=r-33,65+80=185,71 mm
=2m+0,625e +0,5p
=2-33,65+0,625-90+0,5-80=163,55mm

eff,cp

eff,nc

Row 2 - Effective lengths as last bolt row of a group:

effiep w leﬁfnc %

/
/

=mzm+p=r-33,65+85=190,71 mm
=2m+0,625e+0,5p
=2-33,65+0,625-90+0,5-85=166,05mm

eff,cp

eff,nc

Row 2 - Effective lengths as internal bolt row of a group:

+ ‘ ltﬁ;cﬂ lejfnc + ‘

:2p:2~§%;@:1650mm

/

eff,cp

_85+80

/eff,nc = ,D 2

=82,5mm

Row 3 - Individual effective lengths:

0 =
eff.cp

/
/

=2zm=27-33,65=211,43 mm
=4m+1,25e=4-33,65+1,25-90=247,1 mm

eff,cp

eff,nc
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Row 3 - Effective lengths as last bolt row of a group:

/
N SY s

/

eff,cp

/

eff,nc

=zm+p=r-33,65+80=185,7mm

=2m+0,625e+0,5p (3.20)
=2-33,65+0,625-90+0,5-80=163,55mm

The resistances are then determined on the basis of the knowledge of the values of the
effective lengths.

Individual resistances of bolt rows 1, 2 and 3:

Mode 1
4M .
Fiipa = ;[’I'Rd _4 ;;)861é76 =401,99 kN (3.21)
0,25/ . t2f
where: M, ., = —;ﬁ k1
MO
2
_0,25-211,43-16,5° - 235 _3381,76 KNmm
1,0-1000

Mode 2

Fons = 2-3952,29+42,0625-2-254,16 _ 386,80 kN (3.22)
- 33,65+42,0625

0,25/, tf
Where: Mpllled — eff,nc™fc'y,c
7mo
2
_0,25-247,1.16,5°-235 005 o0 umm
1,0-1000
Fira = 0,9-1000:353 _ 554 16kN
’ 1,25-1000
n =min(e,;,;1,25m =1,25-33,65 = 42,0625)
=42,0625mm
Mode 3
Frsng = 2-254,16 = 508,32kN (3.23)

Resistance of the group with bolt rows 1 and 2:
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In this example, the non-circular yield pattern are decisive.

Row 1
2l
Row 2
Row 3
Mode 1
Frane = 25LBY 31 454
_ 0,25(166,05 +166,05)-16,5% - 235
where: M, .y = 10.1000
=5311,84 kNmm
Mode 2
2-5311,84+42,0625-4-254,16
Frama = 33,65+ 42,0625 =705 12kN
_ 0,25(166,05+166,05)-16,5% - 235
where: M, . = 101000
=5311,84 KNmm
Mode 3

F

T,3,Rd

=4.254.16 =1016,64 kN

Resistance of the group with bolt rows 1 to 3:

Row 1

Zle]f Row 2

Row 3
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(3.24)

(3.25)

(3.26)



Design of moment resisting joints in steel structures

J.-P. Jaspart and K. Weynand

Mode 1

4.6591,41
FT,l,Rd = W = 783, 53 kN

B 0,25(166,05+82,5+163,55) 16,5 - 235

where: M
PhLRI 1,0-1000

=6591,41 kNmm

Mode 2
2-6591,41+42,0625-6-254,16

Froga = =1021,32 kN
2 33,65 + 42,0625

~ 0,25(166,05+82,5+163,55)-16,5 - 235
1,0-1000

where: MpI,Z,Rd

=6591,41 kNmm

Mode 3

Fispa =6-254,16 =1524,96 kN

Resistance of the group with bolt rows 2 to 3:

Row 1
Row 2
1 ow
Row 3
Mode 1
Frona = 5318661 92y
0,25(163,55+163,55)o16,52~235
where: M

PlLRS T 1,0-1000
=5231,86 kNmm
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Mode 2

Foyes = 2-5231,86+42,0625-4-254,16 _ 703,00 kN (3.31)
- 33,65+42,0625

B 0,25(163,55 + 163,55) +16,5%.235
- 1,0-1000
=5231,86 KNmm

where: M, ;4

Mode 3

Frspe =4-254,16 =1016,64 kN (3.32)

e) Component 5 - End-plate in bending

Reference is again made to the equivalent T-stub model. Accordingly, the following
parameters need to be determined:

e, =50mm

m, =u,-0,8a+2-e, =85-0,8-8J2-50=2595mm
w =120mm
e =60mm

w (3.33)

m :E—tWTb—O,Safb\/E:60—5,1—0,8~5«/§:49,29 mm

m,=e +e,-u,-t, -0, 8‘3&)‘/E
-50+85-85-16-0,8-8V2 = 24,95 mm
n, =min(e,; 1,25m, =1,25.25,95 = 32,44) = 32,44 mm

X

As previously done, the reduced effect of bolt row 4 is neglected for the estimation of the
resistance in bending. The values of the effective lengths are extracted from Table 6.6 of
Part 1-8; only group 2-3 is considered here as the presence of the beam flange does not
allow developing yield lines between bolt row 1 and bolt row 2. Bolt row 2 needs the
estimation of a a coefficient as this bolt row is close to the beam flange; the two
following parameters are needed for the estimation of this parameter (see EN 1993-1-8,
Fig. 6.11):

m 49,24
A = = ! =0,45
mn:e 49,2149+560 Sa=721 (3.34)
A =—>2—= ! 0,23

" m+e 49,24+60
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Row 1 - Individual effective lengths:

=2rm,=27-25,95=163,05mm

=zm, +w =7r-2595+120=201,52 mm

=zm +2e=7-2595+2-60=201,52mm
=4m,_+1,25e,=4-25,95+1,25-50=166,3 mm

=e+2m, +0,625e, =60+2-25,95+0,625-50=143,15mm
=0,5b, =0,5-240 =120 mm

=0,5w+2m, +0,625e,
=0,5-120+2-25,95+0,625-50=143,15mm

® e— = |
IR (I | oL-X

e DA
IR R (R

Row 2 - individual effective lengths:

eff,cp,1
eff,cp,2
eff,cp,3
eff,nc,1
eff,nc,2

eff,nc,3

~ O~~~ ~ ~ o~

eff,nc,4

/
/

=2zm=2r-49,24 =309,40 mm
=am=7,21-49.24 = 355,02 mm

eff,cp

eff,nc

¥ B

Row 2 - effective lengths as first row of a group:

/

eff,cp
/

=zm+p=r-49,24 +80=234,69 mm
=0,5p+am-(2m+0,625e)
:0,5-80+7,21-49,24—(2-49,24+0,625-60):259,04 mm

eff,nc

Ieﬁ cp le]j", nc
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Row 3 - individual effective lengths:

/

eff,cp

/

eff,nc

=2zxm =27-49,24 =309,40 mm
=4m+1,25e=4-49,24 +1,25-60=271,96 mm

el k=

Row 3 - effective lengths as last row of a group:

/

eff,cp

/

eff,nc

=mm+p=r-49,24+80=234,69 mm
=2m+0,625e +0,5p
=2-49,24 +0,625-60+0,5-80=175,98 mm

Legrep Lefpne

The corresponding resistances are then estimated.

Individual resistances of row 1:

Mode 1

aMm .
Frige = r:'l'Rd 4 ;§8§ézs =244,51kN

X

2
where: M 0,25-120-15°-235

= =1586,25kNmm
pli1,Rd 1.0-1000

Mode 2

E 2My et ”XZ Fi ra
T2,Rd =
mX + nX

 2.1586,25+32,44.2.254,16
a 25,95 + 32,44

~ 336,74 kN
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0,25-120-15%.235

=1586,25KkNmm
1,0-1000

where: MpI,Z,Rd =

Mode 3

Frypg = 2-254,16 = 508,32kN

Individual resistances of row 2:

Mode 1

4.4089, 88
FT,I,Rd = w = 332, 24 kN

2
where: M 0,25-309,40-15 - 235

pl,1,Rd — 1, 0-1000 = 4089, 88 kNmm

Mode 2

Fony = 2-4692,92+60-2-254,16 ~ 365,11 kN
o 49,24 + 60

0,25-355,02-15%.235

=4692,92 kNmm
1,0-1000

where: M, .=

Mode 3

F

T,3,Rd

~2.254,16 = 508,32 kN

Individual resistances of row 3:

Mode 1

Frina= % =292,04 kN

0,25-271,96-15°-235

_3594,97 kN
1.0.1000 3594,97 kNmm

where: Mpl,l,Rd =
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Mode 2
F”Rd:2.3594,97+60.2-254,16:345’0“(N (3.47)
- 49,24 + 60
2
where: M, ., = 0,25-271,96-157-235 3594,97 kNmm
P 1,0-1000
Mode 3
Fisre =2-254,16 =508,32 kN (3.48)
D o——o— D] o
— —
@| o] o @
B o o Q| o
o] o (o]
——
a) b)

Ve
EE
@@
i

c) d)

Group resistance - rows 2 and 3:

Mode 1

Fripa = % = 467,13 kN (3.49)
where: M, ., = 0’25(259'240+X11705(’)38)152 235 _ 5750, 42 kNmm
Mode 2

F._2:5750,42460:4-254,16 _ o3 ooy (3.50)

Tr2,Rd 49,24 + 60

169



Design of moment resisting joints in steel structures

J.-P. Jaspart and K. Weynand

0,25(259,04 +175,98)15%-235
where: M, , .4 =
Phe 1,0-1000

Mode 3

F

T,3,Rd

=4.254,16 =1016,64 kN

f) Component 6 - Flange and web of the beam in compression

=5750,42 KNmm

(3.51)

This resistance is estimated as follows, on the basis of properties extracted from the

catalogue of profiles:

o = 222 _1065,3 kN
o 0,5-0,016

g) Component 7 - Beam web in tension

a) b) c)

(3.52)

This component has to be considered for bolt rows 2 and 3 only. The individual
resistances of rows 2 and 3 (case a and b of the figure) and the group resistance (case c

of the figure) are given here after:
Individual resistance of row 2:
309,40-10,2-235

F, = = 741,63 kN
bo/Rd 1,0-1000

Individual resistance of row 3:

F _271,96-10,2:235 _ ey go N
twbRd 1,0-1000 I

Group resistance - rows 2 and 3:

(259,04 +175,98) 10,2235
Fewora = 10.1000 =1042,74 kN

3.3.3 Assembling of the components

Load which can be supported by row 1 considered individually
Column flange in bending: 401,99 kN
Column web in tension: 474,00 kN
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End-plate in bending: 244,51 kN
F min = 244,51 kN

Load which can be supported by row 2 considered individually

Column flange in bending: 401,99 kN
Column web in tension: 474,00 kN
End-plate in bending: 332,24 kN
Beam web in tension: 741,63 kN

Fy i = 332,24 kN

Load which can be supported by row 3 considered individually

Column flange in bending: 401,99 kN
Column web in tension: 474,00 kN
End-plate in bending: 292,04 kN
Beam web in tension: 651,89 kN

Fymim = 292,04 kN

» 24451 kN

» 332.24 kN

> 202.04 kN

Figure 3.16 Loads which can be supported individually by the rows

Account for the group effects (group between rows 1-2 only)

The sum of the individual resistances of rows 1 and 2 is equal to:

F

1,min

+ F

2,min

=244,51+332,24 =576,75 kN (3.56)

This value is compared to the load which can be supported by bolt rows 1 and 2 acting as
a group:

Column flange in bending: 631,42 kN
Column web in tension: 579,04 kN
F, = 579,04 kN

1+2,min
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As the group resistance is higher than the sum of the individual resistances, the
individual resistances of rows 1 and 2 will be reached (i.e. the maximum load which can
be supported by these rows is not affected by the considered group effect).

Account for group effects (group between rows 1-2-3 only)

The sum of the individual resistances of rows 1-2-3 is equal to:

F

1,min

+F

2,min

+ F.

3,min

=244,51+332,24 + 292,04 = 868,79 kN (3.57)

This value is compared to the load which can be supported by rows 1-2-3 acting as a
group:

Column flange in bending: 783,53 kN
Column web in tension: 653,21 kN
F1+2+3,min = 653,21 kN

The group resistance is smaller than the sum of the individual resistances. Accordingly,
the individual resistances in each row cannot be reached and a reduction of the loads
which can be supported as to be taken into account. The load which can be supported by
bolt row 3 is estimated as follows:

F

3,min,red

- F

1+2+3,min

~F,

1,min

~F, min = 653,21 - 244,51 -332,24 = 76,46 kN (3.58)

Account for the group effects (group between rows 2-3 only)

The sum of the individual resistances of rows 2-3, taking into account of the reduction
estimated in the previous section, is equal to:

F

2,min

+ F.

3,min,red

=332,24 + 76,46 = 408,7 kN (3.59)

This value is compared to the load which can be supported by the group formed between
rows 2 and 3 estimated as follows:

Column flange in bending: 621,92 kN
Column web in tension: 573,25 kN
End-plate in bending: 467,13 kN
Beam web in tension: 1042,7 kN

F = 467,13 kN

2+3,min

As the resistance of the group is higher than the sum of the individual resistances, it is
assumed that each individual resistance can be reached.
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» 24451 kN

» 332.24 kKN

- 77.46 kN

Figure 3.17 Maximum loads which can be supported by the rows, taking into
account the group effects

In order to ensure equilibrium of the internal forces in the joint, one has to compare the
resistance values of the bolt rows in tension with the other components. The sum of the
maximal tensile resistances of rows 1, 2 and 3, taking into account of the group effects,
is equal to:

F =244,51+332,24 + 76,46 = 653,17 kN (3.60)

1,min

+ F

2,min

+ F.

3,min,red

This value has now to be compared to the following loads:

Column web panel in shear: 548,88 kN
Column web in compression: 460,90 kN
Beam flange and beam web in compression: 1065,3 kN

460,90 kN

glob,min =

Accordingly, the resistance of the column web in compression limits the maximal loads
which can be supported by the rows. The loads in the latter have to be reduced, starting
from bolt row 3:

Fimn + Fyrn = 244,51+ 332,24 = 576,75 kN > F,,,, . = 460,90 kN
= F3,min,red = O kN (361)
F2,min,red = Fglob,min - Fl,min = 460/ 9- 244/ 51= 216139 kN

III

Because the resistance of the bolt row 2 is limited by a “global” component (here:
column web in compression), bolt row 3 cannot be considered to contribute to the design
moment resistance of the joint. The final summary of the loads which can be supported
by the rows is shown in Figure 3.18.

— —> 24451 kN

> 216.90 kN

527

442

Figure 3.18 Final loads which can be supported by the rows
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3.3.4 Determination of the desigh moment resistance

The design bending resistance is estimated as follows:

M; g =244,5.0,527 +216,4-0,442 = 224,5 kNm

3.3.5 Determination of the rotational stiffness

(3.62)

The first step consists in estimating stiffness coefficients for the different components of
the joint, according to EN 1993-1-8, Table 6.11. These coefficients are given in Table
3.8. The formulae as given in EN 1993-1-8, Table 6.11 are not repeated in the table.

Table 3.8 Stiffness coefficients

Components

Stiffness coefficients

Column web panel in
shear

0,38-4495 3,53

16

=
1,0 500——+85—50—§ 10°
3 2

. 0,7-274,81-9,5

Column we_b in K, ~7,52
compression 243
K, - 0,7-166,05-9,5 _ 4,54
' 243
0,7-82,5-9,5
Column web in K, =~ - 2,26
tension
K, - 0,7-163,55-9,5 _ 448
' 243

Contribution from row 4 neglected

3
_0,9-166,05-16,5 ~17,62

Bolts in tension

i 33,65°
. 3
Column flange in K, - 0,9-82,5 ;16,5 _8,75
bending ' 33,65
3
K, = 0,9 163,553 16,5 _ 17,35
' 33,65
3
K., - 0,9-120 315 _ 20,86
' 25,95
. . 0,9-234,69-15°
End-plate in bending 52 = 49, 24° =5,97
3
K., - 0,9~175,9§-15 _4 48
' 49,24
Beam web and beam K — o
flange in compression 6
1,6-353

k10:
15+16,5+(15+19)/2

=11,65
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In a second step, the component assembling is realised in agreement with the
recommended rules given in EN 1998-1-8, Sec. 6.3.3.1. The effective stiffness coefficient
of each bolt row is obtained as follows:

Kesr = 1 1 1 1 = 2,43 and h, =527 mm
+ + +
4,54 17,62 11,65 20,86
1
Kyt = 1 1 1 1 1,23 and h, =442mm (3.63)
+ + +
2,26 8,75 11,65 5,97
Keis = 1 1 1 1 - 1,70 and h; =362mm

+ + +
4,48 17,35 11,65 4,48

The equivalent stiffness coefficient related to the tensile part of the joint is determined as
follows:

_ 2,43.527% +1,23-442° +1,70-3627

z, = =466,44 mm
q 2,43.527+1,23-442+1,70-362 (3.64)
Sk, = 2,43-527+1,23-442+1,7-362 ~ 5,23 mm
i 466,44

The joint stiffness is then computed through the use of EN 1993-1-8, Eq. 6.27:

210000-466,44% . o
i =1 I 1 10® =75,214 MNm/rad (3.65)

523 752 353

3.3.6 Computation of the resistance in shear

The shear load is supported by the four bolt rows. The latter being assumed as non-
prestressed, the resistance in shear will be limited by the resistance of the bolt shanks in
shear or by the bearing resistances of the connected plates (i.e. column flange or end-
plate). In the previous case, the use of the design rules for these failure modes as
recommended in EN 1993-1-8, Table 3.4 was described; through these rules, it is
possible to demonstrate that the failure mode to be considered is the mode “bolts in
shear”:

£ _afyA _0,5:1000-353

= 1073 =141,2 kN 3.66
viRd Yo 1,25 ( )

Height bolt contributes to the shear resistance. However, as indicated here above, half of
them support tensile loads to contribute to the bending resistance. Accordingly, their
contribution to the shear resistance has to be limited to take into account of these tensile
loads; it is recommended in EN 1993-1-8 to multiply the shear resistance of the bolts by
the factor 0,4/1,4.

The resistance of the joint to shear force is then obtained through the following formula:
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v

Rd

- 4F,

v,Rd

1+ 9% _726,2 kN (3.67)
1,4

A

3.4 Design strategies

3.4.1 Design opportunities for optimisation of joints and frames

3.4.1.1 Introduction

This chapter describes the various approaches which can be used to design steel frames
with due attention being paid to the behaviour of the joints. In practice, this design
activity is normally performed by one or two parties, according to one of the following
ways:

o an engineering office (in short engineer) and a steel fabricator (in short
fabricator), referred as Case A;

o an engineering office (engineer) alone, referred as Case B1;

o a steel fabricator (fabricator) alone, referred as Case B2.

At the end of this design phase, fabrication by the steel fabricator takes place.

The share of responsibilities for design and fabrication respectively is given in Table 3.9
for these three cases.

Table 3.9 Parties and their roles in the design/fabrication process of a steel
structure

Role Case A Case B1 Case B2

Design of members | Engineer | Engineer | Fabricator

Design of joints Fabricator | Engineer | Fabricator

Fabrication Fabricator | Fabricator | Fabricator

The design process is ideally aimed at ascertaining that a given structure fulfils
architectural requirements, on the one hand, and is safe, serviceable and durable for a
minimum of global cost, on the other hand. The parties involved in the design activities
also care about the cost of these latter, with a view to optimising their respective profits.

In Case A, the engineer designs the members while the steel fabricator designs the
joints. It is up to the engineer to specify the mechanical requirements to be fulfilled by
the joints. The fabricator has then to design the joints accordingly, keeping in mind the
manufacturing aspects also. Due to the disparity in the respective involvements of both
parties, the constructional solution adopted by the fabricator for the joints may reveal to
be sub-optimal; indeed it is dependent on the beam and column sizing that is made
previously by the engineer. The latter may for instance aim at minimum shape sizes,
with the consequence that the joints then need stiffeners in order to achieve safety and
serviceability requirements. If he chooses larger shapes, then joints may prove to be less
elaborated and result in a better economy of the structure as a whole (Figure 3.19).
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In Case B1, the engineer designs both the members and the joints. He is thus able to
account for mechanical joint properties when designing members. He can search for
global cost optimisation too. It may happen however that the engineer has only a limited
knowledge of the manufacturing requisites (machinery used, available materials, bolt
grades and spacing, accessibility for welding, etc.); then this approach may contribute to
some increase in the fabrication costs.

I I
- IPE 140 i J IPE 180 i
— I
/_l E |
HE 220 A
HE 220 A
(a) Bolted end-plate with haunch (b) Bolted flush end-plate

Figure 3.19 Two solutions: different economy

Case B2 is ideal with regard to global economy. Indeed the design of both members and
joints are in the hands of the fabricator who is presumably well aware of all the
manufacturing aspects.

Before commenting on these various approaches, it is necessary to introduce some
wording regarding joints.

A joint is termed simple, semi-continuous or continuous. This wording is general; it is
concerned with resistance, with stiffness or with both. Being a novelty for most readers,
some detailed explanations are given in section 3.2.2 on joints. In two circumstances
only - that are related to the methods of global frame analysis -, this wording leads to
more commonly used terms:

1. In an elastic global frame analysis, only the stiffness of the joints is involved.
Then, a simple joint is a pinned joint, a continuous joint is a rigid joint while a
semi-continuous is a semi-rigid joint;

2. In a rigid-plastic analysis, only the resistance of the joints is involved. Then, a
simple joint is a pinned joint, a continuous joint is a full-strength joint while a
semi-continuous joint is a partial-strength joint.

The various cases described above are commented on in the present chapter. For the
sake of simplicity, it is assumed that global frame analysis is conducted based on an
elastic method of analysis. This assumption is however not at all a restriction; should
another kind of analysis be performed, similar conclusions would indeed be drawn.

For the design of steel frames, the designer can follow one of the following design
approaches:

o Traditional design approach:
The joints are presumably either simple or continuous. The members are
designed first; then the joints are. Such an approach may be used in any Case
A, B1 or B2; it is of common practice in almost all the European countries.

o Consistent design approach:
Both member and joint properties are accounted for when starting the global
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frame analysis. This approach is normally used in Cases B1 and B2, and
possibly in Case A.

o Intermediate design approach:
Members and joints are preferably designed by a single party (Case B1 or B2).

3.4.1.2 Traditional design approach

In the traditional design approach, any joint is assumed to be either simple or
continuous. A simple joint is capable of transmitting the internal forces got from the
global frame analysis but does not develop a significant moment resistance which might
affect adversely the beam and/or column structural behaviour. A continuous joint
exhibits only a limited relative rotation between the members connected as long as the
applied bending moment does not exceed the bending resistance of the joint.

The assumption of simple and/or continuous joints results in the share of design activities
into two more or less independent tasks, with limited data flow in between. The
traditional design approach of any steel frame consists of eight steps (Figure 3.20).

: STRUCTURAL IDEALISATION |
| . Step 1
| Frame Joints |
| (Geometry, Member types, etc.) (Simple, Continuous) |
: v :
| ESTIMATION | gz0p 2 |
| OF LOADS .
|
: 4 |
| > PRELIMINARY DESIGN 1
: Step 3 |
| Choice and classification of members | Task 1

1 I
| Y |
! GLOBAL ANALYSIS Step 4 I
| |
| 2 I
I
: STRUCTURAL RESPONSE I
|
: Limit states Design criteria | S7P 5 |
| (ULS, SLS) (Sway/Non sway, :
| Elastic/Plastic) .
| e e e e e e 2

| P === ====-=-17

! . 'I' | DESIGN OF JOINTS |

' Lno Limit states Type of joint I

! design cglterla | (Rigidty rotation P |

! OK? | I | capacity & Strength) | |

! Step 6 ! Step 7 |

: | I Tables, Software |

! I

| Iy |

_-)—_ e e e . - _ - J | |

| . 1

"o | De}sn.gn :

other members 1 of]on;ts other type of |

1 OK? joint |

L J

yes Task 2

Figure 3.20 Traditional design approach (simple/continuous joints)
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Step 1: The structural idealisation is a conversion of the real properties of the frame into
the properties required for frame analysis. Beams and columns are normally modelled as
bars. Dependent on the type of frame analysis which will be applied, properties need to
be assigned to these bars. For example, if an elastic analysis is used, only the stiffness
properties of the members are relevant; the joints are pinned or rigid and are modelled
accordingly (Figure 3.21).

— !

| |

1 ! !

i ! !

A !
Pinned joint Rigid joint
Modelling Modelling

Figure 3.21 Modelling of pinned and rigid joints (elastic global analysis)

Step 2: Loads are determined based on relevant standards.

Step 3: The designer normally performs the preliminary design - termed pre-design in
short - of beams and columns by taking advantage of his own design experience from
previous projects. Should he have a limited experience only, then simple design rules can
help for a rough sizing of the members. In the pre-design, an assumption shall be made
concerning the stress distribution within the sections (elastic, plastic), on the one hand,
and, possibly, on the allowance for plastic redistribution between sections, on the other
hand. Therefore classes need to be assumed for the structural shapes composing the
frame; the validity of this assumption shall be verified later in Step 5.

Step 4: The input for global frame analysis is dependent on the type of analysis. In an
elastic analysis, the input is the geometry of the frame, the loads and the flexural
stiffness of the members. In a rigid-plastic analysis, the input is the geometry of the
frame, the loads and the resistance of the members. An elastic-plastic analysis requires
both resistance and flexural stiffness of the members. Whatever the type of global frame
analysis, the distribution and the magnitude of the internal forces and displacements are
the output (however rigid-plastic analysis does not allow for any information regarding
displacements).

Step 5: Limit state verifications consist normally in checking the displacements of the
frame and of the members under service loading conditions (Serviceability Limit States,
in short SLS), the resistance of the member sections (Ultimate Limit States, in short
ULS), as well as the frame and member stability (ULS). The assumptions made regarding
the section classes (see Step 3) are checked also.

Step 6: The adjustment of member sizing is to be carried out when the limit state
verifications fail, or when undue under-loading occurs in a part of the structure. Member
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sizing is adjusted by choosing larger shapes in the first case, smaller ones in the second
case. Normally the designer’s experience and know-how form the basis for the decisions
made in this respect.

Steps 7/8: The member sizes and the magnitude of the internal forces that are
experienced by the joints are the starting point for the design of joints. The purpose of
any joint design task is to find a conception which allows for a safe and sound
transmission of the internal forces between the connected members. Additionally, when a
simple joint is adopted, the fabricator shall verify that no significant bending moment
develops in the joint. For a continuous joint, the fabricator shall check whether the joint
satisfies the assumptions made in Step 1 (for instance, whether the joint stiffness is
sufficiently large when an elastic global frame analysis is performed). In addition, the
rotation capacity shall be appropriate when necessary.

The determination of the mechanical properties of a joint is called joint characterisation
(see section 3.2.3). To check whether a joint may be considered as simple or continuous,
reference will be made to joint classification (see section 3.2.4.2).

Rules for joint characterisation in compliance with Eurocode 3 are available (see section
3.1.4 and application in 3.3), but design tools can be very helpful during the design
process because they enlighten drastically the design tasks. In many cases the designer
may select the joints out of tables which provide the strength and stiffness properties of
the relevant joints, as well as, when necessary, the rotation capacity. Dedicated software
may be an alternative to the latter; they require the whole layout of the joint as input
and provide strength, stiffness and rotational capacity as output. Computer based design
proceeds interactively by trial and error; for instance, the designer first tries a simple
solution and improves it by adjusting the joint layout until the strength and stiffness
criteria are fulfilled.

The mechanical properties of a joint shall be consistent with those required by the
modelling of this joint in view of global frame analysis. Either the design of the joint
and/or that of the members may need to be adjusted. In any case, some steps of the
design approach need to be repeated.

3.4.1.3 Consistent design approach

In the consistent design approach, the global analysis is carried out in full consistency
with the presumed real joint response (Figure 3.22).

It is therefore different from the traditional design approach described in section 3.4.1.2
in several respects:

o Structural conception:
In the structural conception phase, the real mechanical behaviour of the joints
is modelled;

o Preliminary design:
In the pre-design phase, joints are selected by the practitioner based on his
experience. Proportions for the joint components are determined: end-plate or
cleat dimensions, location of bolts, number and diameter of bolts, sizes of
column and beam flanges, thickness and depth of column web, etc.;

o Determination of the mechanical properties:
In Step 4, the structural response of both the selected members and joints is
determined. First the joints are characterised (see section 3.2.3) with the
possible consequence of having a non-linear behaviour. This characterisation is
followed by an idealisation, for instance according to a linear or bi-linear joint
response curve (see section 3.2.3), which becomes a part of the input for
global frame analysis;
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o Global frame analysis:
For the purpose of global frame analysis, any joint structural response is
assigned to a relevant spring in the frame model. This activity is called
modelling (see section 3.2.2).

STRUCTURAL IDEALISATION

Frame Joints

(Geometry, member types, etc.)  (Simple, Semi-continuous, Continuous)

v Step 1

ESTIMATION | g70p 2
OF LOADS
Task 1
Y
PRELIMINARY DESIGN

»| Choice and classification of members | Step 3
Choice of joints

Y
DETERMINATION OF MECHANICAL PROPERTIES
(Stiffness, Rotation capacity & Strength) Step 4

Tables, Software

Y

GLOBAL ANALYSIS Step 5
Y
STRUCTURAL RESPONSE
Limit states Design criteria |Szep 6
(ULS, SLS) (Sway/Non sway,
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Y

no, other members Limit states yes
other type of joints design criteria > STOP
OK?
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Figure 3.22 Consistent design approach

3.4.1.4 Intermediate design approaches

The two design approaches described in section 3.4.1.2 (for frames with simple or
continuous joints) and in section 3.4.1.3 (for frames with semi-continuous joints)
correspond to extreme situations. Intermediate approaches can be used. For example,
the procedure given in Figure 3.20 can also be applied for semi-continuous joints. In that
case, during the first pass through the design process, the joints are assumed to behave
as simple or continuous joints. Joints are then chosen, the real properties of which are
then accounted for in a second pass of the global analysis (i.e. after Step 8). The design
process is then pursued similarly to the one described in Figure 3.22. But for sure such a
way to proceed is not recommended as it involves iterations and so extra calculation
costs.

More “clever” applications of intermediate design approaches are commented on in
(Maquoi et al., 1997).

181



Design of moment resisting joints in steel structures
J.-P. Jaspart and K. Weynand

3.4.1.5 Economical considerations

Savings of fabrication and erection costs
a) Optimal detailing of rigid joints

A first very efficient strategy can be summarized as follows: “Optimise the joint detailing
such that the joint stiffness comes close to the ‘rigid’ classification boundary but remains
higher”. This is illustrated in Figure 3.23.

M 4 actual stiffness
rigid
domain ,rigid* classification
boundary
¢

Figure 3.23 Optimization of rigid joints

The actual stiffness of a joint as well the classification boundary for rigid joints can be
calculated according to Eurocode 3. The classification boundary is the minimum stiffness
required to model a joint as rigid. If the actual joint stiffness is significantly higher, e.g.
due to stiffeners, it should be checked whether it is not possible to omit some of the
stiffeners while still fulfilling the criterion for rigid joints. This will not change the overall
design at all, but it will directly reduce the fabrication costs of the joints (e.g. less
welding). This procedure is used in the example described below:

The joints of a typical portal frame (see Figure 3.24) were designed using traditional
design practice.
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span: 20.0 m, crane girder at 5 m height HEA 300
roof slope: 2-3%, frame distance: 6.0 m plate 270/716/25

clearance: 7.0 m, column bases: rigid

Figure 3.24 Example for the optimization of rigid joints

To classify the joints as rigid, EC 3 requires for the given unbraced frame that:

Sini = 25% = 85 628 kNm/rad (3.68)
According to EN 1993-1-8 the joint characteristics in Fig. 9.6 are calculated as follows:

o design moment resistance M, ., = 281,6 kNm

o initial stiffness S,

j,ini

=144 971 kNm/rad
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Hence the joint is classified as rigid. But in order to optimise the joint, the detailing of the
joint is modified step by step as follows:

1. omit the stiffeners at compression side,
2. in addition, omit the stiffeners at tension side,
3. in addition, omit the lowest bolt row in tension.

For all variations it is requested that the joint may still be classified as rigid, i.e. the
initial stiffness of the joint should be higher than 85 628 kNm/rad. Table 3.10 gives the
resistance and stiffness for all variations. It is seen that the design moment resistance is
less than the applied moment and the joint behaves as a rigid one. The different joint
detailings will have no influence on the design of the member as the joint remains rigid.
Therefore, differences in the fabrication costs of the joint give direct indication of
economic benefits. The fabrication costs (material and labour) are given for all
investigated solutions in Table 3.10 as a percentage of the fabrication costs of the
original joint layout. Beside the reduction of fabrication costs, the modified joints are
seen to be more ductile. Another possibility to optimize the stiffness is the use of thinner
plates. This can also lead to a more ductile behaviour. Other advantages are: smaller
weld, the preparation of hole drilling is easier or hole punching becomes possible.

Table 3.10 Variations in joint detailing and relative savings in fabrication costs

Variations M, eq S, Stiffness Relative Saving
' ' classification | fabrication
[kNm] | [kNm] costs *)

T 7w | 255,0 | 92 706 rigid 87 % 13 %
i J__HEA}OO

: weio | 250,6 | 89 022 rigid 73 % 27 %

7:471-[EA300

F S— ]

[ w0 | 247,8 | 87 919 rigid 72 % 28 %
i J_!—lEA}UO
*) fabrication costs of the joints relative to those of the configuration shown in
Figure 3.24

b) Economical benefits from semi-rigid joints

A second strategy to profit from the extended possibilities in design can be expressed as
follows: “Use semi-rigid joints in order to have any freedom to optimise the global frame
and joint design”.

The ideal assumption that the joints are rigid can lead often to situations where it is not
possible to work without stiffeners. In consequence the joints are very expensive due to
high fabrication costs (e.g. welding). In this case more economical solutions can be found
by ‘crossing the rigid classification boundary’ to semi-rigid joints (see Figure 3.25
Optimisation with semi-rigid joints).
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Figure 3.25 Optimisation with semi-rigid joints

The layout of the joints is then chosen for economy. Usually, this leads to more flexible,
i.e. semi-rigid joints. The joint behaviour has to be taken into account in the frame
analysis. This is possible by modelling the joints with rotational springs at beam ends.
Their behaviour influences the global response of the frame, i.e. moment redistributions
and displacements. As a consequence the size of the members may increase in
comparison with a design with rigid joints. The decrease of the fabrication cost for the
joints on one side has to be compared with the increase of the weight of the structure
due to larger profiles on the other side. The optimum solution can only be found when a
detailed calculation of the costs is carried out. Beside the positive effect in view of
economy the use of joint without stiffeners provides more advantages: it becomes more
easy to connect secondary beams, service pipes may be installed between the column
flanges, easier coating and less problems with corrosion. The steel construction can
appear more aesthetic and lighter and again, joint without stiffeners are usually more
ductile. With respect to ultimate limit state design this is an important aspect as well, for
instance in the case of seismic or robust requirements.

Savings of material costs

In the previous section, strategies where discussed when a frame is designed with
so-called moment connections. This is usually required for unbraced frames. However for
braced frames simple joints are normally more economic. However the moment diagram
for the (simple supported) beams leads to beam sizes which are optimized for the
mid-span moment, but ‘oversized’ at their ends. Further - due to the fact that the joints
do not transfer any moment (this is the assumption for the frame analysis) - it becomes
sometimes necessary to install additional temporary bracings during erection. However in
many cases, joints which are assumed to behave as nominally pinned (e.g. flush
end-plates) can be treated as semi-rigid joint. The strategy therefore is: “Simple joints
may have some inherent stiffness and may transfer moments - take profit from that
actual behaviour”.

This can improve the distribution of moments and reinforce the frame, i.e. lighter
members (also for the bracing systems) without any change in joint detailing. And - as a
consequent step - a further strategy is as follows: “Check if small reinforcements of
simple joints may strongly reinforce the frame"

Sometimes it will be possible to reinforce simple joints without a large increase of
fabrication cost (e.g. flush end-plates instead of a short end-plates). As those joints can
transfer significant moments, the bending diagram is more balanced and the dimensions
of the members can be lighter. Here again, increase of fabrication costs for the joints and
decrease of weight of the structure are two competing aspects and a check of balance is
necessary. However recent investigations show that the most economical solutions can
be found if the contributions of the stiffness and resistance of the joints are considered,
i.e. semi-rigid joints are used.
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Summary and conclusions

With respect to joint design basically two different strategies can be identified when
minimum costs of steel structures are of interest:

o simplification of the joint detailing, i.e. reduction of fabrication costs. Typically
this is relevant for unbraced frames when the joints transfer significant
moments (traditionally rigid joints);

o reduction of profile dimensions, i.e. reduction of material costs. Typically this is
relevant for braced frames with simple joints.

In general both strategies would lead to the use of semi-rigid joints. In case of rigid
joints an economic solution may already be found if the stiffness of the joint is close to
the classification boundary.

Economy studies in various countries have shown possible benefits from the use of the
concept of semi-rigid joints. More significant savings can be achieved when moment
connections are optimized in view of economy. It is remarkable that all studies came to
similar values when the saving due to the use of the new concept is compared to
traditional design solutions. However it should be understood that the savings depend on
the preferences of the steel fabricators to design the joints and how the cost are
calculated. From the different studies it can be concluded that the possible savings due to
semi-rigid design can be 20 - 25 % in case of unbraced frames and 5 - 9 % in case of
braced frames. With the assumption that the costs of the pure steel frames are about
10% of the total costs for office buildings and about 20 % for industrial buildings, the
reduction of the total building costs could be estimated to 4-5% for unbraced frames. For
braced systems savings of 1-2 % are possible.

Of course the results of the investigations presented in this paper cannot be compared
directly; particularly because different types of frames are used. However the following
conclusion can be drawn as shown in Figure 3.26: the costs for material and fabrication
(labour) are dependent on the relative stiffness of the joints. While the material costs
decrease (curve A), the labour costs increase (curve B) with an increasing joint stiffness.
For the total costs which are the sum of these both curves, a minimum can be found and
from this, an “optimum joint stiffness”. In many cases the value (which leads to an
optimized design of the structure with respect to minimum total costs) is neither pinned
nor rigid. Following the tendency of the last decades, it is obvious that the labour costs
are increasing in comparison to the material costs (see dashed curve B*). From Figure
3.26 it becomes clear that as a consequence there is a progressive evolution of the
“optimum joints stiffness” towards more flexible joints. Hence to find economical
solutions for steel structures the use of semi-rigid joints will become more and more
interesting.

costs total
(not to
scale)

material

—_——————---" : 3 rigid

— S (not to scale)
Sopt (

Figure 3.26 Costs of steel structures depending on the relative joint stiffness
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4 Cold-formed steel design essentials

4.1 Introduction

The use of cold-formed steel structures is increasing throughout the world with the
production of more economic steel coils particularly in coated form with zinc or
aluminium/zinc coatings. These coils are subsequently formed into thin-walled sections
by the cold-forming process. They are commonly called “Light gauge sections” since their
thickness has been normally less than 3 mm. However, recent developments have
allowed sections up to 25 mm to be cold-formed, and open sections up to approximately
8 mm thick are becoming common in building construction. The steel used for these
sections may have a yield stress ranging from 250 MPa to 550 MPa. The higher yield
stress steels are also becoming more common as steel manufacturers produce high
strength steel more efficiently.

The use of thinner sections and high strength steels leads to design problems for
structural engineers which may not normally be encountered in routine structural steel
design. Structural instability of sections is most likely to occur as a result of the thickness
of the sections, leading to reduced buckling loads (and stresses), and the use of higher
strength steel typically makes the buckling stress and yield stress of the thin-walled
sections approximately equal. Further, the shapes which can be cold-formed are often
considerably more complex than hot-rolled steel shapes such as I-sections and unlipped
channel sections. Cold-formed sections commonly have mono-symmetric or
point-symmetric shapes, and normally have stiffening lips on flanges and intermediate
stiffeners in wide flanges and webs. Both simple and complex shapes can be formed for
structural and non-structural applications. Special design standards have been developed
for these sections.

In Europe, the ECCS Committee TC7 originally produced the European Recommendations
for the design of light gauge steel members in 1987 (ECCS_49, 1987). This European
document has been further developed and published in 2006 as the European Standard
Eurocode 3: Design of steel structures. Part 1-3: General Rules. Supplementary rules for
cold-formed thin gauge members and sheeting (EN1993-1-3, 2006).

The market share of cold-formed structural steelwork continues to increase in the
developed world. The reasons for this include the improving technology of manufacture
and corrosion protection which leads, in turn, to the increase competitiveness of resulting
products as well as new applications. Recent studies have shown that the coating loss for
galvanised steel members is sufficiently slow, and indeed slows down to effectively zero,
that a design life in excess of 60 years can be guaranteed.

The range of use of cold-formed steel sections specifically as load-bearing structural
components is very wide, encompassing residential, office and industrial buildings, the
automobile industry, shipbuilding, rail transport, the aircraft industry, highway
engineering, agricultural and industry equipment, office equipment, chemical, mining,
petroleum, nuclear and space industries.

Cold-formed members and profiled sheets are steel products made from coated or
uncoated hot-rolled or cold-rolled flat strips or coils. Within the permitted range of
tolerances, they have constant or variable cross-section. They are normally
manufactured by one of two processes that are:
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o roll forming;
o folding and press braking.

The first technology applies for large production of sections, while the second for small
quantities and also for specific shapes.

Cold-formed structural members can be classified into two major types:

o individual structural framing members (Figure 4.1);
o profiled sheets and linear trays (Figure 4.2).

leg AL

a) single open sections

b) open built-up section c¢) Closed built-up sections
Figure 4.1 Typical forms of sections for cold-formed structural members

In order to increase the stiffness of both cold-formed steel sections and sheeting, edge
and intermediate stiffeners are used (Figure 4.3); they can be easily identified in
examples from Figure 4.1 and Figure 4.2.

VAV VR VIRY,
VAR WAL WAL Vil B v A
SN\ T C
SN T

Figure 4.2 Profiled sheets and linear trays
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Single edge fold stiffeners Double edge fold stiffener
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Intermediate flange stiffeners Intermediate web stiffeners

Figure 4.3 Typical forms of stiffeners for cold-formed members and sheeting

In general, cold-formed steel sections provide the following advantages in building
construction (Yu, 2000):

o

as compared with thicker hot-rolled shapes, cold-formed steel members can be
manufactured for relatively light loads and/or short spans;

nestable sections can be produced, allowing for compact packaging and shipping;
unusual sectional configurations can be produced economically by cold-forming
operations and consequently favourable strength-to-weight ratios can be obtained;

load-carrying panels and decks can provide useful surfaces for floor, roof, and wall
construction, and in other cases they can also provide enclosed cells for electrical
and other conduits;

load-carrying panels and decks not only withstand loads normal to their surfaces,
but they can also act as shear diaphragms to resist force in their own planes if
they are adequately interconnected to each other and to supporting members.

Compared with other materials such timber and concrete, the following qualities can be
realised for cold-formed steel structural members.

o O O O O O O ©o

lightness, high strength and stiffness; non-combustibility;

ability to provide long spans, up to 12 m (Rhodes, 1991);

ease of prefabrication and mass production;

fast and easy erection and installation; recyclable material;
substantial elimination of delays due to weather;

more accurate detailing; formwork unnecessary; uniform quality;
non-shrinking and non-creeping at ambient temperatures;
termite-proof and rot-proof; economy in transportation and handling.

The combination of the above-mentioned advantages can result in cost saving in
construction.
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4.2 Peculiar problems in cold-formed steel design

4.2.1 Peculiar characteristics of cold-formed steel sections (Dubina et al.,
2012)

Compared to hot-rolled steel sections, the manufacturing technology of cold-formed steel
sections induces some peculiar characteristics. First of all, cold-forming leads to a
modification of the stress-strain curve of the steel. With respect to the virgin material,
cold-rolling provides an increase of the yield strength and, sometimes, of the ultimate
strength that is important in the corners and still appreciable in the flanges, while press
braking leave these characteristics nearly unchanged in the flanges. Obviously, such
effects do not appear in case of hot-rolled sections, as shown in Table 4.1.

Table 4.1 Influence of manufacturing process on the basic strengths of
hot and cold-formed profiles

I:::;::::: Hot rolling Cold forming
Cold rolling Press braking
Yield Corner - High High
strength Flange - Moderate -
Ultimate Corner - High High
strength Flange - Moderate -

The increase of the yield strength is due to strain hardening and depends on the type of
steel used for cold rolling. On the contrary, the increase of the ultimate strength is
related to strain aging that is accompanied by a decrease of the ductility and depends on
the metallurgical properties of the material.

Design codes provide formulas to evaluate the increase of yield strength of cold-formed
steel sections, compared to that of the basic material.

Hot-rolled profiles are affected by residual stresses, which result from air cooling after
hot-rolling. These stresses are mostly of membrane type, they depend on the shape of
sections and have a significant influence on the buckling strength. Therefore, residual
stresses are the main factor which causes the design of hot-rolled sections to use
different buckling curves in European design codes (EN1993-1-1, 2005).

In the case of cold-formed sections the residual stresses are mainly of flexural type, as
Figure 4.4 demonstrates, and their influence on the buckling strength is less important
than membrane residual stresses as Table 4.2 shows.

On the other hand, cold rolling produce different residual stresses in the section when
compared with press braking, as shown in Table 4.2, so the section strength may be
different in cases where buckling and yielding interact.

Experimental evidence shows more complex actual distributions of residual stresses.
Figure 4.5 (a to c) presents the distribution of measured residual stress for a cold-formed
steel angle, channel and lipped channel (Rondal et al., 1994).

The European buckling curves have been calibrated using test results on hot formed
(rolled and welded) steel sections, obtained during a large experimental program in
Europe in the 1960’s. These curves are based on the well-known Ayrton-Perry formula, in
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which the imperfection factor a was correspondingly calibrated (Rondal and Maquoi, 1979a,
Rondal and Maquoi, 1979b).

Table 4.2 Type magnitude of residual
stresses in steel sections

. Cold forming
Forming Hot Cold b
method rolling °_ re_ss
rolling braking
Membrane
residual High Low Low
stresses
Flgure 4.4 Ewdencc_a of fl_exural Flexural
residual stresses in a lipped residual Low High Low
channel cold-formed steel 9
section stresses
N,E - - o Outside surface N/mm?
ZS3 -8 % 20
- - -~ Inside surface 10
—3
Slicing method 0
Hole drilling method 10 / -
20 7 I+---+

-]
200
100
0
100
200

N/mm? ¥

1=
"
N
=

Figure 4.5 Measured residual stress in cold-formed steel sections:
cold-rolled angle; cold-rolled C profile and press braked U profile

Due to the fact the mechanical properties of cold-formed sections - e.g. cold-forming
effect and residual stresses — are different to those of hot-rolled ones, different buckling
curves should be justified (Dubina, 1996). Nowadays both numerical and experimental
approaches are available to calibrate appropriate o factors for cold-formed sections
(Dubina, 2001) but, for the sake of simplicity of the design process, the same buckling
curves as for hot formed sections are still used (EN1993-1-1 and EN1993-1-3).

4.2.2 Peculiar problems of cold-formed steel design

The use of thin-walled sections and cold-forming manufacturing effects can results in
special design problems not normally encountered when tick hot-rolled sections are used.
A brief summary of some special problems in cold-formed steel design are reviewed in
the following.
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4.2.2.1 Buckling strength of cold-formed steel members

Steel sections may be subject to one of four generic types of buckling, namely local,
global, distortional and shear. Local buckling is particularly prevalent in cold-formed steel
sections and is characterised by the relatively short wavelength buckling of individual
plate element. The term “global buckling” embraces Euler (flexural) and flexural-torsional
buckling of columns and lateral-torsional buckling of beams. It is sometimes termed
“rigid-body” buckling because any given cross-section moves as a rigid body without any
distortion of the cross-section. Distortional buckling, as the term suggests, is buckling
which takes place as a consequence of distortion of the cross-section. In cold-formed
sections, it is characterised by relative movement of the fold-lines. The wavelength of
distortional buckling is generally intermediate between that of local buckling and global
buckling. It is a consequence of the increasing complexity of section shapes that local
buckling calculation are becoming more complicated and that distortional buckling takes
on increasing importance.

Local and distortional buckling can be considered as “sectional” modes, and they can
interact with each other as well as with global buckling (Dubina, 1996). Figure 4.6 shows
single and interactive (coupled) buckling modes for a lipped channel section in
compression.

a b C d e f g h i j

Figure 4.6 Buckling modes for a lipped channel in compression
Single modes: (a) local (L); (b) distortional (D); (c) flexural (F);
(d) flexural-torsional (FT); Coupled (interactive) modes: (e) L + D; (f) F + L;
(g) F+ D; (h) FT + L; (i) FT + D; (j) F + FT (Dubina, 2004)

The results have been obtained using a Linear Buckling FEM analysis (LBA). For given
geometrical properties of member cross-section, the different buckling modes depend by
the buckling length, as shown in Figure 4.7 (Hancock, 2001).

The curves shown in Figure 4.7 have been obtained using an elastic Finite Strip (FS)
software, analysing and describing the change of buckling strength versus buckle
half-wavelength.

A first minimum (Point A) occurs in the curve at a half-wavelength of 65 mm and
represents local buckling in the mode shown. The local mode consists mainly of
deformation of the web element without movement of the line junction between the
flange and lip stiffener. A second minimum also occurs at a point B at a half-wavelength
of 280 mm in the mode shown. This mode is the distortional buckling mode since
movement of the line junction between the flange and lip stiffener occurs without a rigid
body rotation or translation of the cross-section. In some papers, this mode is called a
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local-torsional mode. The distortional buckling stress at point B is slightly higher than the
local buckling stress at point A, so that when a long length fully braced section is
subjected to compression, it is likely to undergo local buckling in preference to
distortional buckling. The section buckles in a flexural or flexural-torsional buckling mode
at long wavelengths, such as at points C, D and E. For this particular section,
flexural-torsional buckling occurs at half-wavelengths up to approximately 1800 mm
beyond which flexural buckling occurs.

800

Local mode Distorsional mode
700 | [ [
T 600 [ AN
g Timoshenko Flexural-
= 500 | Torsional Buckling
7 400 |
on
g ;
= 300
a All modes (coupled)
200 ¢ J |\ Flexural-Torsional |
100 | 65mm 280mm mode
E
0 ‘ ‘ -
10 100 1000 10000

Figure 4.7 Buckling strength versus half-wavelength for a lipped channel in
compression (Hancock, 2001)

The dashed line in Figure 4.7, added to the original figure, qualitatively shows the
pattern of all modes or coupled mode.

The effect of interaction between sectional and global buckling modes results in
increasing sensitivity to imperfections, leading to the erosion of the theoretical buckling
strength (see hachured zones in Figure 4.7). In fact, due to the inherent presence of
imperfection, buckling mode interaction always occurs in case of thin-walled members.

Figure 4.8 shows the difference in behaviour of a thick-walled slender bar in compression
(Figure 4.8a), and a thin-walled bar (Figure 4.8b); they are assumed, theoretically, to
have the same value of their gross areas. Both cases of an ideal perfect bar and a
geometric imperfect bar are presented.

Looking at the behaviour of a thick-walled bar it can be seen that it begins to depart from
the elastic curve at point B when the first fibre reaches the yield stress, N., and it
reaches its maximum (ultimate) load capacity, N,, at point C; after which the load drops
gradually and the curve approaches the theoretical rigid-plastic curve asymptotically. The
elastic theory is able to define the deflections and stresses up to the point of first yield
and the load at which first yield occurs. The position of the rigid-plastic curve determines
the absolute limit of the load carrying capacity, above which the structure cannot support
the load and remain in a state of equilibrium. It intersects the elastic line as if to say
“thus far and no further” (Murray, 1985).
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Figure 4.8 Behaviour of (a) slender thick-walled and (b) thin-walled
compression bar

In case of a thin-walled bar, sectional buckling, e.g. local or distortional buckling, may
occur prior to the initiation of plastification. Sectional buckling is characterised by the
stable post-critical path and the bar does not fail as a result of this, but significantly lose
stiffness. Yielding starts at the corners of cross-section prior to failure of the bar, when
sectional buckling mode changes into a local plastic mechanism quasi-simultaneously
with the occurrence of global buckling (Dubina, 2000). Figure 4.9, obtained by advanced
FEM simulation, clearly shows the failure mechanism of a lipped channel bar in
compression (Ungureanu and Dubina, 2004).

Figure 4.9 Failure mode of a lipped channel in compression
(Ungureanu and Dubina, 2004)

Figure 4.10 shows the comparison between the buckling curves of a lipped channel
member in compression, calculated according to EN1993-1-3, considering the fully
effective cross-section (i.e. no local buckling effect) and the reduced (effective)
cross-section (i.e. when local buckling occurs and interacts with global buckling).
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However the effectiveness of thin-walled sections, expressed in terms of load carrying
capacity and buckling strength of compression walls of beam and columns can be
improved considerably by the use of edge stiffeners or intermediate stiffeners.
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Figure 4.10 Effect of local buckling on the member capacity

4.2.2.2 Web crippling

Web crippling at points of concentrated load and supports can be a critical problem in
cold-formed steel structural members and sheeting for several reasons. These are:

o in cold-formed steel design, it is often not practical to provide load bearing and
end bearing stiffeners. This is always the case in continuous sheeting and decking
spanning several support points;

o the depth-to-thickness ratios of the webs of cold-formed members are usually
larger than for hot-rolled structural members;

o in many cases, the webs are inclined rather than vertical;

o the intermediate element between the flange, onto which the load is applied, and
the web of a cold-formed member usually consists of a bend of finite radius.
Hence the load is applied eccentrically from the web.

Special provisions are included in design codes to guard against failure by web crippling.

4.2.2.3 Torsional rigidity

Cold-formed sections are normally thin and consequently they have low torsional
stiffness. Many of the sections produced by cold-forming are mono-symmetric and their
shear centres are eccentric from their centroids as shown in Figure 4.11a. Since the
shear centre of a thin-walled beam is the axis through which it must be loaded to
produce flexural deformation without twisting, then any eccentricity of the load from this
axis will generally produce considerable torsional deformations in a thin-walled beam as
shown in Figure 4.11a. Consequently, thin-walled beams usually require torsional
restraints either at intervals or continuously along the length to prevent torsional
deformations. Often, this is the case for beams such as Z- and C- purlins which may
undergo flexural-torsional buckling because of their low torsional stiffness, if not properly
braced.
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In addition, for columns axially loaded along their centroid axis, the eccentricity of the
load from the shear centre axis may cause buckling in the flexural-torsional mode as
shown in Figure 4.11b at a lower load than the flexural buckling mode also shown in
Figure 4.11b. Hence the checking for the flexural-torsional mode of buckling is necessary
for such mono-symmetric columns.
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Figure 4.11 Torsional deformations: (a) eccentrically loaded lipped channel
beam; (b) axially loaded lipped channel column

4.2.2.4 Ductility and plastic design

Due to sectional buckling mainly (cold-formed sections are of class 4 or class 3, at the
most), but also due to the effect of cold-forming by strain hardening, cold-formed steel
sections possess low ductility and are not generally allowed for plastic design. The
previous discussion related to Figure 4.8 revealed the low inelastic capacity reserve for
these sections, after yielding initiated. However, for members in bending, design codes
allow to use the inelastic capacity reserve in the part of the cross-section working in
tension.

Because of their reduced ductility, cold-formed steel sections cannot dissipate energy in
seismic resistant structures. However, cold-formed sections can be used in seismic
resistant structures because there are structural benefits to be derived from their
reduced weight, but only elastic design is allowed and no reduction of the shear seismic
force is possible. Hence, in seismic design, a reduction factor g = 1 has to be assumed as
stated in EN1998-1:2004.

4.2.2.5 Connections

Conventional methods for connections used in steel construction, such as bolting and
arc-welding are available for cold-formed steel sections but are generally less appropriate
because of the wall thinness, and special techniques more suited to thin materials are
often employed. Long-standing methods for connecting two thin elements are blind rivets
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and self-drilling, self-tapping screws. Fired pins are often used to connect thin materials
to a ticker supporting member. More recently, press-joining or clinching technologies
(Predeschi et al., 1997) have been developed, which require no additional components
and cause no damage to the galvanising or other metallic coating. This technology has
been adopted from the automotive industry and is successfully used in building
construction. “Rosette” system is another innovative connecting technology (Makelainen
and Kesti, 1999), applicable to cold-formed steel structures.

Therefore, connection design is more complex and challenging to the engineers.

4.2.2.6 Design codification framework

EN1993-1-3 provides specific design requirements and rules for cold-formed thin gauge
members and sheeting. It applies to cold-formed steel products made from coated or
uncoated thin gauge hot or cold-rolled sheet or strip, that have been cold-formed by such
processes as cold-rolled forming or press-braking. However, the cold-formed steel design
is supported not only by EN1993-1-3, but also by the other parts of EN1993 (see Figure
4.12) such as EN1993-1-1, 1-2, 1-5, 1-6, 1-7 1-8 and others. The execution of steel
structures, including cold-formed thin gauge members and sheeting, is covered in
EN1090. The calculation rules given in this standard are only valid if the tolerances of the
cold-formed members comply with EN1090-2:2008 specific provisions.
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Figure 4.12 Standard system for steel structures (Sedlacek and Miiller, 2006)

This European Standard EN1090 specifies requirements for execution of steel structures,
in order to ensure adequate levels of mechanical resistance and stability, serviceability
and durability. The requirements are expressed in terms of execution classes.

The structure shall be designed such that deterioration over its design working life does
not impair the performance of the structure below that intended, having due regard to its
environment and the anticipated level of maintenance. In order to achieve an adequately
durable structure, the following should be taken into account (see EN1990):

o the intended or foreseeable use of the structure;

o the required design criteria;

199



Cold-formed steel design essentials
D. Dubina

the expected environmental conditions;

the composition, properties and performance of the materials and products;
the properties of the soil and the choice of the structural system;

the shape of members and the structural detailing;

the quality of workmanship, and the level of control;

the particular protective measures;

the intended maintenance during the design working life.

O O O O O O O

The environmental conditions shall be identified at the design stage so that their
significance can be assessed in relation to durability and adequate provisions can be
made for protection of the materials used in the structure.

The effects of deterioration of material, corrosion and fatigue where relevant should be
taken into account by appropriate choice of material, or by structural redundancy and by
the choice of an appropriate corrosion protection system.

Cold-formed steel structures are, usually, thin-walled. This means, in the design for
Ultimate Limit State, the stability criteria must be of concern. Also, since the structures
will be slender, particular attention has to be paid to Serviceability Limit State criteria,
e.g. for deflection limits and vibrations. On the other hand, the complex shapes of
cross-sections and the special connecting technologies, might involve testing in design,
either to check the solutions, either to calibrate the design formulas or to model safety
coefficients. On this purpose the Annex D of EN1990 and Chapter 9 of EN1993-1-3:2006
will be considered. The code provisions are limited to steel in the thickness range 1,0 -
8,0 mm for members, and 0,5 - 4,0 mm for sheeting. Thicker material may also be used
provided the load-bearing capacity is determined by testing.

EN1993-1-3 includes in Chapter 10 design criteria for the following particular
applications: Beams restrained by sheeting, Linear trays restrained by sheeting, Stressed
skin design and Perforated sheeting. The design provisions for these particular
applications are often complex but may be useful for design engineers since they include
detailed methodologies not available in other standards or specifications.

As application support of this code, the European Convention for Constructional Steel
Work, ECCS, published in 2008 “"Worked examples according to EN1993-1-3” (ECCS_123,
2008). Previously, in 2000, ECCS also edited worked examples on the same topic
(ECCS_114, 2000). In 1995 the European Convention for Constructional Steelwork -
ECCS published the European Recommendations for the Application of Metal Sheeting
acting as a Diaphragm (ECCS_88, 1995). Recently, the ECCS Design Manual entitled
“Design of Cold-Formed Steel Structures” (Dubina et al., 2012) has been published.

4.2.2.7 Fire resistance

Due to the small values of section factor (i.e. the ratio of the heated volume to the
cross-sectional area of the member) the fire resistance of unprotected cold-formed steel
sections is reduced. For the same reason fire protection with intumescent coating is not
efficient.

Sprayed cementations or gypsum based coatings, while very efficient for other
applications are, generally, not usable for galvanised cold-formed steel sections.
However, cold-formed steel sections can be employed as beams concealed behind a
suspended ceiling. In load bearing applications, fire resistance periods of 30 minutes can
usually be achieved by one layer of “special” fire resistant plasterboard, and 60 minutes
by two layers of this plasterboard, which possesses low shrinkage and high integrity
properties in fire. Planar protection to floors and walls provides adequate fire resistance
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to enclosed sections, which retain a significant proportion of their strength, even at
temperatures of 500 °C.

In light gauge steel framing, the board covering of walls and floors can protect the steel
against fire for up to 120 minutes, depending on the board material and the number of
boards. The choice of insulation material, mineral wool or rock wool is also crucial to fire
strength.

Box protection of individual cold-formed steel sections used as beams and columns is
provided in much the same way as with hot-rolled sections.

Non-load bearing members require less fire protection, as they only have to satisfy the
“insulation” criterion in fire conditions. Ordinary plasterboard may be used in such cases.

4.2.2.8 Corrosion

The main factor governing the corrosion resistance of cold-formed steel sections is the
type and thickness of the protective treatment applied to the steel rather than the base
metal thickness. Cold-formed steel has the advantage that the protective coatings can be
applied to the strip during manufacture and before roll forming. Consequently, galvanised
strip can be passed through the rolls and requires no further treatment.

Steel profiles are typically hot dip galvanised with 275 gram of zinc per square meter
(Zn 275), corresponding to a zinc thickness of 20 um on each side. The galvanising layer
is sufficient to protect the steel profiles against corrosion during the entire life of a
building, if constructed in the correct manner. The most severe effects of corrosion on
the steel occur during transport and outdoors storage. When making holes in hot dip
galvanised steel framing members, normally no treatment is needed afterwards since the
zinc layer possesses a healing effect, i.e. transfers to unprotected surfaces.

Hot dip galvanising is sufficient to protect the steel profiles against corrosion during the
life of a building. The service life of hot dip galvanised steel studs was studied by British
Steel and others (Burling, 1990). The loss in zinc weight will be around 0,1 g/m? per year
indoors. A similar study was also carried out for steel floors above crawl spaces with
plastic sheeting on the ground. Results showed that a zinc weight of 275 g/m? is
sufficient to provide a durability of around 100 years.

4.2.2.9 Sustainability of cold-formed steel construction

Burstrand (2000) presents the reasons in choosing light gauge steel framing from an
environmental point of view:

o light gauge steel framing is a dry construction system without organic materials.
Dry construction significantly reduces the risk of moisture problems and sick
building syndrome;

o steel, gypsum and mineral wool are closed cycle materials;

o Every material used in light gauge steel framing (steel, gypsum and mineral wool)
can be recycled to 100%;

o it is possible to disassemble the building components for re-use;

o light gauge steel framing means less energy consumption during production than
equivalent housing with a framework of concrete poured on-site;

o light gauge steel framing only uses about a fourth of the amount of raw materials
used for equivalent masonry-concrete homes;

o less waste means a cleaner work site and a low dead weight of building
components ensures a good working environment;

o low dead weight leads to reduced transport needs.
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4.3 Resistance of cross-sections

4.3.1 Introduction

The individual components of cold-formed steel members are usually so thin with respect
to their widths that they buckle at stress levels less than the yield point when subjected
to compression, shear, bending or bearing. Local buckling of such elements is therefore
one of the major considerations in cold-formed steel design.

It is well known that, compared to other kinds of structures, thin plates are characterised
by a stable post-critical behaviour. Consequently, cold-formed steel sections, which can
be regarded as an assembly of thin plates along the corner lines, will not necessarily fail
when their local buckling stress is reached and they may continue to carry increasing
loads in excess of that at which local buckling occurs.

In order to account for local buckling, when the resistance of cross-sections and
members is evaluated and checked for design purposes, the effective section properties
have to be used. However, for members in tension the full section properties are used.
The appropriate use of full and effective cross-section properties is explained in this
section.

Local buckling of individual walls of cold-formed steel sections is a major design criterion
and, consequently, the design of such members should provide sufficient safety against
failure by local instability with due consideration given to the post-buckling strength of
structural components (e.g. walls).

When speaking about the “resistance of cross-sections”, the following design actions are
to be considered:

axial tension;

axial compression;

bending moment;

combined bending and axial tension;

combined bending and axial compression;

torsional moment;

shear force;

local transverse forces;

combined bending moment and shear force;

o combined bending moment and local transverse force.

o 0O O O O O O o o

Both local buckling and distortional buckling (sectional instability modes) effects on the
cross-section strength have to be considered when compression stresses are induced by
the given action scenarios.

In principle, there is no difference in calculation the resistance of cross-sections of
cold-formed thin-walled steel members compared with hot-rolled sections. However,
since, currently cold-formed steel sections are class 4 sections, the resistance of sections
in compression, bending and combined compression and bending have to be calculated
using the properties of effective cross-section.
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4.3.2 Flange curling

In beams that have unusually wide and thin but stable flanges, i.e. primarily tension
flanges with large b/t ratios, there is a tendency for these flanges to curl under bending.
That is, the portion of these flanges most remote from the web (edges of I beams, centre
portions of flanges of box or hat beams) tend to deflect toward the neutral axis, as
illustrated in Figure 4.13.

Figure 4.13 Flange curling of channel section beam

The curling is due to the effect of longitudinal curvature of the beam and bending stress
in flanges. The first study of this phenomenon was presented by George Winter (1940).
The phenomenon can be easily explained with reference to the behaviour of a wide
flange I-beam in pure bending (see Figure 4.14). The transverse component p of the
flange force (0,-t) per unit width can be determined by:

p:(fa~t-d¢zaa-t: o, -t (4.1)
dl 0 E-I/M
where:
O, is the average (mean) bending stress in flange;
E is the modulus of elasticity;
I is the second moment of the beam area;

bs, h, t, dl, dg and p as shown in Figure 4.14.

Figure 4.14 Flange curling of I-beam subjected to bending
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If the value of the transverse component p is considered to be a uniformly distributed
load applied on the flange, the deflection of curling at the outer edge of the flange, u, can
be computed considering flange as a cantilever plate (Yu, 2000):

. p? 2 4 (4.2)
u =P 3% [ B ) 12
8-D E t*-d
where:
ur is the flange deflection of outer edge;
D is the flexural rigidity of plate, D = E £?/12(1 - v?2);
v is the Poisson’s ratio.

The ECCS Recommendations (ECCS_49, 1987; the predecessor of EN1993-1-3) provide
the following formula for calculating the curling displacement, applicable to both
compression and tensile flanges, both with and without stiffeners:

o’ b} (4.3)
Y :Z.Ez ~tzfz

In Eqgn. (4.3), bris one half of the distance between webs in box and hat sections, or the
width of the portion flange projecting from the web (see Figure 4.15), z is the distance of
flange under consideration from neutral axis (N.A.), while the other notations are defined
as in Eqgn. (4.2).

When the actual stress in the flange has been calculated for the effective cross-section,
the mean value of the stress, g,, is obtained by multiplying the stress for the effective
cross—section by the ratio of the effective flange area to the gross flange area.

Figure 4.15 Geometrical parameters of flange curling

Flange curling is in general highly dependent on the flange width-to-thickness ratio, but
also varies significantly with web depth and, indeed, the general geometry of the section.
Beams with shallow webs and small tension elements are particularly prone to flange
curling.

Flange curling can be neglected in calculations if the deflection us is not greater than 5%
of the depth of cross-section.

4.3.3 Shear lag

For the beams of usual shapes, the normal stresses are induced in the flanges through
shear stresses transferred from the web to the flange. These shear stresses produce
shear strains in the flange which, for ordinary dimensions, have negligible effects.
However, if the flanges are unusually wide (relative to their length) these shear strains
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have the effect of decreasing the normal bending stresses in the flange with increasing
distance from the web. This phenomenon is known as shear leg (see Figure 4.16).

The simplest way of accounting for this stress variation in design is to replace the
non-uniformly stressed flange, of actual width br (b=2'bf), by a reduced (effective) width
subjected to uniform stress (Winter, 1970).

Box-type beam I-section beam
¢, ] ¢, Iy
fi fl _
L
2bg by

Figure 4.16 Normal bending stress distribution in both compression
and tension flanges of short beams due to shear lag

Shear lag is important for beams with large flanges subjected to concentrated loads on
fairly short spans; the smaller the span-to-width ratio, the larger the effect. For beams
supporting uniform loads, shear leg is usually negligible except when the L/bs ratio is less
than about 10, as shown in Figure 4.17.

Where the span of the beam, L, is less than 30bf and the beam supports a concentrated
load, or several loads spaced greater than 2by, the effective design width of a flange,
whether in tension or compression, shall be limited to the values given in Table 4.3.
These values were obtained by Winter in early 1940s (Winter, 1940), and actually are
included in American (AISI S100-07) and Australian/New Zealand design codes
(AS/NZS-4600:2005).

For uniform Table 4.3 Maximum ratio of
= 10 load B effective design width to actual
~'§ el width for short wide flange
gle 097 beams
ANt
SlE 08y L/b, Ratio L/b; Ratio
Ol
g2 07¢ 30 1,00 14 0,82
2% 06 25 0,96 12 0,78

0.3 0 55 B 20 0,91 10 0,73
# 18 0,89 8 0,67
16 0,86 6 0,55

Figure 4.17 Analytical curves for
determining effective width of flange of
short span beams (Winter, 1940)

where, L is the full span for simple
beams; or distance between inflection
points for continuous beams; or twice
the length of cantilever beam.

The values of effective width ratios given in Table 4.5 are those corresponding to Curve A
of Figure 4.17. For uniform load, it can be seen from Curve B of Figure 4.17 that the
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width reduction due to shear lag for any practicable width-span ratio is so small as to be
effectively negligible.

According to EN1993-1-5, the effect of shear lag shall be taken into account in flanges of
flexural members if the length Le between the points of zero bending moment is less
than 50by.

The phenomenon of shear lag is of considerable consequence in naval architecture and
aircraft design. However, in cold-formed steel construction, beams are infrequently so
wide that significant reductions are required.

4.3.4 Sectional buckling modes in thin-walled sections

4.3.4.1 Local and distortional buckling

Sectional instability modes refer to local and distortional buckling. Local buckling of a
plane element (e.g. a wall of a cold-formed steel section) when both edges remain
straight in the longitudinal direction, as shown in Figure 4.18 and Figure 4.19, is
characterised by half-wavelengths comparable with the element width.

Distortional buckling of sections involves rotation of the lip/flange components about the
flange/web junction as shown in Figure 4.18. Distortional buckling is also known as
“stiffener buckling” or “local-torsional buckling”. In this case, the web and lip/flange
distortional buckling occur at the same half-wavelength which is larger than the local
buckling half-wavelength. In members with intermediately stiffened elements distortional
buckling is characterized by a displacement of the intermediate stiffer normal to the
plane of the element (see Figure 4.19).

——————

CE N

a) b) o a b)
Figure 4.18 Local and distortional buckling Figure 4.19 Local and distortional
of a lipped channel section buckling of a lipped channel
in compression with web intermediate stiffener

Local buckling is a phenomenon which characterises the behaviour of thin plates, and is
solved accordingly. Distortional buckling is treated either as a problem of elastic critical
buckling of a long sheet (e.g. the flange/lip assembly) on an elastic foundation (see
EN1993-1-3) or as a problem of lateral-torsional buckling of a flange/lip section column
(Schafer and Pekdz, 1999).

4.3.4.2 Buckling of thin flat walls in compression

Considering the compression wall in the pre-buckling phase stresses are uniformly
distributed (see Figure 4.20a), while after buckling they become non-uniform (see Figure
4.20b) and continuously concentrate near the supported edges as the load increases,
until the yield strength is reached (see Figure 4.20c) and the plate starts to fail.
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Figure 4.20 Consecutive stress distribution in stiffened compression elements:
(a) pre-critical stage; (b) intermediate post-critical stage;
(c) ultimate post-critical stage

The elastic post-buckling behaviour of a plate can be analysed by using the large
deflection theory.

However, it has been found that the solution of the differential equation for large
deflections has little application in practical design because of its complexity. For this
reason, the concept of “effective width” was introduced by von Karman et al. in 1932. In
this approach, instead of considering the non-uniform distribution of stress, o,(y), over
the entire width of the plate br it was assumed that the total load, P, is carried by a
fictitious effective width, b.s, subjected to a uniformly distributed stress equal to the
edge stress, 0,.x, @S shown in Figure 4.21. The width bgs is selected so that the area
under the curve of the actual non-uniform stress distribution is equal to the sum of the
two parts of the equivalent rectangular shaded area with a total width bes and an
intensity of stress equal to the edge stress 0,2, that is:

P=Cpey bt =] o (y) -t dy=o,, byt (4.4)

The magnitude of effective width, bes, changes as the magnitude of 0,,.«, changes (see
Figure 4.22). Therefore the minimum effective width results when o0,,.« equals to f, (see
Figure 4.20c).

a) b)

Figure 4.21 Stress distribution in simply supported plate, uniaxially
compressed: (a) actual stress distribution; (b) equivalent stress distribution
based on the “effective width” approach
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fy = O2,max & %

beff 1/2 \/ O'1,max
bero/2

b

Figure 4.22 Change of effective width in terms of maximum edge stress

In the limit ona=f,, it may also be considered that the effective width bes represents a
particular width of the plate for which the plate strength is achieved when the applied
stress (0max=f,) causes buckling. Therefore for a long plate, the value of bes to be used
for strength design may be determined from Eqn. (4.6) as follows:

k, -x*-E (4.5)
O-max :f = 2 2 = O-cr eff
Y 12-1-v?)- (b / t) '
or
. \/Zﬁ . E (4.6)
o f12.a-v?) f,
or
E (4.7)
b,=C-t- |—
ff fy
where
C=\k, -7 /12-(1-v?) (4.8)

is a constant for a given type of plate element, depending of the value of buckling
coefficient, k.

Ifko=4and v=10,3, C= 1,9, Eqn. (4.7) becomes:

4.9
befle,g.t.JE -2
fy

which represents the von Karman formula for the design of stiffened elements as derived
in 1932.

Since the critical elastic buckling stress of the complete plate is given by,
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k, -z*-E (4.10)
O =
T12-1-vA)(b/t)
then, by substitution
b Ocr (4.11)

The relative or reduced plate slenderness, 71;,, is defined as:

7 _ |f, 1052 b f b/t (4.12)
Ry I 5,

o, Jk t VE 284.:Jk

where ¢ = /235 / f,

At the end, the effective width, b.g, of a thin wall (e.g. plate) in compression, of width b,
is calculated with the following formula:

b=p-b (4.13)
where
b, 1 (4.14)
=—¢ - — <1
P==F 7

and is the reduction factor of the plate within the post-buckling range.

Egn. (4.13) is in fact another form of the initial von Karman formula given by Egn. (4.6).
Egn. (4.11) gives the effective width in the ultimate limit state. In the intermediate
post-buckling stage, when 0 < Omax < f, the effective width can be obtained from:

4.15
beff:C't' E ( )
O-max
or
%_ o, (4.16)
b o

R (4.17)

Egn. (4.8) for C, which for plates simply supported on both longitudinal edges (i.e. k,=4)
leads to the value of 1,9, was confirmed by test of plates with large b/t ratios.
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Consequently, for plates with intermediate b/t ratios, in 1946 Winter proposed to replace
the expression for C with:

t) [E (4.18)
C =1,9{1-0,415(Bj. f_]

y

which leads to the well-known effective width equation

(4.19)
po et % |1 20 % |<q
b fy fy

or, in terms of relative plate slenderness, A4,

by _ 1 (1_0,22J (4.20)

p=——=="
b, Ao

The effective width depends on both edge stress 0,,.x and b/t ratio. The pIa_te is fully

effective when p = 1, i.e. b = b.g. It is easy to show that this happens when 1, <0,673
(see Figure 4.23) or

4.21
%{%} =16,69 ¢ -k, (4.21)
lim

with

e=235/f, (4.22)

p=bey/b von Karman (eqn. 3.21)
1.0 p=V/4,
Euler (bar buckling)
0.8 p=1/22
Winter (eqn. 3.27)

0.6 p=(1-0224)/2,
0.4
0.2 [
00 L I L ﬁp

0.0 0.673 1.0 2.0 3.0

Figure 4.23 Reduction factor, o, vs. relative plate slenderness, Ep , relationship

If k,=4 and k,=0,425 are substituted into Egn. (4.21) for simply supported edge
stiffened or web type plate elements, and for unstiffened plate elements with a free
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longitudinal edge, or flange type elements, respectively, the following limiting b/t ratios
are obtained:

o web type elements

(EJ =38,3 ¢
t lim

o flange type elements

(gj =12,5 ¢
t lim

The limiting b/t ratios for the usual steel grades S235, S275 and S355 are shown in
Table 4.4.

The effective or equivalent width method leads to simple design rules and gives an
indication of the behaviour of the plate as the ultimate condition is approached.

(4.23)

(4.24)

The Winter formula (4.20) for the effective width is actually used in the major design
code provisions for thin-walled steel structures (EN1993-1-3:2006, AISI S100-07,
AS/NZS 4600:2005). Despite its semi-empirical nature, the Winter formula leads to quite
satisfactory results for stiffened (web type) plate elements. However, for unstiffened
(flange type) plate elements, this formula used with a buckling coefficient equal to 0,425
or 0,43 is too conservative both for strength and stiffness.

The effective widths of compression elements shall be obtained from Table 4.5 for doubly
supported compression elements or Table 4.6 for outstand compression elements
(EN1993-1-5:2006).

The notional flat width b, of a plane element shall be determined as specified in
EN1993-1-3:2006. In the case of plane elements in sloping webs, the appropriate slant
height shall be used.

Table 4.4 (b/t);m values for stiffened and unstiffened plate elements

Steel grade (N/rfr‘:mz) Type of plate element
Stiffened Unstiffened
S235 235 38 12,5
S275 275 35 11,5
S355 355 31 10

The reduction factor p used in Table 4.5 and Table 4.6 to determine b.¢ shall be based

on the largest compressive stress o.m,eq in the relevant element (calculated on the basis
of the effective cross-section and taking account of possible second order effects), when
the resistance of the cross-section is reached.

If Ocomes = fyp / ymo the reduction factor p should be obtained according to EN1993-1-5,
from the following:

o internal compression elements:
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p=1 for 1,<0,5+,/0,085-0,055y (4.25a)
Ap — 0,055 (3 _ (4.25b)
p=2 — ( +V/)<1,O for A, >0,5+./0,085-0,055y
Ap
Table 4.5 Internal compression elements
Stress distribution Effective width be
(compression positive)
o ([0 [([A(Y = v=1
bel L , L he2 beff — pbp
rd p A
bel =0,5- beff; beZ =0,5- beff
[—Tmm oven
be be by,=p-b
1|, . P
7 bp A 2
bel =t beff; beZ = beff _bel
S5-y
K ¥ X v < 0
o o by=p-b.=pb,/(1-y)
De1 —bﬂZ N-UJI
A b, =0,4 by; by, =0,6b,
v=02/ | 1>y >0 0 0>y >-1 1 | 1>y >-3
(o1
Buckling | 4, | 82/(1,05+ | 7,8 | 7,81-6,29 y+9,78 | 33 | 5,98(1-y
factor, k, | O v) 1 4 9 )2
o outstand compression elements (flange type):
p=1 for 1,<0,748 (4.26a)
7 _ 4.26b
p:lp_—oz’188<1,0 for 1,>0,748 ( )
Ap
in which the plate slenderness Ep is given by:
4,27
e f b, /t ( )

o, 28,4-¢ Jk,
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where:

Ko
£
74

t

Ocr

is the relevant buckling factor from Table 4.5 and Table 4.6;

is the ratio 235/ f, with f; in N/mm?;

is the stress ratio;

is the thickness;

is the elastic critical plate buckling stress.

Table 4.6 Outstand compression elements

Stress distribution
(compression positive)

Effective width b.s

el

1>y >0

beff:p.c

v <0

beff:p'bc:pbp/(l_l//)

g
y =02/ 01 1 0 -1 -1>y>-3
2
Buckling factor, k, | 0,43 | 0,57 0,85 0,57- 0,21 v +0,07 ¥
f——r
bett
1> >0
ol o2
beff = p'C
c ¥
| bcff
M~ o
ol
bey = p b, :pbp /L -y)
o2
b Low)
v =03/ 01 1 1>y >0 0 0>y >-1 -1
_ 0,57- 0,21 v +0,07
Buckling factor, k, | 0,43 | 0,578/( v +0,24) | 1,70 | ? 23,8
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If Ocom,ea < fyu/ymo the reduction factor p should be determined in a similar manner, but
the reduced plate slenderness Ap.req is given by:

Tores = Ty | Ceomes (4.28)
fyb /7Mo

However, when verifying the design buckling resistance of a member or performing a
second order system analysis, for calculating the values of A.f, ey and W the plate

slenderness Zp of an element should be based either on its yield strength £, or on ocom,ed
based on a 2" order system analysis.

The application of the second approach generally requires an iterative procedure for the
second order calculation in which the internal forces and moments are determined with
the effective cross-sections defined with the internal forces and moments determined
from the previous iteration. For effective width calculation at the serviceability limit
states the reduction factor p should be determined in a similar manner, but using the

reduced plate slenderness Ap.ser given by:

O-com,Ed,ser (4 29)

f

yb

Zp.ser = Zp .

where:

Ocom,ed,ser 1S the largest compressive stress in the relevant element (calculated on
the basis of the effective cross-section) under the serviceability limit state loading.

EN1993-1-3 contains detailed rules for evaluation of effective properties of cross-sections
with edge and/or intermediate stiffeners of compression and/or bending stresses.

In determining the effective width of a flange element subject to stress gradient, the
stress ratio y used in Table 4.5 and Table 4.6 may be based on the properties of the
gross cross-section.

In determining the effective width of a web element the stress ratio y used in Table 4.5
may be obtained using the effective area of the compression flange but the gross area of
the web.

4.3.4.3 Distortional buckling

Intuition for local buckling behaviour is relatively straightforward: as width-to-thickness
(b/t) ratios increase, the local buckling critical stress becomes lower. This fact serves the
engineer well in designing for local buckling. A similar intuition for distortional buckling is
not as straightforward.

Distortional buckling of compression members with C cross-sections is governed by the
rotational stiffness at the web/flange junction; deeper webs are more flexible and thus
provide less rotational stiffness to the web/flange juncture. This results in earlier
distortional buckling for deep webs. If the flange is narrow, local buckling of the web
occurs at wavelengths close to distortional buckling of the flange and the distortional
mode forms at lower stresses than local buckling. If the flange is excessively wide, local
buckling is not the concern, but rather the size of the stiffener require to keep the flange
in place is the concern. For practical stiffener lengths, wide flange also lead to low
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distortional stresses. Longer lips are beneficial against flange distortion but become too
sensitive for local buckling.

The wavelength of distortional buckling is generally intermediate between those of local
and overall modes, like Figure 4.24 shows.

500
450 [
400
3501
3001

8mm

Euler (torsional)

z

t=0.7mm

250[
200
150
1007
50 |
0

Euler (flexural)

T

10 100 1000 10000
Half-wavelength (mm)

Distortional

Buckling stress (MPa)

Figure 4.24 Elastic buckling modes vs. half-wavelengths curve for a lipped
channel column (Finite Strip Analysis by Schafer, 2001)

Manual calculation methods for predicting the elastic distortional buckling stress of simple
sections such as C- and rack-sections have been presented, e.g. by Lau and Hancock
(1987) and Schafer and Pekdz (1999). However, manual calculation methods for
distortional buckling are relatively cumbersome. Numerical methods, such as the finite
element method (FEM), or the finite strip method (FSM) have been found to be efficient
methods for determining elastic buckling stresses for both local and distortional buckling.
The finite strip method has proved to be a useful approach because it has a short
solution time compared to the finite element method and does not require discretisation
in the longitudinal direction. The finite strip method assumes simply supported end
boundary conditions and is applicable to longer sections where multiple half-waves occur
along the section length.

Generalized Beam Theory (GBT) is an extension of conventional engineering beam
theory, allowing cross-section distortion to be considered (Silvestre and Camotim, 2002a
Silvestre and Camotim, 2002b, Silvestre and Camotim, 2003). It has a short solution
time and the method is applicable for both pin-ended and fixed-ended members. A user
friendly GBT program has been developed at the Technical University of Lisbon called
GBTUL (http://www.civil.ist.utl.pt/gbt/), which performs elastic buckling and vibration
analyses of prismatic thin-walled members.

An alternative program to perform the elastic buckling analysis of thin-walled members is
CUFSM (http://www.ce.jhu.edu/bschafer/cufsm/). CUFSM employs the semi-analytical
finite strip method to provide solutions for the cross-section stability of thin-walled
members (Schafer and Adany, 2006).

EN1993-1-3:2006 does not provide explicit provisions for distortional buckling. However,
a calculation procedure can be obtained from the interpretation of the rules given in the
code for plane elements with edge or intermediate stiffeners in compression.

215



Cold-formed steel design essentials
D. Dubina

The design of compression elements with either edge or intermediate stiffeners is based
on the assumption that the stiffener behaves as a compression member with continuous
partial restraint. This restraint has a spring stiffness that depends on the boundary
conditions and the flexural stiffness of the adjacent plane elements of the cross-section.
The spring stiffness of the stiffener may be determined by applying a unit load per unit
length to the cross-section at the location of the stiffener, as illustrated in Figure 4.25.
The rotational spring stiffness Cy characterizes the bending stiffness of the web part of
the section. The spring stiffness K per unit length may be determined from:

K=u/s (4.30)

where ¢ is the deflection of the stiffener due to the unit load vu.

K=

Figure 4.25 Determination of the spring stiffness K according to EN1993-1-3

The elastic critical buckling stress for a long strut on an elastic foundation, in which the
preferred wavelength is free to develop, is given by Timoshenko and Gere (1961):

2
O'Uzﬂ EZIS+ IZK./12
A -4 A -

S

(4.31)

where

As and I; are the effective cross-sectional area and second moment of area of the
stiffener according to EN1993-1-3, as illustrated in Figure 4.26 for an edge
stiffener;

A =L/ mis the half-wavelength; m is the number of half-wavelengths.

The preferred half-wavelength of buckling for a long strut can be derived from Eqn.
(4.31) by minimizing the critical stress:

E.-T (4.32)

as:

2. K-E-T, (4.33)
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Figure 4.26 Effective cross-sectional area of an edge stiffener

Egn. (4.33) is given in EN1993-1-3; thus, this method does not consider the effect of
column length but assumes that it is sufficiently long for integer half-waves to occur. In
the case of intermediate stiffeners, the procedure is similar, but the rotational stiffness
due to adjacent plane elements is ignored and the stiffened plane element is assumed to
be simply supported.

In fact, for elements with edge or intermediate stiffeners, the design against distortional
buckling is limited to the checking of stiffener effectiveness. For more complete analysis,
the code gives freedom for the designer to use numerical methods.

4.3.5 Design against local and distortional buckling according to EN1993-1-3

4.3.5.1 General scheme

According to EN1993-1-3, the followings general provisions must be considered when a
section is designed against local or distortional buckling:

o the effects of local and distortional buckling shall be taken into account in
determining the resistance and stiffness of cold-formed members and sheeting;

o local buckling effects may be accounted for by using effective cross-sectional
properties, calculated on the basis of the effective widths of those elements that
are prone to local buckling;

o the possible shift of the centroid axis of the effective cross-section relative to the
centroid axis of the gross cross-section shall be taken into account;

o in determining resistance to local buckling, the yield strength f, should be taken as
fyb;

o in determining the resistance of a cross-section, the effective width of a
compression element should be based on the compressive stress Ocomeqs in the
element when the cross-section resistance is reached;

o two cross-sections are used in design: gross cross-section and effective
cross-section of which the latter varies as a function of loading (compression,
major axis bending etc.);

o for serviceability verifications, the effective width of a compression element should
be based on the compressive stress Ocomeqser i the element under the
serviceability limit state loading;

o distortional buckling shall be taken into account where it constitutes the critical
failure mode.

4.3.5.2 Plane elements with edge or intermediate stiffeners

The design of compression elements with edge or intermediate stiffeners shall be based
on the assumption that the stiffener behaves as a compression member with continuous
partial restraint, with a spring stiffness that depends on the boundary conditions and
flexural stiffness of the adjacent plane elements.
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The spring stiffness of a stiffener should be determined by applying a unit load per unit
length u as illustrated in Figure 4.27. The spring stiffness K per unit length may be
determined from:

K=u/s (4.34)

where:

0 is the deflection of the stiffener due to the unit load v acting at the centroid (b;)
of the effective part of the stiffened part of the cross-section.

In determining the values of the rotational spring stiffnesses Cy, Co1 and Cy, from the
geometry of the cross-section, account should be taken of the possible effects of other
stiffeners that exist in the same element, or on any other element of the cross-section
that is subject to compression.

For an edge stiffener, the deflection & should be obtained from:
u-bd 12-(1-v?) (4.35)

5=0-b + .
p 3 E.-t?

with
0=u-b,/C, (4.36)

In the case of the edge stiffeners of lipped C-sections and lipped Z-sections, C, should be
determined with the unit loads u applied as shown in Figure 4.27c.

b, by b,

by _Iﬂ
Co
LA

a) Actual system

bel be2 bl eZbZ,el
e B g
WA A B
K% %K

b) Equivalent system

Compression Bending Compression
Bending

¢) Calculation of é for C and Z sections

Figure 4.27 Determination of spring stiffness
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This results in the following expression for the spring stiffness K; for the flange 1:

__E L (4.37)
' 4.1-v?) b2-h,+b>+0,5-b -b,-h, -k,
where

b is the distance from the web-to-flange junction to the gravity centre of
the effective area of the edge stiffener (including the effective part be,
of the flange) of flange 1 (see Figure 4.27a);

b> is the distance from the web-to-flange junction to the gravity centre of
the effective area of the edge stiffener (including the effective part of
the flange) of flange 2;

hy is the web depth;

ki=10 if flange 2 is in tension (e.g. for a beam in bending about the y-y axis);

k= Asx/Aq if flange 2 is in compression (e.g. for a member in axial compression);
ke=1 for a symmetric section in compression;

Aq1 and A, are the effective area of the edge stiffener (including the effective part
be, of the flange, see Figure 4.27b) of flange 1 and flange 2
respectively.

For an intermediate stiffener, the values of the rotational spring stiffnesses Cy, and Cyp,
may conservatively be taken as equal to zero, and the deflection § may be obtained
from:

50+ u-b? - b? .12-(1—31/2) (4.38)
3:-(b+b,) E-t

The reduction factor y4 for the distortional buckling resistance (flexural buckling of a
stiffener) should be obtained from the relative slenderness s from:

2,=1 if 24<0,65 (4.39a)
2y =1,47-0,72324 if 0,65<14<1,38 (4.39b)
7, =288 i 75138 (4.390)
Ad
and
PN (4.39d)
where:

Ocr,s is the elastic critical stress for the stiffener(s)

In the case of a plane element with an edge and intermediate stiffener(s), in the absence
of a more accurate method the effect of the intermediate stiffener(s) may be neglected.

The cross-section of an edge stiffener should be taken as comprising the effective
portions of the stiffener (element c or elements c and d as shown in Figure 4.28) plus the
adjacent effective portion, be;, of the plane element b,.
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An edge stiffener shall not be taken into account in determining the resistance of the
plane element to which it is attached unless the following conditions are met:
o the angle between the stiffener and the plane element is between 45° and 135°;

o the outstand width c is not less than 0,2b, where b and c are as shown in Figure
4.28;

o the b/t ratio is not more than 60° for a single edge fold stiffener, or 90° for a
double edge fold stiffener.

| b \ b
\ bp M ‘ bp \
}‘7be14.{ ’<ﬁb82—> }‘fbﬂ—» be?—»
b
L 7 7 71 IIII(':é T Z 7 7 1 VIII:‘:‘,: i
_._.YP T L8
/ a i /a’g af,,,L,gaom
M9 &o )
} b, ~i U ¢ < b, ~l ;ﬁ_Q%
b y b\: S
A ’ As’ Is K
b/t < 90 Ay TL
b/t < 60 < o
a) single edge fold b) double edge fold ¢bp,{
l«—d

Figure 4.28 Edge stiffeners

The procedure, which is illustrated in Figure 4.29 and presented schematically in Figure
4.30 and Figure 4.31 , should be carried out in steps as follows:

Step 1: Obtain an initial effective cross-section for the stiffener using effective
widths determined by assuming that the stiffener gives full restraint and that
Ocom,Ed = fyb/ MOy

Step 2: Use the initial effective cross-section of the stiffener to determine the
reduction factor for distortional buckling (flexural buckling of the stiffener),
allowing for the effects of the continuous spring restraint;

Step 3: Optionally iterate to refine the value of the reduction factor for buckling
of the stiffener.

Initial values of the effective widths b.; and b., shown in Figure 4.28 should be
determined from §84.3.4.2 by assuming that the plane element b, is supported on both
longitudinal edges (see Table 4.5).

Initial values of the effective widths c.+ and d.+ shown in Figure 4.28 should be obtained
as follows:

o for a single edge fold stiffener:

Corr =P bp,c (4.40a)
with p obtained from §84.3.4.2, except using a value of the buckling factor k, given by:

o ifbyc/ by, <0,35

k =0,5 (4.40b)

(o3

o if0,35<b,c/ b, < 0,6

k, =0,5+3(b,. / b,~0,35) (4.40¢)
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o

Coif =P bp,c

with p obtained from §84.3.4.2, except using a value of the buckling factor k, for a

for a double edge fold stiffener:

doubly supported element as show in Table 4.5, and

deff =p- bp,c

with p obtained from §84.3.4.2, except using a value of the buckling factor k, for

outstand element as show in Table 4.6.

—

a) Gross cross-section and
boundary conditions

o

l—"el—5p

fyb/YMO

e

| foo! o

b) Step 1. Effective
cross-section for K = « based

ON Ocom,ed = fyb/ Mo

e

c) Step 2: Elastic critical
stress o, for effective area of
stiffener A from Step 1

Iteration 1

T a—.

d) Reduced strength yq fyn/ymo
for effective area of stiffener
As, with reduction factor g4
based on 0. s

)

Iteration n

fol vo l
T

| | | | | | Zd,nfyb/%vlo
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- a
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e) Step 3: Optionally repeat
Step 1 by calculating the
effective width with a reduced
compressive stress
Ocomed,r = Xd fyo [/ ymo With gy
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<
=3
=
=
3
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B
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Figure 4.29 Compression resistance of a flange with an edge stiffener
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The effective cross-sectional area of the edge stiffener As should be obtained from:

A=t (bez + Ceff) (4413)

As =t (bez + Ce1 + Cea + deff) (441b)

The elastic critical buckling stress os for an edge stiffener should be obtained from:

_2. /K-E-IS (4.42)

o =
cr,s AS
where:
K is the spring stiffness per unit length;
I is the effective second moment of area of the stiffener, taken as that of its

effective area As about the centroid axis a - a of its effective cross-section,
see Figure 4.28.

The reduction factor y; for the distortional buckling (flexural buckling of a stiffener)
resistance of an edge stiffener should be obtained from the value of o.s using the
method given before.

If y4 < 1 the effective area calculation may be refined iteratively, starting with modified
values of p obtained using the formulas from §8§4.3.4.2 with 0¢om,eq,; €qual to ygfys/ ymo:

Aored = Ap [ 24 (4.43)

The reduced effective area of the stiffener As s allowing for flexural buckling should be
taken as:

f 4.44
As,red = ld : As M bUt As,red < As ( )
O-com,Ed
where
Ocom,Ed is compressive stress at the centreline of the stiffener calculated on

the basis of the effective cross-section.

4.3.5.3 Design example

Figure 4.30 and Figure 4.31 present schematically the calculation of effective section
properties for cold-formed steel sections under bending or compression.

In determining effective section properties, the reduced effective area As,.s should be
represented by using a reduced thickness t..qs = tAeq / As for all the elements included in
As.
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that the flange in compression is double Start
supported (K=«) and that the design  [*
strength is not reduced (ocom, e¢=fyb/ /i0) AN N
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N
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of flange

A
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the edge stiffener: As
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Step 2: Use the initial effective
cross-section of the stiffener to
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Where: K is the spring stiffness
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Determine the elastic buckling
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reduction factor y converges.

Figure 4.30 Effective section properties of the flange and lip in compression -
General (iterative) procedure (SF038a-EN-EU, AccessSteel 2006)
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Figure 4.31 Calculation of effective section properties for cold-formed steel
sections under compression or bending (SF038a-EN-EU, AccessSteel 2006)
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Basic Data

The dimensions of the cross-section and the material properties are:

Total height h =150 mm bpi
Total width of flange in compression b, =47 mm r &
Total width of flange in tension b, =41 mm s |,

Total width of edge fold c=16mm

Internal radius r=3mm 5!
Nominal thickness t,,=1mm bp2
Steel core thickness (§§2.4.2.3) t =0,96 mm

Basic yield strength f, =350 N/mm?

Modulus of elasticity E =210 000 N/mm?

Poisson’s ratio v=0,3

Partial factor Ymo = 1,00

Web height h,=h-t,, 6 =150-1=149 mm

Width of flange in compression b,=b-t,,=47-1=46 mm
Width of flange in tension b,=b,-t,,=41-1=40mm

Width of edge fold c.=cC

p - tnom

/2=16-1/2 =15,5mm

Checking of geometrical proportions

The design method of EN1993-1-3 can be applied if the following conditions are satisfied:

b/t <60 b, Jt = 47/0,96 = 48,96 < 60 - OK
c/t <50 ¢/t =16/0,96 = 16,67 < 50 - OK
h/t <500 h/t =150/0,96 = 156,25 <500 - OK

In order to provide sufficient stiffness and to avoid primary buckling of the stiffener itself,
the size of stiffener should be within the following range:

0,2<¢/b<0,6 c/b, =16/47=0,34 0,2<0,34<0,6 - OK
c/b, =16/41=0,39 0,2<0,39<0,6 - OK

The influence of rounding of the corners is neglected if (§§3.2.1, Egn. (3.2)):

rit<5 r/t =3/0,96 =3,125<5 - OK

r/b, <0,10 r/b, =3/47=0,06<0,10 - OK

r/bp2 =3/41=0,07<0,10 -0OK
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Gross cross-section properties

A, =t(2c, +b, +b,, +h,)=0,96x(2x15,5+46 + 40 +149) = 255,36 mm’

Position of the neutral axis with respect to the flange in compression:

h —c,/2)+b h +h>/2+c2/2|t
b1=|:cp( > %) )+ ::er p/ +CP/] =72,82 mm

br

z

Effective section properties of the flange and lip in compression

The general (iterative) procedure is applied to calculate the effective properties of the
compressed flange and the lip (plane element with edge stiffener). The calculation should
be carried out in three steps (§§3.7.3.2.2):

Step 1: Obtain an initial effective cross-section for the stiffener using effective widths of
the flange determined by assuming that the compressed flange is doubly supported, the
stiffener gives full restraint (K=o) and that design strength is not reduced (

Ocom,ed = fyb ! Vo )-

Effective width of the compressed flange

The stress ratio: w =1 (uniform compression), so the buckling factor is k, =4 for
internal compression element

£ = /235/fyb
The relative slenderness:

~ by 46/0,96
PP 28,45 [k, 28,4x235/350 x4

=1,03

The width reduction factor is:
A, ~0,055(3+y) 1,03-0,055x(3+1)

o= =0,764 <1
Aplbz 1,03°

The effective width is:

b =pb,=0,764x46 = 35,14 mm

b,=b,=0,5b, =0,5x3514=17,57 mm

Effective width of the edge fold

The buckling factor is:

if c,/b,, <0,35: k,=0,5

if 0,35<c,/b, <0,6: k,=0,5+0,83 3/(cp/bp1 -0,35)

226



Cold-formed steel design essentials
D. Dubina

cp/bp1 =15,5/46 =0,337<0,35 so k, =0,5
The relative slenderness (§§3.7.2, Egqn. (3.38)):
- c,/t 15,5/0,96

.= = =0,981
7€ 28,4¢ 0k, 28,4x.235/350 x /0,5
The width reduction factor is:
1,.-0,188 0,981-0,188
7 - ! =0,824, p<1
L 72 0,981 P

p.c
The effective width is (§8§3.7.3.2.2, Egn. (3.47)):

Cor = pC, =0,824x15,5=12,77 mm

Effective area of the edge stiffener (§§3.7.3.2.2, Eqn. (3.48)):

A =t(b, +Cy)=0,96%(17,57+12,77) = 29,126 mm?

Step 2: Use the initial effective cross-section of the stiffener to determine the reduction

factor, allowing for the effects of the continuous spring restraint.

The elastic critical buckling stress for the edge stiffener is

2JKEI,

O =

cr,s A

where:
K is the spring stiffness per unit length (§§3.7.3.1, Eqn. (3.44)):
_ Et? _ 1
4(1-v?) b? h, + b’ +0,5b, b, h, k;

with:

b, - distance from the web to the centre of the effective area of the stiffener in
compression (upper flange)

bo_p _ botbs/2 . 17,57x0,96x17,57/2
PPt (b, +C )t (17,57 +12,77)x 0,96

=40,913 mm

k. =0 for bending about the y-y axis
K = 0,161 N/mm’

I_ is the effective second moment of area of the stiffener:

S

b,t> ct C.i ’ c Ci’ ’
Is — —e2 + eff + bez t eff + Ceff t eff _ eff
12 12 2(b,, +Cuy) 2 2(b,+c.)

= I =457,32 mm*

so, the elastic critical buckling stress for the edge stiffener is

o2 /0,161 x210000 x 457,32
s 29,126

=270,011 N/mm?
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Thickness reduction factor 4¢ for the edge stiffener

The relative slenderness:

Ag = f,p /0. =~/350/270,011 =1,139

The reduction factor will be:

if 1, <0,65 7, =10

if 0,65<4,<1,38 y,=1,47-0,7237,

if 4,>1,38 %y = 0,66/,

= 0,65<1,=1,139<1,38 so g, =1,47-0,723x1,139=0,646

Step 3:

As the reduction factor for buckling of the stiffener is y, < 1, iterate to refine the value
of the reduction factor for buckling of the stiffener.

The iterations are carried out based on modified values of p obtained using:

Gcom,Ed,i = ;(dfyb/yMO and ﬁ’p,red = lp Id

The iteration stops when the reduction factor y converges.

Initial values (iteration 1): Final values (iteration n):

1y =0,646 Xa = Xgn = 0,614
b, =17,57 mm b,, =b,,, =20,736 mm
Cr =12,77 mm Cor = Cotrp = 12,77 mm

Final values of effective properties for flange and lip in compression are:
1, =0,614 b, =20,736 mm Cor =12,77 mm

and b, =17,57 mm
t.. =tr, =0,96x0,614 = 0,589 mm

Effective section properties of the web

The position of the neutral axis with regard to the flange in compression:
S (hp - CP/Z) +b,h, +h? 2+ c” 74/2
c,+b,+h, +b, +(b,+Cp) s

h. =79,5mm

The stress ratio:

h.-h, 79,5-149
=< 1= =-0,874
Y=h 79,5

C
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The buckling factor:

The relative slenderness:

k =7,81-6,29 +9,78y> k, =20,76

149/0,96 _1 464

h, Jt
I, =—2 =
" 28,4¢ [k, 28,4x/235/350 x 420,76

The width reduction factor is:
A . —0,055(3 1,464 -0,055%x(3-0,874
p=fon20.055B+y) “ ) _o,629
A 1,464

p,h
The effective width of the zone in compression of the web is:

h.. =ph. =0,629x79,5 =50 mm

Near the flange in compression:
h, =0,4h, =0,4x50 =20 mm
Near the neutral axis:
h, =0,6h,, =0,6x50 =30 mm byt
The effective width of the web near the flange in compression belT*’bez

i
he1
JCcff L *

he

h, =h, =20 mm

Near the flange in tension:
h, =h, —(hc —hez) =149 —(79,5—30) =99,5mm

he2 ‘

n.a.

hp

Effective section properties
K ﬁ

Effective cross-section area:
Ay =tlc, +b, +h +h,+ b, +(b, +Cq)ry] -
p2

A =0,96x[15,5+40+20+99,5+17,57 + (20,736 +12,77) x 0,614 ]

A =204,62 mm?
Position of the neutral axis with regard to the flange in compression:

t[c,(h, —c,/2)+byh, +hy (h, —h,/2)+ h? |2+ .7 7,/2]
Aeff

Z, =

z. =85,75mm
Position of the neutral axis with regard to the flange in tension:

z.=h,-z =149-85,75=63,25mm

Second moment of area:

229



Cold-formed steel design essentials
D. Dubina

I, = hit + hr't + byat” + &t + b,t” + Bzt - Cor (Zat) +
Y12 12 12 12 12 12 12
+C, t(z, — ¢, /2)* + b,tz? + hit(z, — h, [2)* + hit(z, - h, [2)" +

+be1t Zcz + bez(ldt) Zcz + Ceﬁ(ldt)(zc — Cer /2)2

I. =668103mm*

eff,y

Effective section modulus:

- with regard to the flange in compression

I
Wy, =L = 068103 _ 7791 mm?
z 85,75

(o

- with regard to the flange in tension

I
w,, ,--err 0808103 44563
vz T 6325

4.4 Resistance of bar members

4.4.1 Introduction

In the previous chapter, the behaviour and resistance of cross-sections of thin-walled
cold-formed steel members under different stress states have been analysed. Therefore,
this chapter, the problems in which the length and end-supports or other structural links
and restraints of bar members become additional parameters to those characterising the
resistance of the cross-sections, particularly the design against instability as well as
serviceability conditions are addressed.

The instability behaviour of bar members is generally characterised by stable post-critical
modes. However the interaction of two stable symmetric post-critical modes may
generate an unstable coupled asymmetric mode, rendering the member highly sensitive
to imperfections. In such cases significant erosion of critical load occurs.

A characteristic of behaviour of thin walled slender members is the coupling or interaction
of instability modes, as presented in §§4.2.2.1.

Coupling due to design implies that the geometric dimensions of a structure are chosen
such that two or more buckling modes are simultaneously possible (see Dubina, 2001).
For this case, the optimisation based on the simultaneous mode design principle plays a
very important role and the attitude of the designer towards this principle is decisive.
This type of coupling is the most interesting in practice. However, since in such cases the
sensitivity to imperfections is maximum, and the erosion of theoretical ultimate load
corresponding to the coupling point is, as a consequence, maximum too. Really accurate
methods need to be used to predict that.
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4.4.2 Compression members

4.4.2.1 Interactive buckling of class 4 members

To take into account the interaction between local and global buckling of thin-walled
sections (class 4), the calculation of the load bearing capacity is based upon the effective
cross-section, calculated for uniform compression. For practical reasons, the same
approach is applied in EN1993-1-3 for thin-walled cold-formed sections. In fact, the same
buckling curves, based on hot-rolled section tests are used for cold-formed sections too,
even though the behaviour of cold-formed sections is different due to the different
fabrication process, which affects the nature and influence of imperfections.

A member is subjected to concentric compression if the line of action of the applied load
goes through the neutral axis of the effective cross-section. If this line does not coincide
with the centroid of the gross cross-section, bending moments corresponding to the shift
of the centroid axes (see Figure 4.32) should be taken into account.

To take the effect of local buckling into account, the strength of the cross-section is
expressed as:

N =A_,f (4.45)

eff'y

where A.r is the effective area of cross-section, calculated using the effective width
approach.

Non-effective
zones

Figure 4.32 Shift of neutral axis due to effective cross-section

Introducing A.+=Q A, where A is the area of the gross cross-section and Q is a reduction
factor calculated on the basis of the effective width principle, the strength of the effective
or reduced cross-section can be written as:

N=A,f,=QAT, (4.46)
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and, as a consequence, the Ayrton-Perry equation can be written as:

(Q-N)1-A"N)=a(l-0,2)N (4.47)

with N = N / QAf, and

. A (4.48)

efffy A \/6

Ne 4

Egn. (4.48) represents the Ayrton-Perry formula for Local-Overall Interactive Buckling.

There are also other approaches available to account for the interactive buckling of
thin-walled members which, in some way, are replicating better the nature of the
interactive phenomenon. Two of these approaches are summarised in the following.

4.4.2.2 Design according to EN1993-1-3

The provisions in EN1993-1-1 (§§6.3.1 of the code) for buckling resistance of uniform
members with cross-sections of Class 4 in compression have to be combined with the
relevant provisions of §§6.2.1 of EN1993-1-3.

A member in compression should be verified against buckling using the following
equation:

N, <1 (4.49)
Nb.Rd
where
Neg is the design value of the compression force;
Np.ra is the design buckling resistance of the compression member.

The design buckling resistance of a compression member with Class 4 cross-section
should be taken as:

N, = ZAurf, (4.50)

b.Rd
M1

where

y is the reduction factor for the relevant buckling mode.

For members with non-symmetric class 4 sections, the additional moment AMg, should be
taken into account due to the eccentricity of the centroid axis of the effective section,
(see §8§6.2.2.5(4) of EN1993-1-1 and the interaction should be carried out according to
§86.3.3 of EN1993-1-1).

For axial compression members, the value of y for the appropriate non-dimensional

slenderness 4 should be determined from the relevant buckling curve according to:
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1

where

¢:0,5[1+a(1—o,2)+ﬂ

and

Z: Aefffy
N, for class 4 cross-sections.

a is the imperfection factor;

N is the elastic critical force for the relevant buckling mode based on the
gross cross-sectional properties.
7°El (4.52)

o = 2

The imperfection factor « corresponding to the appropriate buckling curve should be
obtained from Table 4.7 and Table 4.8.

Table 4.7 Imperfection factors for buckling curves

Buckling curve ao a b C d
Imperfection factor 0,13 0,21 0,34 0,49 0,76

The design buckling resistance Nz, for flexural buckling should be obtained from
EN1993-1-1 using the appropriate buckling curve according to the type of cross-section,
axis of buckling and yield strength used.

For slenderness 1 < 0,2 or for Ngy / No <0,04, the buckling effects may be ignored and
only cross-sectional strength checks are required.
For flexural buckling, the appropriate buckling curve should be obtained from Table 4.8

The buckling curve for a cross-section not included in Table 4.8 may be obtained by
analogy.

The buckling resistance of a closed built-up cross-section should be determined using
either:

o buckling curve b in association with the basic yield strength f,, of the flat sheet
material out of which the member is made by cold-forming;

o buckling curve c in association with the average yield strength f,, of the member
after cold forming, provided that A. = A.

The appropriate non-dimensional slenderness 2 could be written as:
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A (4.53)
1= Acrf, :i A
N, 0 A
where
Lo is the buckling length in the buckling plane considered;
i is the radius of gyration about the relevant axis, determined using the

properties of the gross cross-section;

E
llzﬂ\/:
fy

The corresponding values of the imperfection factor « are shown in Table 4.7.

For members with mono-symmetric open cross-sections, as shown Figure 4.33, account
should be taken of the possibility that the resistance of the member to flexural-torsional
buckling might be less than its resistance to flexural buckling.

DA SN N [ e Y i
SN B S

.

=A==

Figure 4.33 Mono-symmetric cross-sections susceptible to torsional-flexural
buckling

For members with point-symmetric open cross-sections (e.g. cruciform section or
Z-purlin with equal flanges), account should be taken of the possibility that the
resistance of the member to torsional buckling might be less than its resistance to
flexural buckling.

For members with non-symmetric open cross-sections the problem, even more complex,
is quite similar.

The design buckling resistance N, gy for torsional or flexural-torsional buckling should be
obtained using Eqgn. (4.50) and the relevant buckling curve for buckling about the z-z
axis obtained from Table 4.8; however, the y-y axis is relevant for determining the
flexural buckling strength of plain and lipped angles.

The elastic critical force N r for torsional buckling and N, . for flexural-torsional buckling
of a simply supported column should be determined using Egqn. (4.54) and (4.55),
respectively.
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Table 4.8 Appropriate buckling curve for various types of cross-section

where,

or other
cross-section

Type of cross-section Buckling Buckling
about axis curve
)
¥ | . if £, is used any b
Zi
if f,5 is used *) any c
y Yy ¥ y y -y a
) | J]
zi VAl
zZ-2 b
any b
Y any c

N N
_ 1 cr, T \2 _ 4 cr,T
\/( s TEY 4B

cr,y cr,y
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G is the shear modulus;

It is the torsion constant of the gross cross-section;

I, is the warping constant of the gross cross-section;

iy is the radius of gyration of the gross cross-section about the y-y axis;

iz is the radius of gyration of the gross cross-section about the z-z axis;

Lo+ is the buckling length of the member for torsional buckling;

Yor Zo are the shear centre coordinates with respect to the centroid of the gross
cross-section (z, = 0 for a cross-section symmetric with respect to the y-y
axis);

io is the polar radius of gyration given by

;2 ;2 P2 2 2

o=+ +y, +2z, (4.56)

N, s the critical load for flexural buckling about the y-y axis;

Yij is a factor given by

B=1-(y,/i,) (4.57)

In case of doubly symmetric cross-sections (i.e. y, = z, = 0), there are no

flexural-torsional modes, so, all modes, i.e. N, , N, and N, r are uncoupled.

For cross-sections that are symmetrical about the y-y axis (e.g. z, = 0), the elastic
critical force N, gr for flexural- torsional buckling should be determined using Eqn. (4.55).

For practical connections at each end, the value of /7 / Ly may be taken as follows:

o 1,0 for connections that provide partial restraint against torsion and warping, see
Figure 4.34(a);

o 0,7 for connections that provide significant restraint against torsion and warping,
see Figure 4.34(b).

,‘\/Li

\/\ Web \/L w/l Web Hollow sections —\/L
or sections with
bolts passing
through two
webs per
member | —

Column to be considered Column to be considered

a) Connections capable of giving partial b) Connections capable of giving significant
torsional and warping restraint torsional and warping restraint

Figure 4.34 Torsional and warping restraint for practical connections
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The buckling length I+ for torsional or flexural-torsional buckling should be determined
taking into account the degree of torsional and warping restraint at each end of the
member length L.

4.4.2.3 Desigh example

The following example deals with the design of an internal wall stud in compression. The
stud has pinned end conditions and is composed of two thin-walled cold-formed
back-to-back lipped channel sections. The connection between the channels is assumed
to be rigid (a welded connection, for example). No restraints against buckling are applied
between the ends.

Figure 4.35 and Figure 4.36 present schematically the design of a cold-formed steel

member in compression.

Determine
non-dimensional =
slenderness for A A,
flexural buckling for
both axis

A
Determine non-
dimensional
slenderness for
torsional and flexural-
torsional buckling

0

<~ _Check if
/II,, (4,)>020r

N,
—H 5 0.04
N

This verification has to be ~
done for both flexural and | -~
torsional / flexural-
torsional buckling Yes

Determine reduction

factor z,, 7z, 1 A 2o 27

v

/ Jmin = MINCy, 2, 1) /

Determine the
design buckling Ny, ry
resistance = Ny gy

Figure 4.35 Calculate the design buckling resistance of a member in
compression — Ny rs (SFO39a-EN-EU, Access Steel 2006)
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( Start )

v
Overall dimensions
of the member Calculate the internal N
Load combination forces for ULS Ed
for ULS

Cross-section
Choose the cross-
. data
section of the member
Steel grade

Compute the
properties of effective
Aeff

cross-section in
compression for ULS

v

Calculate the design

resistance of the
. . chRd
cross-section in

compression — Ngrqg

I

Yes

\ 4

Calculate the design

buckling resistance of N
the member in b,Rd

compression — Nj rg

Ned /Np,ra=s 1 No—@

Yes

Figure 4.36 Design of a cold-formed steel member in compression
(SF039a-EN-EU, Access Steel 2006)
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Basic Data (see Figure 4.37)
Height of column H=3,0m
Span of floor L=6,00m
Spacing between floor joists S=0,6m
Distributed loads applied to the floor:
- dead load: 1,5 kN/m ge =1,5x0,6 = 0,9kN/m
- imposed load: 3,0 kN/m Go = 3,0x0,6 = 1,8kN/m
Ultimate Limit State concentrated load from upper level and roof: Q = 7,0 kN

The dimensions of a lipped channel section and the material properties are:

Total height h =150 mm

Total width of flange b =40 mm

Total width of edge fold c =15 mm

Internal radius r=3mm

Nominal thickness thom = 1,2 mm

Steel core thickness t=1,16 mm

Steel grade S350GD+Z

Basic yield strength f,p = 350 N/mm?

Modulus of elasticity E = 210000 N/mm?
Poisson’s ratio v=0,3

Shear modulus G:ﬁzsmoo N/mm?
Partial factors mo =1,0, m; =1,0, s = 1,35, o = 1,50

The applied concentrated load on the external column (compression) at the Ultimate
Limit State is

Neg = (7690 +7/QqQ)L/2+Q =(1,35%x0,9+1,50x1,80)x5/2 +7 =16,79%N
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\
b
T C
jun}
h
| K
AN b'

Figure 4.37 Overall dimensions of
internal wall stud and cross-section

Resistance check of the cross-section

The following criterion should be met:
h <1
c,Rd

where:

N gy = Aefffyb /7Mo

Properties of the gross cross-section

Area of gross cross-section:
A =592 mm’

Radii of gyration:
i, =57,2mm; i, =18 mm
Second moment of area about

y-y: I,=1,936x10° mm*

z-z:  1,=19,13x10* mm*
Warping constant:

I, =4,931x10° mm®
Torsion constant:

I, =266 mm*

Effective  section properties of
cross-section. Effective area of
cross-section when subjected
compression only:

A =322mm’

the
the
to

The cross-section is doubly symmetric and so the shift of the centroidal y-y axis is

€y =0
The resistance check is:

16,79x10°

2 l7X2Y  _0,149<1 - OK
322 x350/1,0

Buckling resistance check

Members which are subjected to axial compression should:

N

Ed < 1
Nb,Rd
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ZAefff . . .
Ny g = ~, where y is the reduction factor for the relevant buckling mode.
M1
y=— 2 but x<10,
p+P - A°
$= 0,5[1+a(1—0,2)+12]
a - imperfection factor
. . . - Aefffb
The non-dimensional slenderness is: 1 = N £

Determination of the reduction factors y,, 7, ir

Flexural buckling

Z :\/Aefffyb _i\/Aeff/A

F =

N, 4
N_ - the elastic critical force for the relevant buckling mode.

The buckling length:
L,,=L,,=H=3000mm

b= B =2k (220000 56 o5
Fo 350

Buckling about y-y axis:

T L,, NAx/A 3000 y J322/592 0503

S 2 57,2 76,95

Y
y

@, =0,21 - buckling curve a (§§4.2.1.2, Table 4.1)
4,=0,5[1+a,(% -0,2)+17]=

=0,5x[1+0,21x(0,503-0,2)+0,503” | = 0,658
1 1

2, = — -
"4, +J87 -7 0,658+0,658” - 0,503

=0,924

Buckling about z-z axis:

7 _ L JA/A 3000 y J322/592 1597
. /11 !

‘ i 18 76,95

z

a, =0,34 - buckling curve b (§84.2.1.2, Table 4.1)
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4, =0,5[1+aZ(ZZ _012)_,_/12]:
=0,5x[1+0,34%(1,597-0,2)+1,597° | = 2,013

Xz = ! = 1 =0,309
f g +p?-A7 2,013+2,013 -1,5972
Torsional buckling:
2

Ne r = %[GIL’ + @]

’ IO IT
where:
iy =i+ 4y, +2z,)}
Y, Z, - the shear centre coordinates with respect to the centroid of the gross

cross-section: y,=2,=0
i?=57,2>+18%+0+0 =3594 mm’

I; =H =3000 mm

The elastic critical force for torsional buckling is:

__1 x{81000><266 N

N 7% x210000x 4,931 x10°
T 3594

3000°

j =37,59 x10° N
The elastic critical force will be:
N, =N, =37,59kN
The non-dimensional slenderness is:
_ A_f
Z- erelyp 322 x 350 1,731
N, 37,59x10°
a; =0.34 - buckling curve b

g = 0,51+ (% -0,2)+ 17 | =
:0,5x[1+o,34x(1,731-0,2)+1,7312] =2,258

The reduction factor for torsional buckling is:
1 1

Z = — =
T g 42 -2? 2,258 +42,2587 —1,731
7 =min(x,; 7,; ;) = Min(0,924;0,309;0,270) = 0,270

=0,270

_ ZAxf, _0,270x322x350

N, po = =30429N =30,429 kN
: Vi 1,00

Neg = 16,79 =0,552<1 - 0K

N 30,429

b,Rd
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4.4.3 Buckling strength of bending members

4.4.3.1 General approach

In the case of unrestrained beams, out-of-plane lateral-torsional (LT) buckling may affect
the beam capacity. Since, particularly in the case of open-section thin-walled slender
beams, LT buckling can be very dangerous, a proper design — calculation and preventive
constructional measures - must be able to guard against this phenomenon.

In case of class 4 cross-sections, interaction between local or sectional buckling modes
with lateral-torsional buckling might occur. Figure 4.38 shows the theoretical uncoupled
buckling modes of a lipped channel section beam in bending obtained using CUFSM 3.12
(www.ce.jhu.edu/ bschafer/cufsm). To take local buckling into account, the effective
cross-section of the beam will be considered, and the lateral-torsional buckling curve
takes the shape shown in Figure 4.39.

— I (\—l
0 U\ I distortional
local

C—Jother

load factor

10
% halfwavelength 650 1300 1700

Figure 4.38 Lateral-torsional buckling curve for a class 4 cross-section beam
(interaction local = LT buckling) - CUFSM 3.12
(www.ce.jhu.edu/bschafer/cufsm)

elastic buckling curve
W 1
Mir=——

LT

Influence of local buckling

‘l .l'rL T:C_)LT: ”-l’ﬁ-t;'

perfect beam

Influence of plastic- ~

elastic interactio .
lasti interaction N

Influence of imperfections ~.

actual beam

0

0 04 1 1/J0,,

Figure 4.39 Buckling modes for a lipped channel beam
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4.4.3.2 Design according to EN1993-1-3

Lateral-torsional buckling of members subject to bending

The design buckling resistance moment of a member that is susceptible to
lateral-torsional buckling should be determined according to EN 1993-1-1, §§6.3.2.2
using the lateral buckling curve b.

This method should not be used for sections that have a significant angle between the
principal axes of the effective cross-section, compared to those of the gross
cross-section.

A laterally unrestrained member subject to major axis bending should be verified against
lateral-torsional buckling as follows:

Meg 4 (4.58)
Mb.Rd
where
Mgy is the design value of the moment;

Mp.ra is the design buckling resistance moment.

Beams with sufficient restraint to the compression flange are not susceptible to
lateral-torsional buckling. In addition, beams with certain types of cross-sections, such as
square or circular hollow sections, fabricated circular tubes or square box sections are
generally not susceptible to lateral-torsional buckling, because of their high torsion
rigidity GI+.

The design buckling resistance moment of a laterally unrestrained beam should be taken
as:

Mb,Rd = ZLTWyfy /7/\41 (4.59)
where:
w, is the appropriate section modulus as follows:
W, = We,, is for class 3 cross-section;
W, = Wes,, is for class 4 cross-section;

In determining W,, holes for fasteners at the beam ends need not to be taken into
account.

Xir is the reduction factor for lateral-torsional buckling,

1 4.60
Xir = ; but ;<1 ( )

5 \05
¢LT + (¢LT2 - ALT)

with:

b, = 0,5[1 +a, (A -0,2) Jfr]
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o, is the imperfection factor corresponding to buckling curve b, «,; = 0,34
— W f
At = Lt
cr
M, is the elastic critical moment for lateral-torsional buckling. M. is based on

gross cross-sectional properties and takes into account the loading
conditions, the real moment distribution and the lateral restraints. For
details see EN1993-1-1, §8§6.3.2.

For slenderness A.r <0,4 or for M., /M, <0,16, lateral-torsional buckling effects may

c =

be ignored and only cross-sectional checks are required.

Simplified assessment methods for beams with restraints in building

Members with discrete lateral restraint to the compression flange (see Figure 4.40) are
not susceptible to lateral-torsional buckling if the length L. between restraints or the
resulting slenderness Ar of the equivalent compression flange satisfies:

Zf — kch < ZCO MC,RC/ (461)

where
M, eqs is the maximum design value of the bending moment within the restraint

spacing;
f
Mc,Rd = Wy =
Vmo
w, is the appropriate section modulus corresponding to the compression
flange;
ke is a slenderness correction factor for moment distribution between
restraints, as shown in Table 4.9;
itz is the radius of gyration of the equivalent compression flange composed of

the compression flange plus 1/3 of the compressed part of the web area,
about the minor axis of the section;

Zc,o is a slenderness limit for the equivalent compression flange defined above.

A recommended value is Aco = Airo +0,1, where Airo =0,4;

2 E Z93,9¢, = 232 (£ in N/mm?)
F Fo Uy
y y

Also, purlins and side rails acting as secondary beams are often restrained by the
building envelope (e.g. trapezoidal sheeting, sandwich panels, OSB panels, etc.), and
may be considered as members with discrete lateral restraint to the compression flange.

For class 4 cross-sections i, may be taken as:
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] [ I (4.62)
i =

where

I#r is the effective second moment of area of the compression flange about
the minor axis of the section;

Aerre IS the effective area of the compression flange;
Aerew,c 1S the effective area of the compressed part of the web.

If the slenderness of the compression flange Ar exceeds the limit Jdeo = Auro +0,1, the
design buckling resistance moment may be taken as:

Mb,Rd = ﬂZMc,Rd but Mb,Rd < Mc,Rd (4.63)
where
V4 is the reduction factor of the equivalent compression flange determined
with Zf;
K is the modification factor accounting for the conservatism of the equivalent

compression flange method. The value ks = 1,10 is recommended.

(a) anti-sag bars for Z-purlins and Z-purlins (b) secondary beams
for roof beams

Figure 4.40 Members with discrete lateral restraint

The buckling curves to be used to calculate the design buckling resistance moment using
Eqgn. (4.63) should be taken as curve c.
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Table 4.9 Correction factor k.

Moment distribution ke Moment distribution k.
(T (s 1
1,0 1,33-0,33y
e Bl ol
0,94 = 0,86
0,90 0,77
0,91 0,82

4.4.3.3 Design example

The following example presents the design of an unrestrained cold-formed steel beam in
bending at the Ultimate Limit State. The beam to be designed, has pinned end conditions
and is composed of two thin-walled cold-formed steel back-to-back lipped channel
sections. The connection between the channels is assumed to be rigid.

Figure 4.42 and Figure 4.43 present schematically the design of a cold-formed steel
member in bending.
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Basic Data (see Figure 4.41)
Span of beam L=45m
Spacing between beams S=30m
Distributed loads applied to the joist:
self-weight of the beam Gc,peam = 0,14 kKN/m
weight of the floor and finishing 0,6 kN/m?

Gg,siab = 0,55 x 3,0 = 1,65 kN/m
total dead load Gc = qc,peam + Gg,siap =1,79 kKN/m
imposed load 1,50 kKN/m

go = 1,50 x 3,0 = 4,50 tE<N/m

I i
CIJJLLLPL L),
\ : I I
b !

Figure 4.41 Overall dimensions of beam and of the cross-section

The dimensions of the cross-section and the material properties are:

Total height h =250 mm

Total width of flanges b =70 mm

Total width of edge fold c =25 mm

Internal radius r=3mm

Nominal thickness thom = 3,0 mm

Steel core thickness t =2,96 mm

Steel grade S350GD + Z

Basic yield strength f,p = 350 N/mm?

Modulus of elasticity E = 210 000 N/mm?

Poisson’s ratio v=0,3

Shear modulus G-—Et _81000 N/mm?
2(1 + v)

Partial factors mo = 1,0, s = 1,0, s = 1,35, o = 1,50
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Determine non-dimensional
slenderness for lateral
torsional buckling

<l
~

Yes

4

Determine reduction
factor y. 1

v

Determine the
design buckling 7 Mp,Rra ;
resistance — My rg

Figure 4.42 Calculate the design buckling resistance of a
member in bending - My rq
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@
A
Overall dimensions Calculate the internal
of the member
. forces and moments
Load combination for ULS
for ULS
Choose the cross- Cross-section
. data
section of member
Steel grade
Compute the effective cross-
section properties for
bending for ULS
Calculate the design Design
resistance of the cross- resistance of
section in bending -M; gy cross-section
Check if
cross-sectional N
resistance is
adequate
Yes
\ 4
Calculate the design Design buckling
buckling resistance of the resistance of
member in bending — My gy member
Check if buckling
§§4.3.2 reS|stancde of mtember is No—@
eqn. (4.55) adequate
M -—"
£d_<1.0
b,Rd Yes

Figure 4.43 Design of a cold-formed steel member in bending
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Design of the beam for Ultimate Limit State

Properties of the gross cross-section

Second moment of area about strong axis y-y: I =2302,15x10* mm*

Second moment of area about weak axis z-z:
I, =244,24 x10* mm*

Radii of gyration: i, =953 mm; i,=31 mm
Warping constant: I, =17692,78 x10° mm®

Torsion constant: I, =7400 mm*

Effective section properties at the ultimate limit state

Second moment of area of cold-formed lipped channel section subjected to bending
about its major axis: I, =22688890 mm*

Position of the neutral axis:

- from the flange in compression: z_ =124,6 mm

- from the flange in tension: z, =122,4 mm

Effective section modulus:

- with respect to the flange in compression:

I
W, =% = 22688890 _ 182094 mm?
z, 124,6

- with respect to the flange in tension:

W _ lery _ 22688890

- = =185367 mm?
HEC 122,4

74

eff,y

= min(W

eff,y,cl

W,

eff,y,t

) =182094 mm?

Applied loading on the beam at ULS
Gy = 7696 + 7090 = 1,35x1,79+1,50x4,5=9,17kN/m
Maximum applied bending moment (at mid-span) about the major axis y-y:

M. =q,?/8=9,17x4,5/8 =23,21 kNm

Check of bending resistance at ULS

Design moment resistance of the cross-section for bending

Mg =W F, [ V1o = 182094 x10° x 350 x10°/1,0 = 63,73 kNm

251



Cold-formed steel design essentials
D. Dubina

Verification of bending resistance

M., 23,21
M, . 63,73

=0,364<1 - OK

Determination of the reduction factor y,r

Lateral-torsional buckling
B 1
¢LT + \/¢LT2 - ZLTZ

b7 = 015|:1+ a7 (/TLT _012)+ ’TLTZ]

Xir but xr 1,0

a,; = 0,34 - buckling curve b
The non-dimensional slenderness is:

T Weff,y,minfyb
(A M

cr

Y

M_ - the elastic critical moment for lateral-torsional buckling

22EL I,
Mcr = Cl L—z I_+

z

LZGIt
7Z'2EIZ

where C, =1,127 for a simply supported beam under uniform loading

72 x 210000 x 244,24 x 10* 5
4500°
y \/17692, 78 x10° . 45007 x 81000 x 7400
244,24 x10* 7% x210000x 244,24 x10*

M, =1,127

M., =27,66 kNm

7 _ [Werymnfy _ [182094x350 | o g
o M, 27,66 x10° '

by =0,5[1+ar (By - 0,2)+ 4,” ] =
:0,5x[1+0,34x(1,437—0,2)+1,4372] =1,743

1 _ 1 ~ 0,369

Xir = = =
T e+ Jh - A 1,743+41,734 —1,437°

Check of buckling resistance at ULS

Design moment resistance of the cross-section for bending:

My o = ZWor, Fr /71 = 0,369 x 182091 x 10°° x 350 x 10°/1,0 = 23,52 kNm

eff,y
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Verification of buckling resistance:

M. 23,21
Myps 23,52

=0,987<1 - 0K

4.4.4 Buckling of members in bending and axial compression

4.4.4.1 General approach

In practical situations axial compression forces in columns are accompanied by bending
moments acting about the major and minor axes of the cross-section. Usually, members
in such loading conditions are called beam-columns. The design for axial compression
force and bending moment varying along the length of the member through an exact
analysis is complicated. For class 1 to 3 sections the overall buckling modes, e.g. flexural
(F) and lateral - torsional (LT) buckling, can interact. In case of members in compression
it is more likely that the interaction F + FT to be a problem of unsymmetrical and
mono-symmetric cross-sections. In case of eccentric compression or members in bending
and compression, when no lateral restrains are provided, such a coupled buckling mode
can often occur due to inherent imperfections, even for symmetrical sections.
Additionally, for the case of class 4 cross-sections, where wall/thickness ratios are large,
prone to local (L) buckling (e.g. local and/or distortional), the interaction could be even
more complex (e.g. L+F+LT or D+F+LT).

4.4.4.2 Design according to EN1993-1-1 and EN1993-1-3

Two different formats of the interaction formulae are provided in EN 1993-1-1, called
Method 1 and Method 2. The main difference between them is the presentation of the
different structural effects, either by specific coefficients in Method 1 or by one compact
interaction factor in Method 2. This makes Method 1 more adaptable to identifying and
accounting for the structural effects, while Method 2 is mainly focussed on the direct
design of standard cases.

Method 1 (Annex A of EN 1993-1-1) contains a set of formulae that favours
transparency and provides a wide range of applicability together with a high level of
accuracy and consistency.

Method 2 (Annex B of EN 1993-1-1) is based on the concept of global factors, in which
simplicity prevails against transparency. This approach appears to be the more
straightforward in terms of a general format.

Both methods use the same basis of numerically calculated limit load results and test
data for calibration and validation of the different coefficients. In this respect, the new
interaction equations follow the format of those in the previous Eurocode 3 in principle.
Both methods follow similar paths, namely the adaptation of the flexural-buckling
formulae to lateral-torsional buckling by modified interaction factors calibrated using the
limit-load results.

This leads to a design concept which differentiates between the two cases of buckling
behaviour of members, firstly those which are susceptible to torsional deformations, and
secondly those which are not. Members not susceptible to torsional deformations fail in
flexural buckling, by in-plane or spatial deflection. These are closed sections, e.g. RHS, or
open sections appropriately restrained against torsional deformations, as frequently
found in building structures. Members susceptible to torsional deformations fail by
lateral-torsional buckling, such as slender open sections. Accordingly, two sets of design
formulae are provided, each covering a specified field of practical design situations.
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As explained before, both sets of formulae are based on a second-order in-plane theory.
Therefore, they rely on several common concepts, such as the equivalent moment
concept, the definition of buckling length and the amplification concept.

Members which are subjected to combined bending and axial compression should satisfy:

NEd k My,Ed + AMy,Ed k Mz,Ed + AMz,Ed <10 (4-64)
N + Yy M + yz M = =7
Xy WV ri ! Vs Xty r ! Vs 2,Rk ! Yus
NEd + k My,Ed + A/V,y,Ed + k Mz,Ed + AlVIz,Ed <1 0 (465)

zz

XN /7M1 7 ZLTMy,Rk /7/\41 Mz,Rk /?/Ml

where

Neq, My eqg and M, g are the first order design values of the compression force
and the maximum moments about the y-y and z-z axis

along the member,
respectively.

MM, eq, AM, g4 are the moments due to the shift of the centroid axis for
class 4 sections (see Table 4.10)

x, and z, are the reduction factors due to flexural buckling;

T is the reduction factor due to lateral torsional buckling. For

members not susceptible to torsional deformation y,; = 1,0;
kyy, Kyz Kzyy Kz, are interaction factors.

The interaction factors k,,, k,,, k., k., depend on the method which is chosen, being
derived from two alternative approaches: (1) Alternative method 1 - see Tables 4.7 and

4.8 (Annex A of EN1993-1-1) and (2) Alternative method 2 - see Tables 4.9, 4.10 and
4.11 (Annex B of EN1993-1-1).

Table 4.10 Values for Nz, = f,A;,;Mirc = f,W; and AM, g4

Class 1 2 3 4
A A A A Aet
Wy Wo,y Wopi,y Wey,y Wefry
w, W, Wi, - Wey, . Werr -
MMy, ey 0 0 0 en,yNeq
AM; g4 0 0 0 en,zNeq

4.4.4.3 Design example

The following example presents the design of a cold-formed steel built-up column in
compression and bending, as component of a pitched roof cold-formed steel portal frame
consisting of back-to-back lipped channel sections and bolted joints. Pinned supports are
considered at the column bases. The ridge and eave connections are assumed to be rigid.

Figure 4.44 and Figure 4.45 present schematically the design of a cold-formed steel
member in combined compression and uniaxial bending.
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Overall dimensions .
Calculate the internal
of the member
S forces and moments
Load combination for ULS
for ULS

Cross-section
Choose the cross-
. data
section of member
Steel grade

v

Compute the properties of

effective cross-section for

compression and uniaxia
bending for ULS

v

Calculate the design
resistance of the cross-section
in compression and uniaxial
bending

I

Design
resistance of
cross-section

.

Check if
cross-sectional
resistance is

¢

Calculate the design
buckling resistance of the
member in compression
and uniaxial bending

Design buckling
resistance of
member

Check if buckling
resistance of member
is adequate

No—>®

Yes

Figure 4.44 Design of a cold-formed steel member in combined compression and
uniaxial bending (SF042a-EN-EU, Access Steel 2006)
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Determine non-dimensional
slenderness for flexural m
buckling for both axes

v

Determine non-dimensional
slenderness for torsional /
flexural-torsional buckling

Check if

A>0.2 or

h>0.O4
N,

Determine reduction
factor zy, 2 i A do 2T

v

/ JXmin = min(;(y, Xz /‘KT) /

Determine non-dimensional
slenderness for lateral
torsional buckling

ar=1,0

Determine reduction
factor yir

v .

Determine interaction Determine
factor kyy, kzy interaction criteria

Figure 4.45 Calculate the design buckling resistance of the member in
compression and UNIAXIAL bending (SFO42a-EN-EU, Access Steel 2006)
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Basic Data
Height of column: H =4,00 m
Span: L=12,00m
Bay: T=4,00m
Roof angle: 10°

The dimensions of one lipped channel section and the material properties are:

Total height h = 350 mm

Total width of flange b =96 mm

Total width of edge fold c =32 mm

Internal radius r=3mm

Nominal thickness thom = 3,0 mm

Steel core thickness t =2,96 mm

Steel grade S350GD + Z

Basic yield strength fp = 350 N/mm?

Modulus of elasticity E = 210 000 N/mm?
Poisson’s ratio v=0,3

Shear modulus G:Z(%rv):Sl 000 N/mm?
Partial factors mo = 1,0, ws = 1,0, s = 1,35, o = 1,50

Distributed loads applied to the frame:
- self-weight of the structure (applied by the static computer program)
- dead load - the roof structure: 0,20 kN/m?
gs =0,2x4,0=0,8kN/m
- snow load: 1,00 kN/m?
gs = 1,00 x 4,00 kN/m

Only one load combination at the Ultimate Limit State was considered in the analysis.
The uniform distributed load on the frame, according to §§2.3.1 (see Flowchart 2.1) is:

(7696 + 7q9) T = (1,35%0,2+1,50x 1,00 x c0s10") x 4 = 7,00 kN/m
Properties of the gross cross-section

Area of gross cross-section: A =3502 mm?
Radii of gyration: i, =133,5mm; i, =459 mm
Second moment of area about strong axis y-y: I =6240,4 x 10* mm?*

Second moment of area about weak axis z-z: I, =737,24x10* mm*
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Warping constant: I, =179274 x10° mm®

Torsion constant: I, =10254,8 mm*

Effective section properties of the cross-section

Effective area of the cross-section when subjected to compression only:

Ay, =1982,26 mm?

Second moment of area of effective cross-section about strong axis y-y:

I, =5850,85x10* mm*

Effective section modulus in bending:

e with respect to the flange in compression: W, . =319968 mm’®
e with respect to the flange in tension: W, ,. = 356448 mm’
Wee ) min =Min (W, Wep ) = 319968 mm?’

The built-up column has to be designed for the relevant values in Ng; and Mgy diagrams
displayed in Figure 4.46, respectively i.e.:

- the axial force (compression): N, =-44,82 kN;
MV

- the maximum bending moment: ra = —68,95 kNm

Figure 4.46 Ngy and M, , diagrams

Resistance check of the cross-section

The following criterion should be met:

NEd My,Ed + AMy,Ed
Nc,Rd M

<1

cy,Rd,com
where:

N Af

c,Rd = Flerr yb/7mo

M

cz,Rd,com = Weff,comfyb / yMO

AM =N_e

y,Ed Ed™~Ny
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ey, — is the shift of the centroidal y-y axis; but as the cross-section is doubly symmetric:
ey, =0 (883.8.9)
The resistance check is:

3 6
44,82 x10 . 68,95x10° +0 0,680 <1 _ OK
1982 x350/1,0 319968 x350/1,0

Buckling resistance check

Members which are subjected to combined axial compression and uniaxial bending should
satisfy:
N M, oy + AM,

84k, vEd <o
NRk y.Rk
y AT
Vm1 Y
NEd +k My,Ed + AMy,Ed <1
zy M -
h y.Rk
Xz Xir =
Vm1 V1
where:

N = f, Ay =350 x1982 = 693,7 x10° N = 693,7 kN

M o =f W =350x319968 =112 x10° Nmm =112 kNm

y,Rk yb" “eff ,y,min

AM, ., — additional moment due to the shift of the centroidal axes;

AM, ., =0
1

elr-n

¢=o,5[1+a(2—0,2)+12}

but <10

a - imperfection factor

The non-dimensional slenderness is:

Z _ Aeff fyb

N

cr

N_ - the elastic critical force for the relevant buckling mode
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Determination of the reduction factors y,, 1, ir

Flexural buckling

Z :\/ efffyb :L_i;r\/Aeff/A

: NCF I ﬂl

The buckling length:
L,,=L,,=H=4000mm

E 210000
e | il gy 7-3T-
A= E =TT 350

yb

Buckling about y-y axis

T L,, JAw/A 4000 5 1982,26/3502

o 4, 133,5 76,95

y

=0,293

a,=0,21 - buckling curve a
4,=0,5[1+a,(2,-0,2)+1°]=
:0,5><[1+O,21><(0,293—0,2)+0,2932]=0,553

_ 1 - 1
4+~ 27 0,553+40,553% - 0,293

=0,978

Xy

Buckling about z-z axis

_ L JA_/A N
7 = Loz ot/ _ 4000 1982,26/3502=0’852

i A 45,9 76,95

z

a, =0.34 - buckling curve b
4,=0,5[1+a,(2,-0,2)+1"|=
=0,5x[1+0,34x(0,852-0,2)+0,852* | = 0,974

X = L = L - 0,692
* g +s?-22 0,974+.0,974* -0,852%

Torsional buckling

2
N_ . = %[G]’t +ﬂj
)

cr,T / 2

o T

where:
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2 2 :2 2 2
Io —Iy +Iz +yo +ZO

Y,r Z, —the shear centre coordinates with respect to the centroid of the gross

cross-section: y,=2,=0
i,? =133,5* +45,9° + 0+ 0 =19929,1 mm?

I, = H = 4000 mm

The elastic critical force for torsional buckling is:

N - 1 7% x210000x 179274 x10° |
T 19929,1

-1206,96x10° N

x| 81000x10254, 8 +
4000°

The non-dimensional slenderness is:

_ A_f

- erelyp 1982,26 x 350 _ 0,758
N, 1206,96 x10°

a; = 0,34 - buckling curve b

g = 0,51+ (4 -0,2)+ 1” | =
=0,5x[1+0,34x(0,758-0,2)+0,758” | = 0,882

The reduction factor for torsional and flexural-torsional buckling is:

=0,750

1 1
P __
"4 +\$7-%> 0,882+40,8827 - 0,758

Determination of the reduction factor z,r

Lateral-torsional buckling
3 1
¢LT + \/¢LT2 - ZLTZ

b7 = 015[1 o (/TLT - 012)+ ZLT2:|

but ;<10

At

a,; = 0,34 - buckling curve b
The non-dimensional slenderness is:

f

Z _ Weff,y,min yb
LT
M

cr

M_ - the elastic critical moment for lateral-torsional buckling

22EI, [1, 12GI
Mcr = C‘1 L2 I_+ ﬂ_ZEIt
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where C, =1,77 for a simply supported beam under uniform loading

72 x210000x 737,24 x 10* y
40002

M, =1,77

. [179274x10°  4000” x81000 x 10254,8
737,24x10° 2% x 210000 x 737,24 x 10
M, =282,27 kNm

T Werrymnfyo _ [319968 x 350 _0.646
o M, 268,27 x10°

bir =0,5[1+ (4, -0,2)+ 4,” | =
=0,5x[1+0,34x(0,646 -0,2)+0,646° | = 0,784
~ 1 ~ 1

by A - A 0,784 40,7847 —0,6467

YT =0,814

Determination of interaction factors k,, and k;, - Method 1

_ ’uy luz
kyy - CmyCmLT 1 NEd ! kzy = CmyCmLT 1 NEd
- Ncr,y cry
where:
1-— h 1-— NEd
Ncry NCI’Z
,uy = N 7 H, = N
1_ZyNEd 1_IZNEd
cr,y cr,z
N - ZEL _ 2 x210000x6240,4x10° _gi03 25 105 808372 kN
cr,y Lirly 40002 I I
2 2 4
N, ,=ZFl 77 x210000x737.24x10° _ 455, 107 N - 955 kN
L 4000
1 - Neg | 44,82
N © 8083,72
— cry — I —
Hy = N,, - 44,82 1,00
1-y, - 1-0,978x 1>
N, , 8083,72
1~ Nea | 44,82
N, . 955
1, = oz _ =0,985
1-, Nea 10,692 4482
‘ Ncr,z 955
g, a
Cpy =Cryo + (1 - Cmy,O)L ;1 C . =C? ar
1+ \/gan

my
1-— NEd 1-— NEd
Ncr,z Ncr,T
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C . -1+0,03e _1,0,03x-2%82__1 0002
2 N 8083, 72

cr,y

Myes Ay  68,95x10° 1982,26

g, = = _ - 9,53
" Ny W, 44,82x10° 319968
, ,4x10
C,, =1,0002 + (1-1,0002)x Y223 x1 _
1+49,53x1
2 1
C,,., =1 x =1,090
,_44,82) (/44,82
955 1206, 96
The interaction factors are:
k =C C —*  141000x— L _ _1096
T Ny ~ 44,82
N, 8083,72
- uo 0,985
K, =Cp Coir W 1x1,090 x —aasr 1,080
N, 8083,72
Buckling resistance check
NEd +k My,Ed + AMy,Ed _
NRk i My Rk
Xy Xir
Vm1 Vm1 - OK
:%+1,096XL5;§)2:O,895 <1
0,978 x ! 0,814 x 1
NEd + k My,Ed + AMy,Ed —
Vs h 7 7 My,Rk
VM1 ol Vm1 - OK
_ 44,52%37+1,080XL5;(1)2=0,910<1
0,692 x ! 0,814 x
1,0 1,0

As an alternative, the interaction formula may be used:

0.8 0.8
[:Nm ] _+[ﬂ&dJ ‘10
Nb,Rd Mb,Rd

x =min(z,, z,, z) = Min(0,978;0,692;0,750) = 0,692

XAyf, 0,692x1982,26 x 350
V1 1,00

=480,10x10°N = 480,10 kN

b.Rd
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My g = ZWes Frp /7 = 0,814 x 319968 x 10°° x 350 x 10°/1,0 = 91,16 kNm

N 0,8 M 0,8 ) 0,8 0,8
Neg | ([ Meg | _(44,82)7 (68,95)" 4 95010
Ny o M 480, 1 91,16

b,Rd

4.4.5 Beams restrained by sheeting

4.4.5.1 General approach

Purlins and side rails acting as secondary beams supported by primary beams (e.g.
rafters) or columns are often restrained by the building envelope (e.g. trapezoidal
sheeting, cassettes, sandwich panels, OSB panels, etc.). Similarly, floor joists are
restrained by the dry floor deck or the reinforced concrete slab.

Currently, Z- and C-sections are used as purlins or rails which, due to their shapes can
be sensitive to lateral-torsional buckling, so it is important to take advantage of sheeting,
if effective. Figure 4.47 shows, schematically, the position of a Z-section purlin on a
sloped roof, while Figure 4.48 presents the composition of a roof panel.

Va (1) individual lengths of

b profiled sheet
b
o[ @)parallel
" member (rafter
B <‘ g %
A > 7

(6)shear connector
(7) sheet/parallel
member fasteners

9| sheeting

Z purlin

Figure 4.47 Sloped Figure 4.48 Arrangement of an individual shear panel
Z-section roof system (ECCs_88, 1995)

The restraining effect of sheeting has to be considered for an effective design of
purlin-sheeting systems. It is generally assumed that the sheeting can provide the
necessary in-plane stiffness and capacity to carry the component of the load in the plane
of the sheeting (see Figure 4.49), while the purlin resists to normal component. In fact,
the sheeting may provide not only lateral restraint but can also partially restrain the
twisting of purlins, taking account of the flexural stiffness of the sheeting if substantial
(e.g. as for trapezoidal sheeting) and properly connected to the purlin.

According to EN1993-1-3, if trapezoidal sheeting is connected to a purlin and the
condition expressed by the Eqn. (4.66) is met, the purlin at the connection may be
regarded as being laterally restrained in the plane of the sheeting:

2

2 4.66
SZ{EIWZ—Z+GL+EIZ” 0,25hz]70 (4.66)

2 h*
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where

S is the portion of the shear stiffness provided by the sheeting for the examined
member connected to the sheeting at each rib. If the sheeting is connected to a
purlin every second rib only, then S should be replaced by 0,20 S;

I, is the warping constant of the purlin;

I, is the torsion constant of the purlin;

I, is the second moment of area of the cross-section about the minor axis of the
cross-section of the purlin;

L is the span of the purlin;
h is the height of the purlin.

To evaluate the restraining effect of sheeting, in EN1993-1-3 the free flange is
considered as a beam on an elastic foundation, as shown in Figure 4.49, where gg; is the
vertical load, K is the stiffness of an equivalent lateral linear spring and kj is the
equivalent lateral load factor.

q
,E.d.t-, .......... Y Ky Geq

Vool by b bbby

—— —> —> ]

V4
khqu!K[

As a simplification Free flange of purlin modelled as a beam on an
replace the rotational elastic foundation. Model representing effect of
spring Cp by a lateral torsion and lateral bending (including cross-section
spring of stiffness K distortion) on single span under with uplift loading

Figure 4.49 Modelling laterally braced purlins rotationally restrained by
sheeting

The equivalent lateral spring stiffness for the strength and stability check is obtained by a
combination of:

1. rotational stiffness of the connection between the sheeting and the purlin Cp, (see
Figure 4.50);
2. distortion of the cross-section of the purlin, K, as shown in Figure 4.51;

3. bending stiffness of the sheeting, Cp ¢, perpendicular to the span of the purlin (see
Figure 4.52).

Q‘CD 111141
— T a

] —
Figure 4.50 Torsional and Figure 4.51 Distortion Figure 4.52 Bending of

lateral restraining of of purlin the purlin
purlin by sheeting
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The composed distortion-torsion-bending effect is shown in Figure 4.53:

%ﬁ :>£# T

:/
In-plane bending Torsion and lateral
bending

Figure 4.53 Deformation of purlin restrained by sheeting

According to EN1993-1-3, the partial torsional restraint may be represented by a
rotational spring with a spring stiffness Cp, which can be calculated based on the stiffness
of the sheeting and the connection between the sheeting and the purlin, as follows,

1 1 (4.67)

Cb,a is the rotational stiffness of the connection between the sheeting and the
purlin;

Cpc is the rotational stiffness corresponding to the flexural stiffness of the
sheeting.

Both Cpa and Cp,c are specified in Section 10.1.5 of EN1993-1-3. Alternatively, the Cp
stiffness and Cpc stiffness values can be obtained experimentally applying the
recommendation in Annex A5 of EN1993-1-3.

The model presented above can be also used for other types of claddings. For instance,
Figure 4.54 shows the model adopted to represent the sandwich panel-purlin interaction.

Cpo

Ks

L___7 L7

Figure 4.54 Model adopted for sandwich panel - purlin interaction
(Davies, 2001)

The restraints of the sheeting to the purlin have important influence on the buckling
behaviour of the purlin. Figure 4.55 shows the buckling curves of a simply supported
Z-purlin beam (h=202 mm, b=75 mm, ¢=20 mm and t=2,3 mm) with various different
lateral restraints applied at the junction between the web and the compression flange
when subjected to pure bending (Martin and Purkiss, 2008). One observes that, when the
translational displacement of the compression flange is restrained, the purlin does not
buckle lateral-torsionally, while when the rotation of the compression flange is restrained,
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the critical stresses of the local buckling and distortional buckling modes are increased
significantly.

However, when the restraints are applied at the junction between the web and the
tension flange, it is only the rotational restraint that influences the lateral-torsional
buckling of the purlin (see Figure 4.56).
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Figure 4.55 Buckling curves of a simply
supported zed section beam with
different restraint applied at the

Jjunction between web and
compression flange subjected to pure
bending (h=202 mm, b=75 mm,
c=20 mm, t =2,3mm)

(Martin and Purkiss, 2008)

Figure 4.56 Buckling curves of a simply
supported zed section beam with
different restraint applied at the

Jjunction between web and tension
flange subjected to pure bending
(h=202 mm, b=75 mm, c=20 mm,

t =2,3mm) (Martin and Purkiss, 2008)

4.5 Connections

4.5.1 Introduction

Connections are an important part of every structure, not only from the point of view of
structural behaviour, but also in relation to the method of production. It has been shown
that, for a structure made of hot-rolled sections, the connections account for a minimum
of 50% of the total value of constructional steelwork (Fenster et al., 1992). There is no
reason to believe that the percentage will be much lower for cold-formed steel structures
(Yu et al., 1993). Connections in cold-formed steel structures are used for:

1. connecting steel sheets to supporting structure (thin-to-thick), e.g. roof sheeting
to purlins, cladding sheeting to side-rails etc.;

2. interconnecting two or more sheets (thin-to-thin), e.q.
sheeting;

3. assembling bar members (thin-to-thin or
structures, trusses etc.

seam fastening of

thick-to-thick), e.g. for framed
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In comparison with hot-rolled sections, the behaviour of connections in cold-formed steel
elements is influenced by the reduced stiffness of thin walls. Therefore, additional effects
are, for example, the tilting of the fastener in hole bearing failure under the shear
distortion of the sheet when the fastener is loaded in tension and the sheet is pulled over
the head of the fastener. This is the reason why specific technologies and related design
procedures, either by calculation or calculation assisted by testing, have been developed
for cold-formed steel structures.

A variety of joining methods is available for these structures. They can be classified as
follows (Toma et al., 1993; Yu, 2000):

o fastenings with mechanical fasteners;

o fastenings based on welding;

o fastenings based on adhesive bonding.
Fasteners for light gauge steelwork can be also classified into three main groups

depending on the thickness of the parts being connected. These groupings and some
typical types of fasteners within each group are shown in Table 4.11.

Table 4.11 Some typical application of different type of fasteners

Thin-to-thin Thin-to-thick or Thick-to-thick or
thin-to-hot rolled thick-to-hot rolled

o self-drilling, o self-drilling, o bolts;
self-tapping screws; self-tapping o arc welds.

o blind rivets; SCrews;

o press-joints; o fired pins;

o single-flare V welds; o bolts;

o spot welds; o arc spot puddle

o seam welding; welds;. _

o adhesive bonding. o adhesive bonding.

The selection of the most suitable types of fastener for a given application is governed by
several factors (Davies, 1991):
a) load-bearing requirements: strength; stiffness; ductility (deformation capacity);

b) economic requirements: number of fasteners required; cost of labour and
materials; skill required in fabrication; design life; maintenance; ability to be
dismantled; durability; resistance to aggressive environments;

c) water tightness;
d) appearance (architectural aspect).

Although the structural engineers tend to be primarily concerned with the most
economical way of meeting the load-bearing requirements, in many applications other
factors may be equally important.

4.5.2 Fastening techniques of cold-formed steel constructions
4.5.2.1 Mechanical fasteners

Fasteners for sheets of sections and sandwich panels are discussed separately. Most
fasteners can be used in almost all kinds of cold-formed steel applications (like screws),
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others are appropriate for specific applications, only. Table 4.12 gives a general overview
of the application of different mechanical fasteners in cold-formed steel sections.

In recent years, the press-joining technology (Predeschi et al., 1997), originating from
the automotive industry, and the “Rosette” system (Makelainen and Kesti, 1999) have
augmented the family of mechanical fasteners for thin-walled steel constructions.

Bolts with nuts are threaded fasteners which are assembled in drilled holes through the
material elements to be joined. Thin members will necessitate the use of bolts threaded
close to the head. Head shapes may be hexagonal, cup, countersunk, or hexagonal
flanged. The nuts should normally be hexagonal. For thin-walled sections bolt diameters
are usually M5 to M16. The preferred property classes are 8.8 or 10.9.

Bolts with nuts are used for connections in cold-formed steel framed and truss
structures, and for purlin-to-rafter or purlin-to-purlin attachment by sleeved or
overlapping purlin (see Figure 4.57).

Table 4.12 Usual mechanical fasteners for common applications (Yu et al.,

1993)
Thin Steel Thin
_to-thick -to-wood -to-thin ' oSteners Remark
X X | Bolts M5-M16
I Self-tapping screw ¢6,3 with
X E AN washer > 16 mm, 1 mm thick
with elastomer
] Hexagon head screw ¢6,3 or
i ’
X X g&\\‘\\\\\\\\\\\\' 96,5 with washer > 16 mm,

1 mm thick with elastomer

Self-drilling screws with
diameters:
X X 04,22 or ¢4,8 mm

$5,5 mm
06,3 mm
Blind rivets with diameters:
X 04,0 mm
04,8 mm
06,4 mm
X ([Z@@>  Shot (fired) pins
X Nuts

Tests have revealed the following basic types of failure for thin steel bolted connections
working in shear and tension:

a) failure modes in shear:
o shearing of the bolt: rupture (Figure 4.57a) or crushing (Figure 4.57b);
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o bearing (yield) and/or piling of thinner material (Figure 4.57c). When both
materials are thin, yielding of both sheets may occur together with bolt tilting
(Figure 4.57d);

tearing of the sheet in the net sections (Figure 4.57¢);
end failure by shearing of thin material (Figure 4.57f);

b) failure modes in tension:
o tension failure or rupture of bolt (Figure 4.58a);
o pull-through failure (Figure 4.58b).
The two main types of screws are self-tapping and self-drilling screws. Most screws will
be combined with washers to improve the load-bearing capacity of the fastening or to

make the fastening self-sealing. Some types have plastic heads or plastic caps, which are
available for additional corrosion resistance and/or colour matching.

5
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Figure 4.57 Failure modes of bolted connections in shear
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Figure 4.58 Failure modes for bolted connections in tension

Self-tapping screws. Self-tapping screws tap their counterthread in a prepared hole. They
can be classified as thread-forming and thread-cutting.

Self-drilling screws. Self-drilling screws drill their own holes and form their mating
threads in one operation. This type of screw serves to fasten thin sheets to thin sheets.

Self-drilling screws are normally fabricated from heat-treated carbon steel (plated with
zinc for corrosion protection and lubrication) or from stainless steel (with carbon-steel
drill point and plated with zinc for lubrication).
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Self-tapping and self-drilling screws are usually combined with washers. The washers
increase the load-bearing capacity and/or the sealing ability. Elastomeric or combined
metal-elastomeric washers cause a marked reduction in the strength and stiffness of the
connections.

The failure modes of screwed connections in shear are generally similar to those of bolted
connections. However, due to the fact that the connected materials are usually thin (or at
least one of the connected parts is thin), usually does not fail in shear. Bearing, pulling,
tearing and/or shearing of the material connected by screws and working in shear are
possible failure modes. Also, the tilting and pulling out of the fastener may occur (see
Figure 4.59).

, ——P

; R
*+—— 7/’ Z)

Figure 4.59 Tilting and pull-out of fastener (inclination failure)

In what concerns the behaviour in tension, compared with bolted connections, there are
three supplementary failure modes characteristic for screwed connections, i.e. (1)
pull-out (see Figure 4.60a); (2) pull-over (see Figure 4.60b) and distortion of thinner
material (see Figure 4.60c).

A N J

Figure 4.60 Supplementary failure modes for screwed fastening in tension:
a) pull-out; b) pull-over; c) gross distortion of sheeting

Failure modes of mechanical fastener in tension are not easy to understand. Usually,
failure occurs in combinations of two or even three modes. The following supplementary
comments may be helpful to the reader:

a) tensile failure of the fastener itself. This failure mode is only likely to occur when
the sheeting is excessively thick or when an unsuitable or faulty fastener is used;

b) pull-out of the fastener. This failure mode may occur when the support member is
insufficiently thick or when there is insufficient thread engagement;

c) pull-over of the sheeting. In this mode, the sheeting tears around the fastener
head of the washer;

d) pull-through of the sheeting. Here, the sheeting distorts sufficiently to pull through
from under the head of the fastener and its washer. This is the most frequent
mode of failure and is always accompanied by a significant amount of sheet
distortion and possibly also distortion of the washer. It is with this and the next
mode of failure that the profile geometry starts to become important;

e) gross distortion of the sheeting. This mode of failure is almost entirely a function
of the profile geometry rather than the fastener and to some extent, this mode is
present in almost all tests of fasteners in tension. It is not at all clear how to
define a serviceability or failure limit for this case. This assessment is largely the
discretion of the person carrying out the tests.
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Rivets

Blind rivets and tubular rivets are often used in cold-formed steel constructions by
extension of their applications in automotive and aircraft industries. A blind rivet is a
mechanical fastener capable of joining work pieces together where access is limited to
one side only. Typically, blind rivets are installed using a locking mechanism which
expands the rivet shank. The rivets are installed in predrilled holes. They are used for
thin-to-thin fastenings.

Based on the locking method, blind rivets can be classified into pull-stem rivets,
explosive rivets and drive-pin rivets (Yu, 2000):

1. pull-stem rivets. As shown in Figure 4.61(a), pull-stem rivets can be classified into
three types:

o self-plugging rivets. The stem is pulled into but not through the rivet body
and the projecting end is removed in a separate operation;

o pull-through rivets. A mandrel or stem is pulled completely out, leaving a
hollow rivet;

o crimped-mandrel rivets. A part of the mandrel remains as a plug in the rivet
body. There are two alternatives: open end (Pull through) and closed end
(Pull break);

2. explosive rivets. (Figure 4.61b) Explosive rivets have a chemical charge in the
body. The blind end is expanded by applying heat to the river head;

3. drive-pin rivets. (Figure 4.61c) Drive-pin rivets are two piece rivets consisting of a
rivet body and a separate pin installed from the head side of the rivet. The pin,
which can be driven into the rivet body by a hammer, flares out of the slotted
ends on the blind side.

Cut at rivet head and grind

Figure 4.61 Different types of blind rivets (Yu, 2000)
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Tubular rivets are also often used to fasten sheet metal. The strength in shear or
compression is comparable to that of solid rivets. Nominally body diameter range from
0,8 to 7,9 mm. The corresponding minimum lengths range from 0,8 to 6,4 mm. When
tubular rivets are used to join heavy and thin-gauge stock, the rivet head should be on
the side of thin sheet.

Failure of riveted connections is similar to those of screwed connections. Generally
speaking, for all kinds of mechanical fasteners it is desirable that the mode of failure of a
connection is ductile. It follows that shear failure of the fastener itself is undesirable and
should be avoided. In general, this mode will only occur if the diameter of the fastener is
thin compared to the thickness of connected sheets. Aluminium blind rivets are
particularly prone to shear failure and are only suitable for load-bearing applications in
relatively thin material (¢ < 0,7 mm approx.) (Davies, 1991).

For other modes of failure, as a very rough guide, adequate deformation capacity of
connections may be taken to be (Davies, 1991):

o for seam fasteners between adjacent cladding elements: 0,5 mm;

o for all other connections: 3,0 mm.

Shot (fired) pins.

Shot pins are fasteners driven through the material to be fastened into the base metal
structure. Depending on the type of the driving energy, there are:

o powder actuated fasteners, which are installed with tools containing cartridges
filled with propellant that is ignited (minimum thickness of substructure 4 mm);

o air-driven fasteners, which are installed with tools powered by compressed air
(minimum thickness of substructure 3 mm).

Figure 4.62 shows examples of shot fired pins. The failure modes and design of shot pin
connections are similar to those of screwed connections.

Seam locking. Seam locking is used in structural applications as longitudinal connections
between adjacent (flat) sheets. Single or double fold locking can be used.

C—3
Five types of powder actuated fasteners Three types of air driven

fasteners

Figure 4.62 Shot fired pins

Special mechanical fastenings

a) nuts

A number of systems is available where a nut will be fastened to one of the connected
parts. Such systems can be used when loose nuts cannot be applied or when it is not
possible to make a sufficiently strong fastening with screws. The thickness of the
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parts to be fastened will not limit the application. Figure 4.63 shows a number of
examples featuring loose nuts (Yu et al., 1993).

s

! Y,
7
= ~
Z N
Moo -
Inserting Locking

] g
% Banc-lock

Assembled Self-locking tapped holes

Figure 4.63 Nut systems (Yu et al., 1993)

b) Press joints (Clinched connections)

Press joining is a relatively new technique for joining cold-formed steel sections
(Predeschi et al., 1997). Press joining is a single-step process which requires a tool
consisting of a punch and expanding die as shown in Figure 4.64. The tool parts have
a rectangular profile and the punch tapers along the line of cut. The die has a fixed
anvil with spring plates on either side. Although the process is a single action, it
consists of two phases. In the first phase, the punch moves towards the die and
forms a double cut in the two steel sheets. In the second phase, the pressed sheets
are flattened against an anvil in order to spread the sheets laterally and form a
permanent connection.

The advantages of press joining in the context of construction are (Davies and Jiang,
1996):

o the joint is formed using the material of the sheets to be connected and no
additional items are required;

it does not destroy protective coatings such as galvanising;

it is very rapid, taking less than one second to form a joint;

it is very efficient, requiring about 10% of the energy for spot welding;
multipoint joining tools can produce several joints simultaneously;

the joint can be made air and water tight.

o O O O O

Press joining can be used for fabrication of beams, studs, trusses and other structural

systems .
%/Punch

Sheets
being
joined

Anvil  Shearing Joining

Figure 4.64 Press joining
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c) “Rosette” system

The “Rosette” is another joining method which is particularly suited to the fabrication
of light gauge steel frames (Makelainen and Kesti, 1999). A Rosette joint is made
between a preformed hole in one of the parts to be joined and a collared hole in the
other. The parts are snapped together and then a special hydraulic tool is used to pull
back the collar and crimp it over the non-collared part of the connection, as shown in
Figure 4.65. A Rosette typically has a nominal diameter of 20 mm and a strength
several times that of a press joint or conventional mechanical connection such as
screw or blind rivet.

Figure 4.65 Rosette-joint and rosette-joining process (Makelainen and Kesti,
1999)

Design codes do not contain provisions for special fasteners. Their design is mainly based
on testing and guidelines offered by fabricators.

Design of connection with conventional mechanical fasteners (e.g. bolts, screws, rivets
and short (fired) pins) are generally designed according to specifications of EN1993-1-3,
§88.3. Connections of special fasteners are designer assisted by testing, following the
guidance of §9 and Annex A of EN1993-1-3.

The general format for the design checking is:

Fiea < Firag (4.68)
where:
Fied is the design stress for the fastener, corresponding to failure mode j;
Fira is the design strength for the fastener, corresponding to failure mode /.

4.5.2.2 Welding

The most common weld type to connect sheet-to-sheet or cross-section-to-cross-section
is the fillet weld. Groove (or butt) welds are commonly used during the roll-forming
process to connect flat sheet of one coil to the subsequent coil. Arc spot welds,
commonly called puddle welds, are used extensively to attach deck and panels to bar
joists or hot-rolled shapes.

Welding electrodes should appropriately match the strength of the base metals. The
following welding processes may be used for cold-formed steel construction: shielded
metal arc welding (SMA); gas metal arc welding (GMA); flux cored arc welding (FCA);
gas tungsten arc welding (GTA) also known as tungsten-inert gas welding (TIG) and
submerged arc welding (SA).
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An alternative to the GTA (TIG) process is plasma welding. Plasma is produced between a
tungsten electrode and the base material. In comparison with the GTA (TIG) process, the
energy input during the welding procedure is more concentrated.

The usual types of arc welds used to connect steel members are shown in Figure 4.66.

S I R I

= - =11

(end view)

e) f)

Figure 4.66 Types of arc (fusion) welds (Yu, 2000): (a) Grove welds in butt
joints; (b) Arc spot weld (puddle weld); (c) Plug and slot welds; (d) Fillet
welds; (e) Flare bevel grove weld; (f) Flare V-grove weld

Grove or butt welds may be difficult to produce in thin sheet and are therefore not as
common as fillet, spot and slot welds. Arc spot and slot welds are commonly used for
welding cold-formed steel decks and panels to their supporting frames. Flare bevel
grooved welds and flare V-grove welds are used to produce built-up sections.

Resistance welding is done without open arc. In contrary to the open arc welding process
there is no need of protection of the molten metal by shielding gas slag.

During this procedure, special electrodes led the welding current locally with high density
to the base material. The workpiece is being so strongly heated that it turns into plastic
condition and starts to melt. In this condition a pressure transferred by the electrodes to
the workpiece leads to a local connection of the construction pieces. Figure 4.67 shows
the available resistance welding procedures.
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Figure 4.67 Resistance welding procedures: (a) spot welding;
(b) seam welding; (c) projection welding

EN1993-1-3, in section 8.4 and 8.5 provides detailed specifications for “spot” and “lap”
joints.

4.5.2.3 Fastening based on adhesive bonding

For fastening by means of bonding it is important to realise that a bonded connection
possesses good shear resistance and mostly poor peeling resistance (see Figure 4.68).
For that reason, a combination of bonding and mechanical fastening is occasionally
chosen. Adhesives used for thin-walled steels are as follows:

o epoxy adhesive types - best hardening will appear under elevated temperature
(typically 80 - 120°C);

o acrylic adhesive types — more flexible than the epoxy types.

Two advantages of bonded connections are a uniform distribution of forces over the
connection and a high resistance to repeated loading. Some disadvantages are that the
surface should be flat and clean and there is a hardening time.

e

Loaded by shear Loaded by pealing

Figure 4.68 Shear and peeling of connections by means of adhesive bonding

4.5.3 Mechanical properties of connections

The important mechanical properties of connections are strength (capacity), rigidity, and
deformation capacity or ductility (see Figure 4.69).
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Figure 4.69 Main feature of connection response

Strength

Connection must possess the necessary strength to ensures the reliable transfer of
internal forces, in Ultimate Limit State stage, in between connected elements.

The strength of the connections mainly depends on:

o the type of the fastener, and
o the properties of the connected elements e.g. thickness and yield stress.

The most reliable strength values are determined by testing. However, design codes, like
EN1993-1-3:2006, for instance, but also the North American Specifications AISI S100-07
and AS/NZS 4600:2005 provide formulas to determine the shear and tension resistance
of most common fastener types together with their range of application.

In case of special fasteners techniques, like press joining, “"Rosette” or loose nuts, design
procedures are provided by fabricators.

Stiffness

The stiffness of a connection is important because it determines the overall stiffness of
the structures or its components. Moreover, the stiffness of the connections will influence
the force distribution within the structure. Especially when the connection is a part of a
bracing structure, the stiffer the connection the lower the bracing force will be (Yu et al.,
1993).

Traditionally, bolted and screwed connections in cold-formed steel framing and trusses
are considered either rigid (continuous framing) or pinned. Experimental research and
numerical studies performed in last decade have provided evidence of the semi-rigid
character of the behaviour of these connections. As direct consequence of semi-rigidity,
these connections have partial moment resistance or semi-continuous.

In case of thin-walled steel structures the real behaviour of connections should be taken
into account because, if neglected, it could lead either to unsafe or uneconomic design.

For the cases not covered by such formulas, testing procedures are available (Annex A:
Testing procedures of EN1993-1-3:2006).
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Special systems are available where cold-formed sections interlock to form a connection
with a good bending and shear rigidity. This is particularly the case for pallet rack
frames.

Deformation capacity

Deformation capacity or ductile behaviour of connections is required in order to allow
local redistribution of forces without detrimental effects. Otherwise brittle fracture might
be caused by local overloading. A proper detailing and fastener selection is vital in order
to ensure sufficient deformation capacity of the connection, particularly in seismic
actions.

4.5.4 Design of connections

In this section the principles of design procedures according to EN1993-1-3:2006 and EN
1993-1-8:2005 will be presented, accompanied by design examples.

EN1993-1-8:2005 distinguishes between connections and joints. For this reason the
following basic definitions must be considered:

Connection: location at which two or more elements meet. For design purposes
it is the assembly of the basic components required to represent the
behaviour during the transfer of the relevant internal forces and
moments at the connection.

Joint: zone where two or more members are interconnected. For design
purposes it is the assembly of the basic components required to
represent the behaviour during the transfer of the relevant internal
forces and moments between the connected members.

Joint configuration: type or layout of the joint or joints in a zone within which the axes
of two or more inter-connected members intersect.

However, in case of cold-formed steel framing, generally no significant distinction can be
made between joint and connection.

The resistance of a joint shall be determined on the basis of the resistance of the
individual fasteners, welds and other components of the joint. For cold-formed steel
structures, elastic analysis is recommended for the design of joints. Alternatively, for
special cases, elastic-plastic analysis of the joint may be used provided it takes account
of the load-deformation characteristics of the components of the joint.

Where fasteners with different stiffness are used to carry a shear load, the fastener with
the highest stiffness should be designed to carry the design load.

Design of connections for cold-formed steel may be based on calculation procedures and
specific test results. Testing procedures to produce experimental results to be used in the
design procedure presented in this book will be based on the provisions of Chapter 9 and
Annex A of EN1993-1-3. Alternatively, design data provided by fabricators for specific
type of fasteners may also be used.

The following general design assumptions have to be considered when designing
structural connections in cold-formed steel constructions:

a) joints shall be designed on the basis of a realistic assumption of the distribution of
internal forces and moments, having regard to relative stiffness within the joint.
This distribution shall be representative of the load paths through the elements of
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the joint. It shall be ensured that equilibrium is maintained with the applied
external forces and moments;

b) allowance may be made for the ductility of steel in facilitating the redistribution of
internal forces generated within a joint. Accordingly, residual stresses and stresses
due to tightening of fasteners and normal accuracy of fit-up need not be
considered;

c) ease of fabrication and erection shall be taken into account in the detailing of
connections and splices. Attention shall be paid to the clearance necessary for
tightening the fasteners, the requirements of welding procedures, and the need for
subsequent inspection, surface treatment and maintenance;

d) the determination of any structural property of fastener or joint shall be based on
design assisted by testing; e.g. a design model should be calibrated/validated by
relevant tests according to Annex D of EN1990:2002.

Usually, members connecting in a joint shall be arranged so that their centroid axes meet
in a point. If there is an eccentricity at the intersection of connected members, the
members and connections shall be designed accounting for the resulting moments.

In the case of joints of angles or tees attached by either a single line of bolts or two lines
of bolts, possible eccentricities should be taken into account. In-plane and out-of-plane
eccentricities should be determined by considering the relative positions of the centroid
axes of the members and of the setting out lines in the plane of the connection.

Where a connection is subjected to impact or vibration, either preloaded bolts, bolts with
looking devices or welding shall be used.

When a connection loaded in shear is subjected to reversal of stresses (unless such
stresses are due solely to wind) or where for some special reasons slipping of bolts is not
acceptable, either preloaded bolts, fit bolts or welding should be used. However, while
available, preloaded bolts are not widely used in cold-formed steel framing.

4.6 Conceptual design of Cold formed steel structures

4.6.1 Introduction

When designing cold-formed steel building structures, the designer has to manage four
peculiar problems which characterise the behaviour and performance of thin-walled
sections. These peculiarities refer mainly to:

stability and local strength of sections;

connecting technology and related design procedures;

reduced ductility with reference to ductility, plastic design and seismic resistance;
fire resistance.

o O O O

If compares with conventional steel construction, the fact of structural members of a cold
formed steel —-structure are, in general, of class 4, in involves to work with effective cross
sections of members in compression bending. The overall stability of these structures,
their sensitivity to imperfections and to 2nd order effects must carefully controlled by
proper analyses and design.
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4.6.2 Case study: Wall Stud Modular System (WSMS) for residential and
non-residential buildings

Under coordination of author, BRITT Ltd. Company in Timisoara, Romania created in
co-operation with the "“Politehnica” University of Timisoara and Research Centre for
Advanced and Fundamental Technical Sciences of Romanian Academy, also from
Timisoara, a modular system of cold-formed steel structures for residential and
non-residential buildings (WSMS). The beneficiary of the system is Romanian Branch of
Sweden Company LINDAB. The system was created for 2 or 3 bays, which means a
length of 12m or 18m. However, two or three modules can be completed to obtain larger
buildings

Structural layout

The main idea in designing the WSMS was to combine the “wall stud” system, used for
steel framed housing, with a “light roof” solution, used for industrial hall type buildings.
Figure 4.70 shows the basic components of the system.

The modular system presented in this paragraph is made by cold-formed built-up C
section units connected with self drilling-self taping screws. The structure is designed by
modules, to be installed bay-by-bay, using the so-called “stick” technique, easier to
transport and to build pre-erected units (panels, trusses) on the site. Prefabrication in
modules is also possible. The “wall stud” panels are adaptable, according to the shape
and dimensions of openings. All structural and non-structural components are made of
cold-formed steel LINDAB sections (f, = 350N/mm?).

Figure 4.70 a) Main frame structure for a WSMS; b) Expanded basic components
of a WSMS

The facade as well as the choice of foundation are decided by the customer in
co-operation with the retailer and according to technical specifications given by designer.
The cladding for both roof and walls are made by trapezoidal steel sheets of LINDAB
type. For roof, the stratification of the cladding from outer to inner layers is composed
by: LTP45/0.5 trapezoidal steel sheets for the exterior layer, thermal insulation and
LVP20/0.4 trapezoidal steel sheets for the interior one, while for walls LTP45/0.5
trapezoidal steel sheets for the exterior layer, thermal insulation and LVP20/0.4
trapezoidal steel sheets for the interior one. Steel sheets are fastened to purlins in
alternate troughs using SD6T self drilling-self taping screws and seam fasteners are
SD3T screws placed at intervals of 30 cm. Purlins are Z150/2.5 beams, placed at 1000
mm intervals and connected to main beams using U60x40x4 cold formed connecting
elements.
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Design cases. Loading conditions and design criteria

In this paragraph are presented the characteristics of dead, snow, wind and seismic loads
used to design the Wall Stud Modular System. As specified, Romanian territory is
characterised by heavy snow and moderate to high seismic risk.

The seismic loads were estimated accordingly to Romanian Standard, in use at that time
(P100-2004), but the setting of design elastic spectra approximately corresponds to
design spectra on subsoil type D from EN1998-1. Because the structure is made of class
four sections, the behaviour “g” has to be taken equal to 1 (see also Section 11.2.2).
This means that during the earthquake the structure remains in elastic range and energy
dissipation is not considered.

The design values were selected to cover two different climatic zones, which are
presented below.

Load cases

o dead load on roof: Gy = 0,25 kN/m? (ys=1,35);

o snow load: Zone I: S, = 1,5 kN/m? (=1,5);

o Zone II: S, = 0,9 kN/m? (3%=1,5) ;

o wind load: Zone I: the basic wind speed is v=30m/s and leads to
a design wind pressure of w,=0,704 kN/m2 (7=1,5);
Zone II: the basic wind speed is v=22m/s and leads
to a design wind pressure of w,=0,348kN/m? (,=1,5);

o seismic load: Zone I: ground acceleration a;=0,20g and constant
spectral acceleration branch Tc=1,5s;

o Zone II: ground acceleration a;=0,16g and constant

spectral acceleration branch Tc=1,0s.

The load combinations accordingly to EN 1998-1 have been considered and 3D static and
dynamic analyses have been performed. In phase of conceptual design the global
performance of the structure under dynamic horizontal action (e.g. wind, earthquake)
was controlled by means of eigenmodes of vibrations. The periods for the first three
eigenmodes of vibration, corresponding to transversal (X) direction were T,;=0,396s,
T,=0,283s, T3=0,157s, and clearly show that the structural behaviour is determined by
the constant acceleration branch from the design spectra. The 3D model comprises main
frames, with built-up sections in columns and trusses, the wall-stud panels and the roof
structure with purlins and sheeting panels (diaphragm effect is considered), able to carry
both vertical and horizontal loads.

The diaphragm effect was introduced via equivalent bracings (see Figure 4.71) for the
roof cladding. The size equivalent bracings, in this specific case, is of 6 mm diameter.
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Figure 4.71 Equivalent braces in the roof to simulate the diaphragm acction of
the envelope

Static analysis from fundamental load combinations has been carried out and completed
by spectral analyses corresponding to the seismic area were the building is located. The
seismic calculation was based on spectral analysis and has been carried out using the
same computer program. In this case, due to the slenderness of cold-formed steel
sections (class 4), no reduction of base seismic shear force was introduced in design

(g=1).
Structural detailing

The main members of the framing are displayed in Figure 4.72.

1 I0

Column Top cord Bottom

Strut
2C150/2+4U156/ 2C150/2.5+U157/2 chord C150/2.5
2 .5 2C250/2.5 '
o
000 m
Foundation
7
Stud Bottom track Brace Purlin
C150/2.5 U157x56/2.5 C150/2.5 Z2150/2.5

Figure 4.72 Typical dimensions of structural elements

The following figures are presenting structural details for eaves, ridge, base - column
connection and base connection of a bracing panel (see Figure 4.73a to Figure 4.73d).
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Figure 4.73a Eaves connection Figure 4.73l
/r\

Figure 4.73c Base - column connection Figure 4.73d Base connection of a
bracing panel

Figure 4.74 and Figure 4.75 are showing some representative images for this modular
system during erection and completion. In case of the structure in Figure 4.74a, two
modules of 15m length have been connected to obtain a building of 30m.

- F"l""“""_;"" I Ll it

Figure 4.74 WSMS Main frames during erection
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Figure 4.75 WSMS after completion ( two different span modules coupled)

4.6.3 Concluding remarks

The modular systems presented in this paragraph are made by cold-formed single and
built-up C section members and with some particular screwed connection details. These
structures show very good technical and economical performances. The structure is
designed by modules, to be installed bay-by-bay, using “stick” technique or prefabricated
subassemblies.

Taking into account the variety of dimensions for spans, bays, number of bays and eaves
height result a total amount of 40 modular buildings. The structures are very light and
easy to erected (7-10 days).

Figure 4.76 shows the theoretical weight performances for a 12m building (steel
consumption for the main frame structure, e.g. without purlins and adaptable wall
panels) obtained for the modular system situated in to different climatic location (with
quite heavy snow and seismic load!). Figure 4.77 show the distribution of cost per
components of the building.

19 18 Weight ——T=5m, H=3m
Weight Zone | - 3 bays kg/m? Zone Il - 3 bays ~@—T=5m, H=3.5m

kg/m®
g/m 17 ~/x—=T=6m, H=3m
=>¢=T=6m, H=3.5m
16

—&—T=5m, H=3m

=@—T=5m, H=3.5m
13 —/—T=6m, H=3m
—=T=6m, H=3.5m

10
Span (m)

Figure 4.76 Weight performances of the system
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B Roof sheeting @ Wall clading
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Figure 4.77 Cost distribution for components of WSMS
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5 Seismic design of steel structures according to
EN 1998-1

5.1 Introduction

EN 1998-1 (2005) applies to the seismic design of building structures. However, this
code includes also the general provisions for the other parts of EC8, covering the
following aspects: seismic performance levels, types of seismic action, types of structural
analysis, general concepts and rules which should be applied to all types of structures
beyond those generally used for buildings.

It is subdivided into 10 sections as follows:

o section 1 reports the generality about normative references and symbols;
o section 2 provides the seismic performance requirements and compliance criteria;

o section 3 gives the rules to represent the seismic actions and their combination
with other design actions;

o section 4 describes the general design rules specifically conceived for building
structures;

o from section 5 to 9 the code provides specific rules for structures made of each
type of building materials (namely concrete, steel, composite steel-concrete,
timber and masonry buildings);

o section 10 gives the fundamental requirements and design rules for base isolation
of buildings.

The main aspects of EN 1998-1 (2005) relevant to the seismic design of steel buildings
are described hereinafter. The chapter concludes with explanatory worked examples for
the use of EC8 in the preliminary design of both a six-storey moment resisting frame and
a multi-storey building with concentrically braced frames.

5.2 Performance requirements and compliance criteria

In EN 1998-1 (2005) two performance levels should be accounted for the seismic design
of building structures, which corresponds to the following objectives:

o the protection of human lives under rare seismic actions, by preventing the local
or global collapse of the structure and preserving the structural integrity with a
residual load capacity;

o the limitation of both structural and non-structural damage in case of frequent
seismic events.

The former performance level is achieved by applying capacity design rules based on the
hierarchy of strength concept. The second performance level is accomplished by limiting
the lateral interstorey drifts of the structure within levels acceptable for the integrity of
both non-structural (i.e. infill walls, claddings, plants, etc.) and structural elements.

According to the Community principles allocating national competence on issues of safety
and economy, the Eurocode 8 refers to national annex the determination of the hazard
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levels corresponding to the two performance levels above described. However, as also
reported in Figure 5.1, for ordinary structures EC8 recommends the following:

o a seismic action having 10% exceedance probability in 50 years (namely a mean
return period equal to 475 years) for the ultimate limit state (i.e. collapse
prevention). At this limit state the design seismic action for structures of ordinary
importance over rock is termed “reference” seismic action;

o a seismic action having 10% exceedance probability in 10 years (nhamely a mean
return period equal to 95 years) for the serviceability limit state (i.e. damage
limitation).

In case of essential or large occupancy facilities the code recommends to guarantee an
enhanced performance than the case of ordinary structures. This objective is achieved by
modifying the hazard level (namely the mean return period) for both collapse prevention
and damage limitation. In particular, it is recommended to increase the reference seismic
action at both performance levels by the importance factor 5. At the collapse prevention
level the recommended value of y ranges from 1,4 (for essential buildings) to 1,2 (for
large occupancy buildings). In addition, the code allows using 1 = 0,8 for buildings of
reduced importance for public safety. The appropriate values of » for the main building
categories are reported in Table 5.1.

Damage Limitation Requirement No Collapse Requirement
» For ordinary structures this ¢« For ordinary  structures this
requirement should be met for a requirement should be met for a
seismic action with 10 % probability reference seismic action with 10 %
of exceedance in 10 years probability of exceedance in 50 years
» Return Period= 95 years ¢ Return Period= 475 years
» Performance level required: + Performance level required:
- Resist the design seismic action - Resist the design seismic action
without damage without local or global collapse
- Avoid limitations of use and high - Preserve structural integrity and
repair costs residual load bearing capacity
after the seismic event

Figure 5.1 Performance levels according to EN1998-1.
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Table 5.1 Importance factors for each building category.

Importance class Buildings "

Buildings of minor importance for
I public safety, e.g. agricultural 0,8
buildings, etc.

Ordinary buildings, not belonging in

1 the other categories.

1,0

Buildings whose seismic resistance is
of importance in view of the
III consequences associated with a 1,2
collapse, e.g. schools, assembly
halls, cultural institutions, etc.

Buildings whose integrity during
earthquakes is of vital importance
for civil protection, e.g. hospitals,
fire stations, power plants, etc.

v 1,4

5.3 Seismic action

In EN 1998-1 (2005) the seismic action is represented by an elastic acceleration
response spectrum. The code assumes the same spectral shape for both damage
limitation and collapse prevention limit states. In order to consider different hazard
levels, a factor v is provided to obtain the seismic demand at serviceability limit state.
The latter is derived multiplying by v the ordinates of the elastic acceleration response
spectrum at ultimate limit state. The value of v depends on two aspects: i) the local
seismic hazard conditions; ii) the protection of property objective. The recommended
values for v are equal to 0,4 and 0,5 for ordinary and large-occupancy buildings,
respectively.

The elastic response spectrum of the design seismic action (namely that corresponding to
collapse prevention) is characterized by the reference ground acceleration on rock, ags,
which should be provided by national seismic-zoning maps. The spectrum is shown in
Figure 5.2 and it is constituted by three main regions having constant properties, namely
the spectral acceleration (for period T from Tz to T¢), the spectral pseudo-velocity (for
period T from T to Tp) and spectral displacement (for period T > Tp). The amplitude and
the period of these zones depend on the soil type. In the EN1998-1(2005) five standard
soil types are considered, as follows:

o type A: rock, with an average shear wave velocity vs in the top 30m, larger than
800m/s;

o type B: very dense sand or gravel, or very stiff clay, with v ranging within 360 to
800m/s;

o type C: medium-dense sand or gravel, or stiff clay, with v¢ ranging within 180m/s
to 360m/s;

o type D: loose-to-medium sand or gravel, or soft-to-firm clay, with vs lesser than
180m/s;

o type E: 5m to 20m thick soil with vs lesser than 360 m/s, underlain by rock.
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The entire elastic spectrum is anchored to the mapped “reference” acceleration on rock
multiplied by: a) the importance factor j; b) the soil factor S > 1 accounting for the
dynamic amplification effects on spectral values due to soil conditions; c) a damping

correction factor n equal to 10/(5 + &) , being & the viscous damping ratio expressed as a
percentage.

Assuming y = 1, the equations to obtain the elastic acceleration response spectra are
given as follows:

0<T<T, Sd(T):ag-S-[1+TL-(77-2,5—1)j

B
Ty <T <T¢ Sd(T)zag'S'z'S

. (5.1)
T.<T<T, Sd(T):ag-S-Z,S-(?CJ

T>T

D

s,(T)-a szs(TcT—Tj

For the same spectral shape described by Egn. (5.1) the code recommends to use two
different types of spectra:

o Type 1 (see Figure5.3a) for moderate to large magnitude earthquakes;
o Type 2 (see Figure5.3b) for low magnitude earthquakes with surface magnitude
less than 5.5 at close distances.

The values to be ascribed to T, Tc, Tp and S for each ground type and type (shape) of
spectrum to be used in a country may be found in its National Annex. However, the code
provides recommended values for the spectral parameters.

SJa,

2,557

Iy I¢ Ip T

Figure 5.2 The shape of elastic acceleration response spectra in EC8 (source
EN1998-1).
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Figure5.3 Elastic response spectra recommended in EC8: Type 1 (a) and 2 (b)
(source EN1998-1).

5.4 Design requirements for buildings

5.4.1 Design concept and ductility class

EN 1998 takes into account the capacity of structures to dissipate energy through
inelastic deformations, so that the design seismic forces can be smaller than those
related to a linear elastic response, but sophisticated non-linear structural analyses can
also be avoided at the design stage. In fact, an elastic analysis based on a response
spectrum reduced with respect to the elastic one, called the “design spectrum”, can be
performed. The reduction is accomplished by introducing the behaviour factor g
(EN 1998-1 3.2.2.5(2)), which can be approximately intended as the ratio between the
seismic forces that a single degree of freedom system equivalent to the real structure
would experience if its response would be completely elastic (with 5% equivalent viscous
damping) and the seismic forces that may be used in the design (EN 1998-1 3.2.2.5(3)).
The values of the behaviour factor g are given for various materials and structural
systems according to the relevant ductility classes within EN 1998. Indeed, as
summarized in Figure 5.4, seismic resistant steel buildings may be designed in
accordance with one of the following concepts (EN 1998-1 6.1.2(1)P):

o concept a): Low-dissipative structural behaviour;
o concept b): Dissipative structural behaviour.

In concept a) the action effects may be calculated on the basis of an elastic global
analysis neglecting the non-linear behaviour. In this case, the behaviour factor assumed
in the calculation must be less than 2. Structures designed in accordance with concept a)
belong to the low dissipative structural class “"DCL” (Ductility Class Low). Hence, the
resistance of members and connections should be evaluated in accordance with EN 1993
without any additional requirement (EN 1998-1 6.1.2(4)). For non-base-isolated
structures this simplified design is recommended only for low seismicity regions.
Although the designation of low seismicity zone should be established by the competent
National Authorities, a threshold value of design ground acceleration for the specific soil
type is recommended as pSagk = 0,1g. It should be noted that in case of very low
seismic zones (namely for the cases ySage <0.05g) EC8 allows neglecting the seismic
action in design of buildings.
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In concept b) the capability of parts of the structure (dissipative zones) to undergo
plastic deformations in case of an earthquake is taken into account. The behaviour factor
g assumed in the calculation is larger than 2 and depends on the type of seismic resistant
structural scheme. Structures designed in accordance with concept b) may belong to a
medium structural ductility class "DCM” (Ductility Class Medium) or to a high ductility
class "DCH” (Ductility Class High). These classes correspond to increased ability of the
structure to dissipate energy through inelastic behaviour. Depending on the ductility
class, specific design requirements are provided for both local and global structural
aspects.

w_

a

Low dissipative
structural
behaviour

Specific rules
for steel

buildings g =f (structural type)
"b” and g<4
Dissipative
structural
behaviour

q =f (structural type)

Figure 5.4 Design Concepts according to EN 1998-1.

Once fixed the behaviour factor g suitable for the structure to be calculated, the design
response spectrum is obtained starting from the elastic spectrum (see Egn. (5.1) using
the following equations:

orensmeas(5p ()
B J
T,<T<T, Sd(T)=ag,-S-2(’75
2,5 (T,
=g -S.2=.| ¢ 5.2
T.<T<T, S,(T)y ° q [TJ (5:2)
>f-a,
:ag.s.z’s.(TC'zTD]
T>T, S,(T) q T
>f-a,

It should be noted that the parameter B is the lower bound factor for the horizontal
design spectrum, whose appropriate value should be provided by the National Annex.
However, EC8 recommends to assume S = 0,2.
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For the sake of completeness, Figure 5.5 shows the comparison between elastic and
design spectra, the latter obtained for two different g factors.

SaA

Elastic spectrum

Design spectra

T

Figure 5.5 Elastic vs. design acceleration spectrum.

5.4.2 Analysis procedures and models

According to EC8 the following types of structural analysis can be performed to calculate
and verify building structures:

o lateral force method (namely a linear static analysis with lateral distribution of
forces);

o linear modal response spectrum analysis;
o nonlinear static pushover analysis;
o nonlinear dynamic response time-history analysis.

The lateral force method is characterized by a linear static analysis to be performed by
applying a pre-defined lateral distribution of forces, which are proportional to the shape
of the 1° translational vibration mode in the examined horizontal direction. In order to
calculate the fundamental period T;, the code provides an empirical equation depending
on the structural typology (e.g. T:=0,085H** for steel moment-resisting frames,
T,=0,05H%* for braced buildings, being H the total building height expressed in m). This
method can be used only for buildings regular both in plan and in elevation and in all
cases where the effects of higher modes are negligible. This implies that for the most of
practical applications it is not possible to perform linear static analyses. Therefore, in EC8
the linear modal response spectrum analysis is the typical method, which can be used for
all structural typologies. For this type of analysis the modal contributions (i.e. internal
forces, displacements, etc.) can be combined by rigorous application of either SRSS
(Square Root of Sum of Squares) or CQC (Complete Quadratic Combination) rules. With
this regard, the code requires to take into account a number of vibration modes that
satisfy either of the following conditions:

1. the sum of the effective modal masses for the modes taken into account amounts
to at least 90% of the total mass of the structure;

2. all modes with effective modal masses greater than 5% of the total mass are
taken into account.

For what concerns nonlinear static analyses, according to EC8 two different lateral load
distributions should be accounted for pushover analysis, as follows: i) a uniform lateral
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load pattern; ii) the lateral forces pattern used in linear static analysis. The target
displacement can be defined according to the N2 procedure as described in the Annex B.

In case of nonlinear response-history analysis at least 7 nonlinear time-history analyses
should be performed using ground motions selected to be compatible with the elastic
spectrum in accordance with EN 1998-1. The code states that the average of the
response quantities from all of these analyses should be used as the design value of the
action effect. Otherwise, the most unfavourable value of the response quantity among
the analyses should be used.

The accuracy of numerical analysis strictly depends on the structural model. Therefore,
according to EC8 the model of the building must represent the distribution of stiffness
and mass so that all significant deformation shapes and inertia forces are properly
accounted for under seismic actions.

With this regard, it is important to account for accidental torsional effects which
conventionally take into account the possible uncertainties in the stiffness and mass
distributions and/or a possible torsional component of the ground motion about a vertical
axis. EC8 introduces accidental torsional effects by displacing the masses with respect to
their nominal positions. This displacement is assumed to take place in any possible
direction (in practice, along the two orthogonal directions of the horizontal seismic action
components). All accidental eccentricities are considered at a time along the same
horizontal direction. The accidental eccentricity of a horizontal seismic action component
is specified as equal to 5% of the in-plan dimension of the storey measured
perpendicular to this horizontal component.

The code allows a simplified modelling approach if the building is conforming to the
criteria for regularity both in plan and in elevation. In such a case, when the lateral force
method of analysis is used with a 3D model of the building structure, seismic effects on
the generic lateral load-resisting system are multiplied by a factor § (clause 4.3.3.2.4), in
order to account for accidental torsional effects. This factor is given by:

5:1+o,6Li (5.3)

e

where:

o x is the plan distance of the seismic resisting system under consideration from the
centre of gravity of the building, measured perpendicularly to the direction of the
seismic action considered;

o Le is the distance between the two outermost lateral load resisting systems,
measured perpendicularly to the direction of the seismic action considered.

However, when two separate 2D planar models are used, the effects of the accidental
eccentricity can only be estimated through the simplified approach using the ¢ factor, but
doubling the effect of the eccentricity. Indeed, in that case the second term in the
amplification factor becomes 1,2x/L., to account also for the otherwise unaccounted for
effects of any static eccentricity between the storey centres of mass and stiffness.

Another important aspect to be taken into account is the influence of second order (P-A)
effects on frame stability. Indeed, in case of large lateral deformation the vertical gravity
loads can act on the deformed configuration of the structure so that to increase the
overall deformation and force distribution in the structure thus leading to potential
collapse in a sideway mode under seismic condition.

Generally, the majority of structural analysis software can automatically account for
these effects in the analysis. However, it could be convenient to specify directly the
entity of second order effects in order to control and optimise the structural design.
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According to EN 1998-1, P-A effects are specified through a storey stability coefficient (6)
given as:

SRS (5.4)

o Py is the total vertical load, including the load tributary to gravity framing, at and
above the storey considered in the seismic design situation;

o Vit is seismic shear at the storey under consideration;

o h is the storey height;

o d, is the design inter-storey drift, given by the product of elastic inter-storey drift
from analysis and the behaviour factor g (i.e. d. x g).

Frame instability is assumed for 6 = 0,3. If 6 < 0,1, second-order effects could be
neglected, whilst for 0,1 < 6 < 0,2, P-A effects may be approximately taken into account
in seismic action effects through the following multiplier:

i-9) (5.5)

5.4.2.1 Combination of actions for seismic design situations

In case of buildings the seismic action should be combined with permanent and variable
loads as follows:

sz,,- n+ HZWZJ 'Qk,,- ll+ "AEd (5_6)

where G is the characteristic value of permanent action “/” (the self-weight and all other
dead loads), Ags is the design seismic action (corresponding to the reference return
period multiplied by the importance factor), Q, is the characteristic value of variable

AN\ /4

action “/” and y,, is the combination coefficient for the quasi-permanent value of the

variable action “i”, which is a function of the destination of use of the building. Values for
the combination coefficients y,, are given in EN 1990:2002, Annex Al; Table 5.2 reports

the list of y,, for buildings.
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Table 5.2 Values of the combination coefficients y; .

Type of variable action 2
Category A : domestic, residential areas 0,3
Category B : office areas 0,3
Category C : congregation areas 0,6
Category D : shopping areas 0,6
Category E : storage areas 0,8
Category F : traffic area, vehicle weight < 30 kN 06
Category G : traffic area, 30 kN < vehicle weight < 160 kN 0.3
Category H : roofs 0
Snow loads on buildings (see EN 1991-1-3) 02
Finland, Iceland, Norway, Sweden !
Remainder of CEN Member States, for sites 0.2
located at altitude H > 1000 m a.s.l. !
Remainder of CEN Member States, for sites 0
located at altitude H < 1000 m a.s.l.
Wind loads on buildings (see EN 1991-1-4) 0
Temperature (non-fire) in buildings 0
(see EN 1991-1-5)

5.4.2.2 Structural masses

In accordance with EN 1998-1 3.2.4 (2)P, the inertial effects in the seismic design
situation have to be evaluated by taking into account the presence of the masses
corresponding to the following combination of permanent and variable gravity loads:

ZGk,i "+ ZV/E,/' ’ Qk,i (5.7)

M\ /4
!

where v, is the combination coefficient for variable action %/, which takes into account

the likelihood of the loads Qi,; to be not present over the entire structure during the
earthquake, as well as a reduced participation in the motion of the structure due to a
non-rigid connection with the structure. According to EN 1998-1 4.2.4(2)P, the
combination coefficients y, , should be computed from the following expression:

Vei =@ Vo (5.8)

Values to be ascribed to ¢ may be found in the National Annex. The recommended
values for ¢ are listed in Table 5.3.
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Table 5.3 Values of ¢ for calculating vy, ;

Type of variable action Storey Q

Roof 1,0

Storeys with correlated

Categories A-C . 0,8
occupancies

Independently occupied storeys 0,5

Categories D-F and 1,0

Archives

5.4.3 Basic principles of conceptual design

EN 1998-1 requirements aim to mitigate seismic vulnerability within acceptable costs.
The governing design concepts are hereafter summarized with a list of a few items (EN
1998-1 4.2.1(2)):

o

structural simplicity: it consists in realizing clear and direct paths for the
transmission of the seismic forces, thus allowing the modelling, analysis, detailing
and construction of simple structures. It directly implies a simplified morphology of
both the structural plan and elevation. In such a way structural behaviour
uncertainties are limited;

uniformity, symmetry and redundancy: uniformity is characterised by an even
distribution of the structural elements both in-plan and along the height of the
building, allowing short and direct transmission of the inertia forces and
eliminating the occurrence of sensitive zones where concentration of stress or
large ductility demands might prematurely cause collapse. Moreover, if the
building configuration is symmetrical, a symmetrical layout of structural elements
is envisaged. In addition, the use of distributed structural elements may increase
redundancy and allow a redistribution of action effects and widespread energy
dissipation across the entire structure;

bi-directional resistance and stiffness: the building structure must be able to resist
horizontal actions in any direction. To this purpose, the structural elements should
be arranged in orthogonal in-plan structural patterns, ensuring similar resistance
and stiffness characteristics in both the main directions;

torsional resistance and stiffness: building structures should possess adequate
torsional resistance and stiffness in order to limit torsional motions which tend to
stress the structural systems in a non-uniform way;

diaphragmatic behaviour at storey level: the floors (including the roof) should act
as horizontal diaphragms that collect and transmit the inertia forces to the vertical
structural systems and ensure that those systems behave together in resisting the
horizontal seismic action. In order to guarantee this behaviour, floors should be
provided with in-plan stiffness and resistance and with effective connection to the
vertical structural systems;

adequate foundation: the foundations have a key role, because they have to
ensure that the whole building may be subjected to a uniform seismic excitation.
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Satisfying the basic principles of conceptual design allows obtaining a regular building
both in plan and in elevation, which is a fundamental requirement to achieve a high
seismic performance and reliable structural model.

5.4.4 Damage limitation

According to EC8 the damage limitation requirement for buildings results in an upper
limit on the interstorey drift ratio demand under the frequent (serviceability) seismic
action (EN 1998-1 4.4.3.2). In general, member sizes will be controlled by the limit on
interstorey drift ratio. For this reason, compliance with the damage limitation
requirement should be established, before proceeding with dimensioning and detailing of
members to satisfy the no-collapse requirement.

The interstorey drift ratio demand d, for a generic storey is evaluated as the difference
between the average lateral displacements ds at the top and bottom of the storey under
consideration. It should be determined under the frequent (serviceability) seismic action,
which is defined by multiplying the entire elastic response spectrum of the design seismic
action for 5% damping by the same factor v that reflects the effect of the mean return
periods of these two seismic actions.

In the code, damage limitation requirement is expressed by the following equation:

vd, <a-h (5.9)
where:

o «a is the limit related to the typology of non-structural elements;
o d,is the design interstorey drift;
o his the storey height;

o v is a displacement reduction factor depending on the importance class of the
building, whose values are specified in the National Annex (as previously discussed
in section 5.3).

The limits for « depend on the type of non-structural elements and they are set as
follows:

o 0,5 %, if there are brittle non-structural elements attached to the structure so that
they are forced to follow structural deformations (normally partitions);

o 0,75 %, if non-structural elements (partitions) attached to the structure as above
are ductile;

o 1 %, if no non-structural elements are attached to the structure.

According to EN 1998-1 4.3.4, If the analysis for the design seismic action is linear-
elastic based on the design response spectrum (i.e. the elastic spectrum with 5%
damping divided by the behaviour factor g), then the values of the displacements d; are
those from that analysis multiplied by the behaviour factor g, as expressed by means of
the following simplified expression:

ds :qd'de (5.10)

where:
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o ds is the displacement of the structural system induced by the design seismic
action;

o (g is the displacement behaviour factor, assumed equal to g;

o d is the displacement of the structural system, as determined by a linear elastic
analysis under the design seismic forces.

If a non-linear analysis is performed, the interstorey drift ratio should be determined for
a seismic action (acceleration time-history for time-history analysis,
acceleration-displacement composite spectrum for pushover analysis) derived from the
elastic spectrum (with 5% damping) of the design seismic action times .

5.5 Design criteria and detailing rules in steel buildings

5.5.1 Behaviour factors

The general design approach recommended by EC8 aims to control the inelastic
structural behaviour by avoiding the formation of soft storey mechanisms and brittle
failure modes. In order to achieve this purpose, the design rules are based on the
capacity design of members and on detailing the dissipative zones parts with specific
rules to improve their ductility and deformation capacity. This philosophy is specifically
intended for buildings designed for ductility classes M and H. For these cases, the design
forces calculated by means of linear elastic analysis (namely obtained from either lateral
force method or modal response spectrum) can be obtained reducing the elastic
spectrum by the behaviour factor g, which accounts for ductility and dissipative capacity
of the structural system.

As clearly described in Figure 5.6, the behaviour factor g according to EN 1998-1 for
regular structural systems is given as follows:

g=-+-q, (5.11)

o,

where g, is the reference value of the behaviour factor, while «,/a; is the plastic
redistribution parameter accounting for the system overstrength due to redundancy. The
parameter «; is the multiplier of the horizontal seismic design action to reach the first
plastic resistance in the structure and ¢, is the multiplier of the horizontal seismic design
action necessary to form a global mechanism. The ratio a, /a; may be obtained from
nonlinear static ‘pushover’ global analysis according to EC8, but is limited to 1,6.
However, Eurocode 8 proposes some reference values for, as follows:

o 1 for inverted pendulum structures;

o 1,1 for one-storey frames;

o 1,2 for one-bay multistorey frames, eccentric bracing or dual systems with
moment resisting frames and concentrically braced frames;

o 1,3 for multistorey multi-bay moment-resisting frames.

As reported in Table 5.4, EC8 also provides the upper limits for the behaviour factors g
for the structural schemes depicted in Figure 5.7.

305



Seismic design of steel structures according to EN 1998-1

R. Landolfo
o
] e iR et cea i i TSRS A
qu a, /ey,
o, o o
90 =9u " Py =—£.H-_¢
o v G o
u R A el Haally A
Pi =y /al
Oy R ___________________________________________ . k
K |
5; & 8,=6,=6 5

Figure 5.6 The behaviour factor g defined in EN 1998-1.

Table 5.4 Upper limit of reference values of behaviour factors for systems

regular i

n elevation.

Structural type

Ductility Class

DCM DCH
a) Moment resisting frame 4 5(ay/ 1)
b) Frame with concentric bracings
Diagonal bracings 4 4
V-bracings 2 2,5
c) Frame with eccentric bracings 4 5(au/ 1)
d) Inverted pendulum 2 2(ay/ ap)

e) Structures with concrete cores or
concrete walls

f) Moment resisting frame with
concentric bracings

g) Moment resisting frames with infills
Unconnected concrete or masonry
infills, in contact with the frame

Connected reinforced concrete infills

Infills isolated from moment frame
(see moment frame)

Are those defined for
reinforced concrete structures

4 4(au/ 1)

2 2

Are those defined for
composite steel — concrete buildings

4 5(au/ az)
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Figure 5.7 The structural schemes accounted for EC8: a) Moment resisting
frames (dissipative zones in the beams and at the bottom of the columns); b)
Frames with concentrically diagonal bracings (dissipative zones in tension
diagonals only); c) Frame with V bracings (dissipative zones in both tension and
compression diagonals); d) Frames with eccentric bracings (dissipative zones in
bending or shear links); e) K-braced frames (not allowed); f) Structures with
concrete cores or concrete walls; g) Moment resisting frame combined with
concentric bracing (dissipative zone in moment frame and in tension
diagonals); h) Moment resisting frames combined with infills; i) Inverted
pendulum with dissipative zones at the column base; |) Inverted pendulum with
dissipative zones in columns.
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5.5.2 Design criteria and detailing rules for dissipative structural behaviour
common to all structural types

The structures with dissipative zones should be designed and detailed such that yielding
or local buckling or other phenomena due to hysteretic behaviour do not affect the
overall stability of the structure.

To guarantee this condition, EC8 provides general design requirements that can be
applied to all structural schemes. It is interesting to note that EC8 allows locating the
dissipative zones in either members or connections. However, different criteria and
requirements should be considered for each typology, as described hereinafter.

5.5.2.1 Ductility classes and rules for cross sections

As described above, three ductility classes (i.e. DCL, DCM and DCH) are provided for by
EC8, depending on the accepted level of the plastic engagement into the dissipative
parts. Indeed, in case of DCL poor plastic deformations are expected and the code allows
performing global elastic analysis using g factor within 1,5-2,0 and verifying the strength
of elements (both members and connections) according to EC3 without capacity design
rules (recommended for low seismic areas, only). On the contrary, for DCM and DCH it is
expected to have moderate and large plastic engagement in dissipative zones,
respectively. Therefore, EC8 prescribes specific design rules both at global and local level
in order to guarantee sufficient ductility in dissipative elements. In both cases, there are
some rules common for all structural schemes and other specifically conceived for each
typology. In addition, under these conditions, EC8 recommends to use g factor larger
than 2. This assumption can be applied provided that the dissipative elements in
compression or bending under seismic loading satisfy a set of cross-section
requirements, namely by restricting the local slenderness ratios to limit local buckling
phenomena under large deformation demand. To this aim EC8 adopts the EC3
classification for cross sections relating the restrictions to the value of g factor for each
Ductility Class, as summarized in Table 5.5.

It is worth to note that several studies and researches carried out in the recent past
(Mazzolani and Piluso, 1992 and 1996; Gioncu and Mazzolani, 1995; Gioncu, 2000,
Plumier, 2000; Gioncu and Mazzolani, 2002, Elghazouli 2010, D’Aniello et al, 2012, 2013,
Glneyisi et al 2013, 2014) have highlighted some criticisms in the Eurocode classification
mainly due to the small nhumber of parameters considered to characterize the beam
performance (Landolfo 2013). In fact, Eurocode relates rotation capacity to material and
cross section factors only, neglecting very important behavioural issues, such as the
flange-web interaction, the overall member slenderness, the moment gradient, the
lateral restraints, the loading conditions (Landolfo 2013).

Table 5.5 Requirements on cross-sectional class of dissipative elements
depending on Ductility Class and reference behaviour factor.

Reference value
of behaviour

Required

Ductility class cross-sectional

factor g class
1,5<g<20 class 1,2 or 3
DCM
2,0<g<4,0 class 1 or 2
DCH g>4,0 class 1
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5.5.2.2 Design rules for connections close to dissipative zones

EN 1998-1 6.5.5 provides a general rule for all types of non-dissipative connections
belonging to the dissipative members of the structure, in order to ensure sufficient
overstrength to avoid localization of plastic strains. In particular, the following connection
overstrength criterion must be applied:

R, 21.1y,R, (5.12)

where Ry is the resistance of the connection, Ry is the plastic resistance of the connected
dissipative member based on the design yield stress of the material, j, is the material
overstrength factor.

5.5.2.3 Design rules and requirements for dissipative connections

EN 1998-1 6.6.4 allows using dissipative joints in case of MRFs. In particular, dissipative
semi-rigid and/or partial strength connections are permitted, provided that all of the
following requirements are verified:

o the connections have a rotation capacity consistent with the global deformations;
o members framing into the connections are stable at the ultimate limit state (ULS);

o the effect of connection deformation on global drift is taken into account using
nonlinear static (pushover) global analysis or non-linear time history analysis;

o the rotation capacity of the dissipative connection 6, is not less than 35 mrad for
structures of ductility class DCH and 25 mrad for structures of ductility class DCM
with g > 2;

The latter requirement can be verified by means of qualification tests to be carried out on
joint sub-assemblages. In order to measure the joint ductility, EC8 defines the rotation 6,
as the chord rotation of the joint given by 6, = 6/0,5L, where ¢ is the beam deflection at
midspan and L is the beam span.

The rotation capacity of the plastic hinge region 6, should be ensured under cyclic loading
without degradation of strength and stiffness greater than 20%. This requirement is valid
independently of the intended location of the dissipative zones. As additional requirement
to qualify the performance of the joint by means of testing, EC8 states that the column
web panel shear deformation should not contribute for more than 30% of the plastic
rotation capability 6,.

5.5.3 Design criteria and detailing rules for Moment Resisting Frames

According to DCM and DCH concepts, in order to achieve a ductile global collapse
mechanism, Moment Resisting Frames (MRFs) are designed to form plastic hinges in the
beams or in the beam-to-column connections, but avoiding the plastification of columns
with the exception of the base of the frame, at the top level of multi-storey buildings and
for single storey buildings. This type of plastic mechanism is generally referred as “weak
beam/strong column” behaviour. It is characterized by the most favourable performance,
thus exploiting the beneficial dissipative capacity of steel beams. On the contrary the
so-called “strong beam/weak column” behaviour, which typically characterizes non-
seismic design, is characterized by premature storey collapse mechanisms, because of
the poor and limited rotation capacity of columns.

Aside from the requirements regarding the cross-sectional classes (previously described
in Sec. 5.5.2.1), EC8 requires additional condition for MRFs in order to avoid that
compression and shear forces acting on beams could impair the full plastic moment
resistance and the rotation capacity. To this aim, at clause 6.6.2(2) the code states that
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the following inequalities should be verified at the location where the formation of
hinges:

Mpl,Rd ( )
New 0,15 (5.14)
pl,Rd
Vey 0.5 (5.15)
pl,Rd

being Mgy, Negg and Vgg the design forces, while Mp gy, Npra @and Vprg are design
resistances in accordance with EN 1993,

In general, owing to the presence of floor diaphragm axial forces in beams of MRFs are
negligible. Instead, shear forces could be significant and should be limited to avoid
flexural-shear interaction in plastic hinge zones. Hence, shear force demand at both
beam ends should be calculated using capacity design principles as follows:

Vv,

Ed

=V,

Ed,G

+V

(5.16)
where Vg, is the shear force due to gravity forces in the seismic design situation and
Veqm is the shear force corresponding to plastic hinges formed at the beam ends (namely
Veam = (Mp,at+Mp,8)/L, being M, 4 and M, 5 the beam plastic moments with opposite signs
at the end sections A and B, while L is the beam length).

In order to obtain the “weak beam/strong column” behaviour, the forces acting on
columns calculated by the elastic model have to be amplified by the magnification
coefficient Q, defined as:

Q= min(—M""Rd"] (5.17)

Ed,i
where Mg, ; is the design value of the bending moment in beam ”i” in the seismic design
situation and M, r4; is the corresponding plastic moment. It is important to highlight that
this ratio should be calculated for all beams in which dissipative zones are located.

Once Q has been calculated, the columns should be verified against all resistance checks
including those for element stability, according to the provisions of EC3 for the most
unfavourable combination of bending moments Mgy, the shear force Vg; and axial forces
Ney , based on the following (EN 1998-1 6.6.3(1)P):

Mgy =Meyo+1,1 7, -Q-M, ¢ (5.18)

Veg = Vg + 1,17, - Q Ve (5.19)

Neyg=Nego+1,1-7,, -Q-Ngy p (5.20)
where:

0 Meggc , Veac and Ngg g , are the forces in the column due to the non-seismic actions
included in the combination of actions for the seismic design situation;

310



Seismic design of steel structures according to EN 1998-1
R. Landolfo

0 Meqe , Veae and Ngq e are the forces in the column due to the design seismic action;
o 7o is the material overstrength factor.

In addition to the member checks based on the Q criterion, EN 1998-1 4.4.2.3(4)
requires that at every joint the following condition should be satisfied:

2 M (5.21)

& =<>13
b

2 M

where:

o XZMkg. is the sum of the design values of the moments of resistance of the columns
framing the joint;

o XZMgyp is the sum of the design values of the moments of resistance moments of the
beams framing the joint.

5.5.4 Design criteria and detailing rules for Concentrically Braced Frames

Concentrically braced frames (CBFs) are characterized by a truss behaviour due to axial
forces developed in the bracing members. According to EC8, the diagonal bracings in
tension are the dissipative zones which have to yield, thus preserving the connected
elements from damage. Therefore, the response of a CBF is basically influenced by the
behaviour of its bracing elements. However, it should be noted that the role of bracing
members differs with the CBF configurations, shown in Figure 5.8. Indeed, for X and
Diagonal CBFs the energy dissipation capacity of braces in compression is neglected and
the lateral forces are assigned to tension braces only. On the contrary, in frames with V
and inverted V bracings both the tension and compression diagonals should be taken into
account. This requirement is due to the geometrical configuration where the braces
intersect the beams.

Vs III SIS A 777777, e

VI B A A N

Figure 5.8 CBF configurations.
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Depending on the ductility class and the behaviour factor g used in the design, tension
bracings have to satisfy the requirements regarding the cross-sectional classes reported
in Table 5.5. Moreover, the diagonal braces have to be designed and placed in such a
way that, under seismic action reversals, the structure exhibits similar lateral
load-deflection responses in opposite directions at each storey (EN 1998-1 6.7.1(2)P).
This performance requirement is deemed to be satisfied if the following rule is met at
every storey:

At —A’| (5.22)
——1<0,05
e

where A" and A  are the areas of the vertical projections of the cross-sections of the
tension diagonals (Figure 5.9) when the horizontal seismic actions have a positive or
negative direction, respectively.
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Figure 5.9 Example of application of requirement given by Eqn. (5.22).

e R

a) = b)

Figure 5.10 Calculation models of X-CBFs.
For X-CBFs, the diagonal braces have to be designed in such a way that the yield
resistance N, s Of their gross cross-section is such that Nprs = Negg, Where Ngy is

calculated from the elastic model ideally composed by a single brace (i.e. the diagonal in
tension). Generally speaking, in order to make tension alternatively developing in all the
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braces at any storey, two models must be developed, one with the braces tilted in one
direction and another with the braces tilted in the opposite direction, as shown in Figure
5.10 In addition, the brace slenderness must fall in the range 1,3<1 <2,0(EN 1998-1
6.7.3(1)). The lower bound value is imposed in order to limit the maximum compression
axial forces transmitted to column; the upper bound value is given in order to limit
excessive vibrations and undesired buckling under service loads.

Differently from X-CBFs, in frame with inverted-V bracing compression diagonals should
be designed for the compression resistance, such that yNprs = Nes, Where y is the
buckling reduction factor calculated according to EN 1993:1-1 6.3.1.2 (1), and Ng, is the
required strength. Differently from the case of X-CBFs, the code does not impose a lower
bound limit for the non-dimensional slenderness 1, while the upper bound limit (1 <2)
is retained.

For all types of bracing configurations, in order to guarantee the formation of a global
mechanism, clause 6.7.4(1) of the EC8 imposes to verify the strength of beam-column
members based on the Eqn.(5.23), as follows:

Npl,Rd(MEd) 2Neyot1,17,, - Q-Ngy g (5.23)

where:

o Npre(Meg) is the design resistance to axial force of the beam or the column
calculated in accordance with EN 1993:1-1, taking into account the interaction
with the design value of bending moment, Mgy, in the seismic design situation;

o Nggc is the axial force in the beam or in the column due to the non-seismic actions
included in the combination of actions for the seismic design situation;

o Ngge is the axial force in the beam or in the column due to the design seismic
action;

o 7y is the material overstrength factor;

o Q is the minimum overstrength ratio Qi = Ny rg,i/Neq,i, Which may vary within the
range Q to 1,25Q. It is should be noted that, aiming to fit better the distribution of
diagonal strengths N, rq; to the distribution of computed action effect Ngy;, this
approach forces the use of different sections of diagonals over the height of the
structure.

In addition, Eurocode 8 provides specific requirements only for the beams belonging to
both V and inverted V CBFs. Indeed, for those types of structural schemes the seismic
response is significantly influenced by the beam behaviour. Because, after the buckling of
the compression brace, the resultant of the axial forces in the compression and in the
tension braces has a vertical component acting on the connected beam and inducing a
significant bending moment. In this situation the formation of a plastic hinge at mid-span
of the beams must be avoided, because it would result in a drop of storey lateral
resistance with consequent inelastic drift concentration at the storey with yielded beams.
in order to prevent this undesirable behaviour of the frame, EC8 provisions require: i) the
beams of the braced span must be able to carry all non-seismic actions without
considering the intermediate support given by the diagonals; ii) the beams have to be
designed to carry also the vertical component of the force transmitted by the tension and
compression braces. This vertical component is calculated assuming that the tension
brace transfers a force equal to its yield resistance (N, rs) and the compression brace
transfers a force equal to a percentage of its original buckling strength (N, rs) to take into
account the strength degradation under cyclic loading. The reduced compression strength
is estimated as equal to yp,p/Vp,rs With a value of the factor y,, to be found in the National
Annexes. The value recommended by EN 1998 is 0,30.
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5.5.5 Design criteria and detailing rules for Eccentrically Braced Frames

In eccentrically braced frames (EBFs) at least one end of each brace is connected so as
to isolate a segment of beam called “link”, thus transmitting forces by shear and
bending. Typical configurations for EBFs are depicted in Figure 5.11. The four EBF
arrangements here presented are usually named as split-K-braced frame, D-braced
frame, V-braced and finally inverted-Y-braced frame.

The links are the zones where the inelastic action is restricted differently from the case of
CBFs where the braces are the dissipative members. This implies that the modelling
approximations used for braces in CBFs should not be used for EBFs, because in such
frames diagonal braces are part of non-dissipative zones and should be designed to be
stable under seismic conditions.

FPALPPILPFITES I PEFPFFF AT E PP
Figure 5.11 EBF configurations.
On the basis of the type of plastic mechanism, links are classified into three categories:

o short, which dissipate energy by yielding essentially in shear;
o intermediate, in which the plastic mechanism involves bending and shear;
o long, which dissipate energy by yielding essentially in bending.

The mechanical parameter influencing the plastic mechanism is the link length “e”. It is
related to the ratio between the plastic bending moment (M, .) over the plastic shear
(Vp,iink) of the link cross section, calculated according to EN 1998-1 6.8.2(3) as following:

Mp,/ink = fybtf (d_tf) (5'24)

Vi = (f,/N3) -, - (d-t;) (5.25)

where f, is the value of steel yielding stress, d is the depth of the cross section, tr is the
flange thickness and t,, is the web thickness.

In the cases where equal moments could form simultaneously at both ends of the link
(e.g. the split-K configuration) the link can be classified as follows:

v 5.26
Short links: € <e, =1,6-—2M< ( )
p,link
v 5.27
Long links: €=¢€, = 3 _pilink. ( )
p,link
Intermediate links: €, <e<e, (5.28)
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However, these equations can be generalized to the design cases where only one plastic
hinge would form at one end of the link (e.g. the case of inverted-Y configuration, where
the link end connected to the beam develops the plastic flexural hinge, while the opposite
end connected to the braces is in elastic field) as follows (EN 1998 6.8.2(9)):

iV 5.29

Short links: € <€, =0,8(1+a)-—2 ( )
p.link

YA 5.30

Long links: €>¢€, =1,5-(1+a)-—2" ( )
p,link

Intermediate links: e, <e<eg, (5.31)

where « is the ratio of the smaller bending moments Mg, 4 at one end of the link in the
seismic design situation, to the greater bending moment Mg, s at the end where the
plastic hinge would form, both moments being taken as absolute values.

It is interesting to note that the type of link plastic mechanism is directly related to the
ductility capacity, namely plastic rotation, provided by the link in order to withstand the
seismic ductility demand.

The link rotation is defined as rotation angle 6, between the link and the element outside
of the link. Figure 5.12 clarifies this definition and simple equations are given for
estimating link rotation, which should be consistent with global deformation. As it can be
observed, the shorter is the link length and the greater is the ductility demand.

FARE A A A L L S S S L A I P r S N A A S 7

Figure 5.12 The link rotation angle 6,.

EN 1998-1 6.8.2(10) states that the link rotation should not exceed the following values:

Short links: 6, < 6pr = 0,08 radians (5.32)
Long links: 6p < 6,k = 0,02 radians (5.33)
Intermediate 6, < Bpr = the value determined by (5.34)
links: linear interpolation between

the above values

In order to guarantee the formation of a ductile collapse mechanism, the action effects
on connections, beams and columns, calculated by the elastic model, have to be
amplified according to the philosophy of capacity design implemented by EC8. This aim is
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pursued using the magnification coefficient Q, which is the minimum of the following
values:

o the minimum value of Q; = 1,5V, jink i/ Veq,; among all short links;
o the minimum value of Q; = 1,5M,, ji.ci/Meq; @among all intermediate and long links.

where Vg4 and Mgy, are the design values of the shear force and of the bending moment
in %" link in the seismic design situation, while V} . ; and M, ;. ; are the corresponding
shear and bending plastic design resistances as given by Eqn. (5.24) and (5.25).

Once Q has been calculated, the design check of diagonal and column members of the
frame is based on the following equation (see EN 1998-1 6.8.3(1)):

Np/,Rd(MEd’VEd) 2 NEd,G +1,1- You "2 NEd,E (5.35)

where:

o Np,ra(Medq, Veq) is the design resistance to axial force the column or diagonal
member calculated in accordance with EN 1993:1-1, taking into account the
interaction with the design value of bending moment, Mg, and the shear force,
Veq, in the seismic design situation;

o Nggc is the compression force in the column or diagonal member due to the non-
seismic actions included in the combination of actions for the seismic design
situation;

o Ngge is the compression force in the column or diagonal member due to the design
seismic action;

o 7w is the material overstrength factor.

In any case the axial forces (Ngqe, Negc) induced by seismic and non-seismic actions are
directly provided by the elastic numerical model.

5.6 Design worked example: multi-storey building with
moment resisting frame

This section describes a design example for a six storey moment resisting frame
according to EN1998-1:2005 and the main design criteria for multi-storey steel buildings
in seismic areas. A preliminary description of the structural response and design criteria
of typical MRFs is provided. Subsequently, the analysis of a specific case study structure
and the verification of structural members are shown with some details.

5.6.1 Building description

The case study is a six storey office use building with a square plan, 18,00 m x 18,00 m.
The storey height is equal to 3,50 m with exception of the first floor, which is 4,00 m
high. The lateral force resisting system is placed at the perimeter of the plan of the
buildings. The interior frames are assumed to be gravity frames and their lateral load
resisting capacity is neglected. Two-dimensional frame models are used for the design,
with appropriate selection of the tributary areas for gravity and seismic loads. A
conceptual schematic with the typical building plan and the positioning of the lateral load
resisting system are presented in Figure 5.13 (where the location of MRFs is indicated by
the bold lines), and Figure 5.14.
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The design of the structure is carried out using the provisions of EN 1993 and EN 1998-1.
The material for all frame elements is S355 steel with an over-strength factor y,, = 1,25.
The chosen member sections are standard metric sections which are commercially
available. As required by DCH concept (see Table 5.5), it should be noted that all steel
profiles are class 1 according to EN1993 cross section classification.
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Gravity frame

6m

Seismic resisting frame
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Figure 5.13 Plan and location of MRFs.

6m

6m

6m

N

IPE 500

IPE 500

N

IPE 500

N

IPE 550

IPE 550

IPE 550

IPE 550

IPE 550

IPE 550

IPE 600

IPE 600

IPE 600

21.5m

IPE 600

IPE 600

IPE 600

IPE 600

IPE 600

IPE 600

35m|[35m|35m|35m]|35m

IPE 500

‘/

HE 700M | HE 700M | HE 600M | HE 600M | HE 600M | HE 600M

IPE 500

, HE 700M | HE 700M |HE 600M |HE 600M | HE 600M | HE 600M

IPE 500

HE 600M | HE 600M | HE 550M | HE 550M | HE 500M | HE 500M

| X/ "HEB00M HE 600M HE 550M HE 550M HE 500M HE 500M

(0]

(@]

€
<
ﬁtSm

Figure 5.14 Configuration of the designed MRFs.
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All floors are made of composite slabs with profiled steel sheetings that should be
designed in order to resist the vertical loads and to behave as horizontal rigid
diaphragms able to transmit the seismic actions to the seismic resistant frames. Slabs
are supported by hot rolled “I-shaped” beams belonging to the MRFs placed along the
two main plan directions of the building. Beams belonging to the first slab are simply
pinned at both ends, because this level is assumed to be laterally restrained by the
foundation (see Figure 5.14). The connection between slab and beams is provided by
ductile headed shear studs that are welded directly through the metal deck to the beam
flange. In order to avoid the composite action into the beam-to-column connections
according to EN 1998-1 7.7.5, the slab is considered totally disconnected from the steel
frame in a circular zone around a column of diameter 2b.s, with b.s being the larger of
the effective widths of the beams connected to that column. All beam-to-column
connections are considered as rigid full strength. The column-to-foundation connections
are pinned, being the translational fixity guaranteed by the foundation arrangement
described in Figure 5.14.

5.6.2 Design actions

5.6.2.1 Characteristic values of unit loads

Table 5.6 summarizes the characteristic values of both persistent (Gx) and transient
actions (Qy). The value for the slab weight is inclusive of steel sheeting, infill concrete,
finishing floor elements and partition walls. The vertical actions have been combined
according to Egn. (5.6).

Table 5.6 Characteristic values of vertical persistent and transient actions.

Location Load (kN/m?)
persistent transient
Intermediate Storeys 5,8 3
Roof 5,0 3

5.6.2.2 Masses

Table 5.7 summarizes the masses used for this worked example, which have been
combined according to Egn. (5.7).

Table 5.7 Seismic Masses per Floor.

Location Load (ton)
Intermediate Storeys 110,64
Roof 97,43

5.6.2.3 Seismic action

A reference peak ground acceleration equal to a, = 0,25g (being g the gravity
acceleration), a type C soil and a type 1 spectral shape have been assumed. An
importance factor » equal to 1,0 has been considered in the design example, coherently
with the building functions and associated importance. The spectral parameters in Eqns.
(5.1) and (5.2) are S = 1,15, T, =0,20s, Tc = 0,60 s and T, = 2,00 s. In addition, the
parameter B is the lower bound factor for the horizontal design spectrum, whose value
should be found in National Annex. In this Handbook it was assumed B = 0,2, as
recommended by the code (EN1998-1 3.2.2.5).
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This worked example refers to DCH structures with multiple MRFs, whose behaviour
factor was assigned according to Egn. (5.11) as follows:

[24
g=—4%-9,=1,3-5=6,5 (5.36)
o
where g, is the reference value of the behaviour factor for systems regular in elevation
(see Table 5.4) while e/ is the plastic redistribution parameter (see section 5.5.1).

Figure 5.15 shows both the elastic and the design spectra at ultimate limit state.

Regarding the Serviceability Limit State, drift levels at every storey are limited to 0,75%
of the storey height (implying ductile non-structural elements connected to the frames)
and it was attempted in the first instance to limit the inter-storey drift sensitivity
coefficient 6 (given by Egn. (5.4)) to values smaller than 0,1, thus neglecting the P-A
effects. However, the condition 6 < 0,1 leads to impractical design solutions (i.e.
irrational increase of required steel sections), then in the example it is relaxed to
0,1 < 6 < 0,2, with appropriate magnification of the seismic action effects by the factor
1/(1-6), as given by Eqgn. (5.5).
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Figure 5.15 Elastic vs. design spectra for MRFs.

5.6.3 Calculation model and structural analysis

The model of the building must represent the distribution of stiffness and mass so that all
significant deformation shapes and inertia forces are properly accounted for under
seismic actions (EN 1998-1 4.3.1).

In this example a calculation 2D planar model has been used. This approach is allowed
by the code (at clause 4.3.1(5)), since the examined building satisfies the conditions
given by EN 1998-1 4.2.3.2 and 4.3.3.1(8), briefly described in Sec. 5.4.3 of this
Chapter.

In the calculation model columns are considered continuous through each floor beam. All
connections of the members belonging to the MRF have been considered full strength and
full rigid and the flexibility of the panel zone has not been taken into account.

Masses have been considered as lumped into a selected master joint at each floor,
because the floor diaphragms may be taken as rigid in their planes. This assumption
implies that numerical model gives axial forces in beams equal to zero. Such a
simplification can be considered acceptable for MRF structures.
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Since the structure is characterized by full symmetry of in-plan distribution of stiffness
and masses, in order to ensure a minimum of torsional strength and stiffness and to limit
the consequences of unpredicted torsional response, EN 1998-1 introduces accidental
torsional effects. The latter have to conventionally take into account the possible
uncertainties in the stiffness and mass distributions and/or a possible torsional
component of the ground motion about a vertical axis. As previously described in section
5.4.2, the effects of the accidental eccentricity can be estimated through the simplified
approach using the ¢ factor to magnify the seismic forces calculated by the elastic model,
which is the approach adopted in this example. Thus, the relevant & factor for the
examined case study is obtained as follows:

0,5L,

5=1+1,2L1=1+1,2

e e

The effects of actions included in the seismic design situation have been determined by
means of a linear-elastic modal response spectrum analysis (EN 1998-1 4.3.3.1(2)),
using the design spectrum depicted in Figure 5.15. According to EN 1998-1 4.3.3.3.1(3)
it is required to take into account a number of vibration modes that satisfy either of the
following conditions:

o the sum of the effective modal masses for the modes taken into account amounts
to at least 90% of the total mass of the structure;

o all modes with effective modal masses greater than 5% of the total mass are
taken into account.

In the present example, the first and second modes have been considered because they
satisfy the first criterion. The fundamental modes of vibration, the relevant natural
periods T; and participating mass ratios M; are shown in Figure 5.16. Since the first and
second vibration modes in both X and Y direction may be considered as independent
(being T, < 0,97;, EN 1998-1, 4.3.3.3.2) the SRSS (Square Root of the Sum of the
Squares) method is used to combine the modal maxima.

fg %
Lk
.

| |
T, =1,02s; M;= 0,823 T, = 0,332s; M,=0,115

Figure 5.16 Fundamental dynamic properties of the calculation model.

For clarity sake, the diagrams of internal forces (i.e. bending moments, shear and axial
forces) for the vertical loads under seismic condition and those for the design response
spectrum analysis are reported in Figure 5.17.
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Figure 5.17 Calculated internal forces for MRFs: a) bending moments; b) shear

forces); c) axial forces.
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5.6.4 Frame stability and second order effects

P-A effects were specified through the inter-storey drift sensitivity coefficient 6 given by
Egn. (5.4), and summarized in Table 5.8. As it can be observed the coefficient 6 ranges
within 0,1+0,2. Hence, to take into account second order effects the seismic effects were
magnified through the maximum multiplier « (indicated in bold in the Table 5.8), which
are calculated at each storey having 8 > 0,1 according to Eqn. (5.5).

Table 5.8 Stability coefficients per floor in MRFs.

P V, h d g - Pt R
Storey tot tot r - |/t°t .h (1 _ e)
(kN)  (kN) (mm) (mm) () ()

VI 955,35 105,48 3500 24 0,07 1,07
\ 2040,32 191,36 3500 34 0,11 1,12
v 3125,29 257,39 3500 43 0,16 1,19
III 4210,27 309,83 3500 46 0,19 1,23
II 5295,24 350,14 3500 47 0,20 1,25
I 6380,21 375,06 4000 42 0,18 1,21

5.6.5 Design and verification of beams

All beams have been assumed as restrained against lateral-torsional buckling. Apart from
the ultimate limit state verification under vertical loads, which is dealt with in the
relevant Chapter about EN 1993:1-1, the bending and shear strengths are checked under
the seismic load combination.

All beams are compliant to the requirements given by Eqgn. (5.13),(5.14) and (5.15).
With reference to the beam end sections, Table 5.9 reports the verification of bending
strength and the relevant the overstrength factors Q; for beams belonging to external
and internal bays (see Figure 5.13). Indeed, thanks to the symmetry, the seismic effects
on the remaining bays are simply mirrored.

As it can be noted the minimum overstrength ratio Qi is equal to 2,76 (highlighted in
bold in Table 5.9). Analysing the values reported in Table 5.9 it can be observed high
values of beam overstrength. It is important to highlight that the use of oversize sections
derived from the need to provide sufficient stiffness for drift control.

Table 5.10 summarizes the shear strength verifications for the same beams, where the
shear force due to seismic action Vg4 e has been calculated according to Egn. (5.16). As it
can be observed the requirement expressed by Eqn. (5.15) is satisfied for all beams.
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Table 5.9 Flexural checks for beams of MRFs.

Left end Right end
Storey | Meqc  Meae Meq a Mege  Mege Mgy e
(kNm) (kNm) (kNm) ' |(kNm) (kNm) (kNm) ' e
vi |81,11 71,73 171,02 4,55 | 77,59 68,77 163,79 4,76
§ vV |92,22 137,97 265,16 3,73 | 71,17 134,26 239,46 4,13
—| Iv |89,67 186,06 322,89 3,06 | 73,03 179,69 298,27 3,32
£ | I |90,03 270,54 429,15 2,91 | 72,86 256,77 394,71 3,16
X| I |86,98 291,04 451,79 2,76 | 76,27 281,07 428,59 2,91
I |81,46 279,92 432,33 2,88 | 80,82 272,00 421,77 2,96
VI [82,79 75,25 177,11 4,40 | 82,79 75,25 177,11 4,40 2,76
§ V  [82,96 143,66 263,04 3,76 | 82,96 143,66 263,04 3,76
% IV |83,10 186,50 316,87 3,12 | 83,10 186,50 316,87 3,12
£| mI |83,34 260,32 409,65 3,04 | 83,34 260,32 409,65 3,04
S| II |83,64 28504 440,93 2,83 | 83,64 285,04 440,93 2,83
I |83,88 273,09 426,19 2,93 | 83,88 273,09 426,19 2,93
Table 5.10 Shear checks for beams of MRFs.
Left end Right end
Storey | Vp,rd  Ved6  VEdre Vea  Vey | Veae  Vear VEea Ve,
(kN) (kN) (kN) (kN) Voira | (KN) (KN) (kKN) Voira
VI |1236,97|83,66 259,62 343,28 0,28 | 82,49 259,62 342,11 0,28
§ V  |1474,17|87,00 329,80 416,80 0,28 | 79,99 329,80 409,79 0,28
% IV |1474,17|86,27 329,80 416,07 0,28 | 80,27 329,80 410,07 0,28
£| I |1717,56|86,86 415,59 502,45 0,29 | 81,14 415,59 496,73 0,29
X| 1 |1717,56|85,79 415,59 501,38 0,29 | 82,22 415,59 497,81 0,29
I 1717,56 | 84,11 415,59 499,70 0,29 | 83,90 415,59 499,49 0,29
VI |1236,97|83,07 259,62 342,69 0,28 | 83,07 259,62 342,69 0,28
§ V  |1474,17(83,49 329,80 413,29 0,28 | 83,49 329,80 413,29 0,28
% IV |1474,17|83,49 329,80 413,29 0,28 | 83,49 329,80 413,29 0,28
£| 1 [1717,56|84,00 41559 499,59 0,29 | 84,00 415,59 499,59 0,29
S| 1 |1717,56|84,00 415,59 499,59 0,29 | 84,00 415,59 499,59 0,29
I 1717,56 | 84,00 415,59 499,59 0,29 | 84,00 415,59 499,59 0,29

For clarity sake, based on the values from Table 5.9 and Table 5.10, the seismic
demands on left end of the beam in the external bay at the first storey are obtained as
follows:

Meg = Myy g + @ - Mgy = 81,46 KNm +1,25-279,92 kNm = 432,33 kNm (5.38)
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=V

Ed,G

V., =V, o +V,

Ed,G Ed,M
b

‘ [ZMLMJ ~84,11KkN + (%jkw = 499,70kN  (5.39)
where Mg, ¢ and Mg, e are the bending moment given by numerical model for gravity (i.e.
due to G, + 0,3Q«) and seismic loads, respectively; a is the stability coefficient, reported
in Table 5.8; Vg4 is the shear force given by numerical model for gravity loads in seismic
conditions, while Vg, n is the shear force due to the hierarchy criterion corresponding to
plastic hinges formed at both beam ends (see Egn. (5.16)).

5.6.6 Design and verification of columns

The columns were verified on the basis of criteria described in section5.5.3. The global
hierarchy criterion was applied according to Eqn. (5.18),(5.19) and (5.20). To this end,
accounting also for the second order effects, the seismic elastic forces obtained by the
numerical model have to be amplified by 1,17,,2.

Table 5.11 and Table 5.12 summarize the strength verifications for columns belonging to
the external column (see Figure 5.14) of the MRF.

Stability verifications of column in bending and axial compression have to be carried out
according to EN 1993:1-1 6.3.3(4). Since the rules for the calculation of connection
strength are given by Eurocode 3, the reader is referred to the relevant Eurocode for
calculation examples of stability checks.

Table 5.11 Flexural checks for columns of MRFs.

Meye  Meg e Mgy Negc Neqe Neq My, ra M,
(kNm) (kNm) (kNm) (kN) (kN) (kN) (kNm) MN,Rd
VI |81,11 71,73 422,27 83,66 23,44 195,15 2518,37 0,17
\Y 38,65 127,74 646,23 179,94 68,80 507,17 2518,37 0,26
v 48,74 141,73 722,83 275,47 129,09 889,44 2816,22 0,26
II1 43,67 170,32 853,75 371,87 215,04 1394,65 2816,22 0,30
II 45,75 152,53 771,21 467,20 307,47 1929,61 3114,06 0,25
I 32,64 111,57 563,28 561,11 396,41 2446,52 3021,14 0,19
VI 53,57 25,49 129,34 92,93 23,44 204,42 2518,37 0,05
\ 40,93 62,06 225,42 189,20 68,80 516,43 2518,37 0,09
v 46,35 116,32 392,13 285,01 129,09 898,98 2816,22 0,14
111 41,23 150,48 488,55 381,41 215,04 1404,19 2816,22 0,17
1 |48,81 174,22 566,72 477,00 307,47 1939,41 3114,06 0,18
I 7,89 356,06 1066,34 572,32 396,41 2457,73 3017,91 0,35

Storey

Top end of column

Bottom end of
column
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Table 5.12 Shear checks for columns of MRFs.

Vea,c6  Veare VEeq Voi,rd Vea
(kNm) (kNm) (kNm) (kN) Ve
VI [38,48 25,33 158,95 2654,22 0,06
V  |22,74 51,74 268,85 2654,22 0,10
IV |27,17 71,52 367,36 2861,23 0,13
III |24,26 89,94 452,06 2861,23 0,16
II |27,02 92,13 465,20 3068,24 0,15
I 10,13 118,51 573,80 3068,24 0,19

Storey

More in detail, on the basis on the values from Table 5.11 and Table 5.12, the seismic
demands on the top end of the column at first storey in the external column are
computed as follows:

Mey=Mggo+ta-1,1-y,, -Q-Mg, = (5.40)
=32,64k Nm + (1,25~1,1-1,25-2,76)-111,57 kNm = 563,28 kNm

Neg=Nggg+a-1,1-y,-Q-Ng,p = (5.41)
=561,11 kN+(1,25-1,1-1,25-2,76)~396,41 kN =2446,52 kN

Veg =V ta- 1,17, - Q- Ve = (5.42)
:10,13kN+(1,25~1,1~1,25~2,76)~118,51 kN=573,80 kN

As it can be observed the seismic effects are maghnified by
a-1,1-y,-Q-M.,,=125-1,1-1,25-2,7=4,74 that considerably increases the design

forces.

Notwithstanding so large design forces, it is worth noting that the need to satisfy drift
limits required to adopt constant column cross sections along the building height and this
explains the so large factors reported in Table 5.11 and Table 5.12.

In addition to the member checks, EN 1998-1 4.4.2.3(4) also requires the local hierarchy
criterion at every joint, early described by Eqn. (5.21) in section 5.5.3. Table 5.13
summarizes this check for external and inner joints. In addition, for clarity sake, this
check is performed in detail for an internal joint located at the first floor of the examined
MRF, as follows:

> Mg =2-M, =2-3741,7 kNm = 7483,4 kNm (5.43)
> Mg, =2- My, =2-1246,76 kNm = 2493,52 kNm

M:3,0>1,3

> My
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Table 5.13 Local hierarchy criterion for external and inner columns of MRFs.

External joints Inner joints

Mg Mgy, M Mgrc Mgy, eft side Mg, riant side Y, Mg,
Rc ~ ag

storeyY | (kNm) (kN) M., | (kNm) (kNm) (kNm) =Mro

VI 2518,37 778,87 3,23 |3114,06 778,87 778,87 2,00
\ 2518,37 989,39 5,09 |[3114,06 989,39 989,39 3,15
v 2816,22 989,39 5,39 |3114,06 989,39 989,39 3,15
III 2816,22 1246,76 4,52 [3114,06 1246,76 1246,76 2,50
IT 3114,06 1246,76 4,76 |3741,70 1246,76 1246,76 2,75
I 3114,06 1246,76 5,00 |3741,70 1246,76 1246,76 3,00

5.6.7 Damage limitation check for MRFs

The damage limitation requirement is satisfied. Indeed, the interstorey drifts calculated
according to Egn. (5.9) are smaller than 0,75% the interstorey height h. The
displacement reduction factor v was assumed equal to the recommended value that is
v = 0,5 (being the structure calculated in the numerical example belonging to class II).
The displacements ds induced by the seismic actions for this limit state are obtained by
means Eqgn. (5.10) in accordance to EN 1998-1 4.3.4.

Table 5.14 summarizes this check, showing the lateral storey displacements subjected to
the seismic load combination. The maximum interstorey drift ratio is equal to 0,67%,
occurring between the second and the third floor.

Table 5.14 Interstorey drift ratios at Damage Limitation State for MRFs.

Storey h d. d:=d. % q d, v%
(mm) (mm) (mm) (mm) (-)
VI |3500 36,16 235,04 24 0,34%
V  |3500 32,48 211,12 34 0,49%
IV | 3500 27,2 176,80 43 0,61%
III |3500 20,64 134,16 46 0,65%
II | 3500 13,6 88,40 47 0,67%
I 4000 6,4 41,60 42 0,52%
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5.7 Designh worked example: multi-storey building with
concentric braced frame

This section describes a design example for a six storey concentric braced frame
according to EN1998-1:2005. As the example on MRF previously described and
discussed, a preliminary description of the structural response and design criteria of
typical CBFs is provided. Subsequently, the analysis of a specific case study structure and
the verification of structural members are shown with some details.

5.7.1 Building description

The building layout is the same adopted in the previous case and described in section
5.6.1. As for MRFs, the lateral force resisting system is placed at the perimeter of the
plan of the buildings. The interior frames are assumed to be gravity frames and their
lateral load resisting capacity is neglected. Two-dimensional frame models are used for
the design, with appropriate selection of the tributary areas for gravity and seismic loads.
A conceptual schematic with the typical building plan and the positioning of the lateral
load resisting system are presented in Figure 5.18 (where the location of CBFs is
indicated by the bold lines), and Figure 5.19.

The design of the structure is carried out using the provisions of EN 1993 and EN 1998-1.
The material for all frame elements is S355 steel with an over-strength factor y,, = 1,25.
The chosen member sections are standard metric sections which are commercially
available. As required by DCH concept (see Table 5.5), it should be noted that all steel
profiles are class 1 according to EN1993 cross section classification.

- CBF
Gravity frames

£
© /

— ~ CBF
£
©

- tributary area for

‘masses

& tributary area for
©0 ~ gravity loads

CBF
6m ; 6m 6 m

Figure 5.18 Plan and location of CBFs.
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Figure 5.19 Configuration of the designed CBFs.

All floors are made of composite slabs with profiled steel sheetings that should be
designed in order to resist the vertical loads and to behave as horizontal rigid
diaphragms able to transmit the seismic actions to the seismic resistant frames. Slabs
are supported by hot rolled “I-shaped” beams belonging to the CBFs placed along the two
main plan directions of the building. The connection between slab and beams is provided
by ductile headed shear studs that are welded directly through the metal deck to the
beam flange. The beams are assumed as simply pinned at both ends (see Figure 5.19).
The bracings are considered pinned at both ends, but rigidly connected together at
mid-length. The column-to-foundation connections are pinned.

5.7.2 Design actions

5.7.2.1 Characteristic values of unit loads

The characteristic values of both persistent (Gx) and transient actions (Qx) are the same
considered for the example on MRFs, which are reported in Table 5.6 (see section
5.6.2.1). These vertical actions have been combined according to Egn. (5.6).

5.7.2.2 Masses

Consistently with the gravity loads, the masses of CBFs are the same of the previous
worked example (see Table 5.7). These masses have been combined according to Eqn.
(5.7).

328



Seismic design of steel structures according to EN 1998-1
R. Landolfo

5.7.2.3 Seismic action

The elastic acceleration response spectrum used for this example is the same considered
for MRF (see section 5.6.2.3). The behaviour factor g considered for this example is equal
to 4, consistently with DCH concept (see Table 5.4).

Figure 5.20 shows both the elastic and the design spectra at ultimate limit state.

Regarding the Serviceability Limit State, drift levels at every storey are limited to 0,75%
of the storey height (implying ductile non-structural elements connected to the frames).

8

7 / \ —Elastic spectrum
= 6 / \ — Design spectrum X-CBFs
W
£ S /
v 4 \\

T~
\
2 e \""\--..__
8 ~ -_---_--'-"————-
1 TS D lewerbound =028,
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T(s)

Figure 5.20 Elastic vs. design spectra for CBFs.

5.7.3 Calculation model and structural analysis

2D planar model has been used as in the previous example. However, differently from
MRFs, in case of X-CBFs it should be necessary to do two different models for each planar
frame, namely one with the braces tilted in one direction and another with the braces
tilted in the opposite direction (see Figure 5.10), in order to make tension alternatively
developing in all the braces at any storey. In the proposed example, the structure is
perfectly symmetric. This implies that the internal forces due to seismic actions and
calculated with the bracings tilted in one direction are mirrored as respect to the axis of
symmetry in the model with the bracings tilted in the opposite direction, thus allowing
using a single model to account for both directions of seismic action.

The general modelling assumptions are the following: i) only the bracing diagonal in
tension is modelled; ii) the columns are considered continuous through each floor beam;
iii) all connections of the beams and bracings are assumed pinned; iv) masses have been
considered as lumped into a selected master joint at each floor, because the floor
diaphragms may be taken as rigid in their planes. This assumption implies that numerical
model gives axial forces in beams equal to zero. Therefore, axial forces in beams could
be obtained by means of hand calculation on the basis of free body force distribution
shown in Figure 5.21.

The torsional effects due to accidental eccentricity are accounted for through the ¢ factor
given by Eqgn. (5.37), which is used to magnify the seismic forces calculated by the
elastic model.
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The effects of actions included in the seismic design situation have been determined by
means of lateral force method (EN 1998-1 4.3.3.2), using the design spectrum depicted
in Figure 5.20. According to EN 1998-1 4.3.3.2.2, the design base shear force can be
calculated as F, =S, (Tl)-m-/l, where S,4(T;) is the ordinate of the design spectrum at

period Ty; T, is the fundamental period of vibration of the building; m is the total mass of
the building above the foundation; A is the correction factor, the value of which is equal
to 0,85 if T; < 2 T¢ (being TC the corner period of the spectrum, as shown in Figure 5.2)
and the building has more than two storeys.

Since a linear static analysis has been carried out, the fundamental period of vibration
period T; has been estimated by means of the following equation:

T,=C,-H" (5.44)

where:

o C:is 0,05;
o H is the height of the building, expressed in meters, from the foundation or from
the top of a rigid basement.

The distribution of the horizontal seismic forces has been calculated according to
EN 1998-1 4.3.3.2.3(3), as following:

Z, -,

F=F <200
VY zm (5.45)

!

where z;, z; are the heights of the masses m; and m; above the level of application of the
seismic action (foundation or top of a rigid basement).

The diagrams of internal forces (i.e. bending moments, shear and axial forces) for both
gravity loads and seismic forces calculated for one model with the bracing tilted in a
single direction are reported in Figure 5.22. The bending moment and shear forces due to
seismic forces are obtained for columns only due to their flexural continuity. However, as
it can be noted their values are negligible as respect to those calculated for gravity loads.
This result is consistent with the modelling assumptions and the lattice structural
scheme. In addition, as previously explained, the axial forces in the beams are equal to
zero because of the internal diaphragm constraint.
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1.17\QNsq,i+1

gl 1 —> /
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1.176,Q Ny, oy cos8, ., | | |
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Figure 5.21 Calculation of axial force in the beam of the braced span.
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Figure 5.22 Calculated internal forces for CBFs: a) bending moments; b) shear
forces); c) axial forces.
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5.7.4 Frame stability and second order effects
P-A effects were specified through the inter-storey drift sensitivity coefficient 6 given by

Egn. (5.4), and summarized in Table 5.15. As it can be observed the coefficient 6 is
smaller than 0,1. Hence, second order effects can be disregarded.

Table 5.15 Stability coefficients per floor in X-CBFs.

Ptot 'dr — 1
Storey | ot Veor h d: 0= V,, h “Ta- 0)
(kN) (kN) (mm) (mm) () )

VI 955,35 242,13 3500 1,76 0,002 1,002
\Y 2040,32 473,19 3500 1,6 0,002 1,002
v 3125,29 659,32 3500 1,6 0,002 1,002
ITI 4210,27 800,53 3500 1,28 0,002 1,002
IT 5295,24 896,80 3500 1,28 0,002 1,002
I 6380,21 948,15 4000 1,44 0,002 1,002

5.7.5 Design and verification of diagonal members for X-CBFs

Circular hollow sections and S 355 steel grade are used for bracings. The brace cross
sections are class 1, as defined by EN 1993:1-1 5.6 (d/t < 50&?, where d is the cross

section diameter, t the relevant thickness and ¢ is equal to4/235/fy). Table 5.16

summarizes the adopted cross sections and the calculated d/t ratios, showing that the
latter are always smaller than the class 1 limiting value (50€2).

The circular hollow sections are suitable to satisfy both the slenderness limits
(1,3 < 1 < 2,0) and the requirement of minimizing the variation among the diagonals of
the overstrength ratio Q, =N, ., /N, , which may vary within the range Q to 1,25Q (as

defined in section 5.5.4). In particular, the second requisite dominates the design
choices. The selected brace cross sections, the relevant brace slenderness (1 and 1),
axial plastic strength (N, rq4), axial force due to the seismic load combination (Ng,), the
overstrength factors Q; and their percentage variation along the building height
(2 -Q)/Q) are given in Table 5.17. The minimum overstrength ratio Q is equal to 1,05
(highlighted in bold in Table 5.17). Hence, according to the capacity design criteria
described in section 5.5.4, the seismic elastic forces obtained by the numerical model
have to be amplified by 1,1 »,Q = 1,1x1,25x1,05 = 1,44.

Table 5.16 X-braces cross section properties.

Storey Brace crdo)s(stsection d ¢ d/t .50
(mm x mm) (mm) (mm) - -
VI 100x5 100 5 20,00 33,10
\Y 114x8 114 8 14,25 33,10
v 125x10 125 10 12,50 33,10
III 125x12,5 125 12,5 10,00 33,10
11 139,7x12,5 139,7 12,5 11,18 33,10
I 152x12,5 152 12,5 12,16 33,10
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Table 5.17 X-braces design checks.

Storey Brace crdo)s:stsection ) 7 Ny ra Neg o ((9’_ - Q) /9)
(mm x mm) - - (kN) (kN) - -
VI 100x5 146,03 1,91 529,75 448,50 1,18 0,12
Vv 114x8 130,69 1,71 945,75 876,50 1,08 0,03
v 125x10 120,35 1,58 1282,56 1221,28 1,05 0,00
III 125x12,5 122,73 1,61 1568,34 1482,84 1,06 0,01
I1 139,7x12,5 108,69 1,42 1773,27 1661,17 1,07 0,02
I 152x12,5 102,97 1,35 1944,74 1823,26 1,07 0,02

5.7.6 Design and verification of beams

All beams have been assumed as restrained against lateral-torsional buckling. Apart from
the ultimate limit state verification under vertical loads, which is dealt with in the
relevant Chapter about EN 1993:1-1, the axial, bending and shear strengths are checked
under the seismic load combination in order to satisfy the requirement given by
Egn. (5.23). With reference to the end section of the beam directly connected to the
brace in tension, Table 5.18 reports the beam axial strength checks performed according
to EN 1993:1-1 6.2.4 under the seismic load combination calculated as shown in Figure
5.21.

In addition, Table 5.19 reports the beam combined bending-axial strength checks
according to EN 1993:1-1 6.2.9, performed at the beam mid-span, where the largest
bending moment is acting. In particular, My rq is the plastic moment resistance reduced
due to the beam axial force Ng,.

Table 5.18 Axial strength checks at the beam end section of X-CBFs.

] Neqg =
Storey | Beam section Ngy  Nege  Nege Negot1, 170, @Neg Nra/Neq
- (kN) (kN) (kN) (kN) -
VI IPE 300 1910,26 0 387,86 448,05 4,26
\ IPE 300 1910,26 0 755,00 872,17 2,53
v IPE 300 1910,26 0 1052,14 1215,42 1,82
II1 IPE 300 1910,26 0 1277,72 1476,00 1,50
11 IPE 300 1910,26 0 1422,07 1642,76 1,34
I IPE 360 2580,85 0 1594,27 1841,69 1,62
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Table 5.19 Combined bending-axial strength checks at mid-length of beams in

X-CBFs.
Storey szﬁf.ig‘n ed,6 Nede Nsa,a+l:-’,E:};,9Nsd,s Med  Meae MEd,G+:-4rE]-dYo_\lﬂMEd,E My, ra/ Meq
- (kN) (kN) (kN) (kNm) (kNm)  (kNm) -
VI |IPE300 0O 193,93 224,02 106,20 O 106,20 2,10
V IPE300 O 571,43 660,11 120,60 O 120,60 1,52
IV |IPE300 0 903,57 1043,79 120,60 O 120,60 1,05
IIT |IPE300 O 1164,93 1345,71 120,60 0 120,60 1,49
II |[IPE300 0 1349,89 1559,38 120,60 O 120,60 1,49
I IPE360 0 1482,05 1712,05 120,60 O 120,60 1,27

Table 5.20 summarizes the shear strength verifications for the same beams, where it can
be noted that the shear force due to seismic action Vg4 is equal to zero due to the truss
behaviour of the braced structure. As it can be observed this check is fully satisfied for all
beams.

Table 5.20 Shear checks for beams of X-CBFs.

Storey VoLra  Veac  VEeae Veq Vea
(kN) (kN) (kN) (kN) Vi ra

VI 526,33 34,54 0 34,54 15,24

Vv 526,33 47,50 0 47,50 11,08
v 526,33 47,50 0 47,50 11,08
ITI 631,53 47,50 0 47,50 13,29

II 720,19 47,50 0 47,50 15,16

I 720,19 47,50 0 47,50 15,16

5.7.7 Design and verification of columns of X-CBFs

The columns were verified on the basis of criteria described in section 5.5.4. The global
hierarchy criterion was applied according to Eqn. (5.23). To this end, the seismic elastic
forces obtained by the numerical model have to be amplified by 1,15,Q=1,44.

As shown in Figure 5.22 the bending and shear forces due to both gravity and seismic
actions are negligible. Therefore, the strength check is shown for axial forces only.

Table 5.21 summarizes the strength verifications for columns at right of the braced bay
(see Figure 5.22), which have been carried out according to EN 1993:1-1 6.3.3(4).
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Table 5.21 Axial checks for columns of X-CBFs.

Storey Column NEeg,c NEea e Nea Npird Np,rd M
section (kN) (kN) (kN) (kN) (kN) N,

VI HE 220 B 160,80 226,67 413,87 3230,50 2098,85 5,07

V HE 220 B 321,45 666,74 1065,83 3230,50 2098,85 1,97

v HE 260 B 482,42 1280,11 1911,61 4203,20 3055,13 1,60
III HE 260 B 642,81  2025,23 2903,89 4203,20 3055,13 1,05
II HE 300 M 804,84 2854,42 3991,67 10760,05 8622,55 2,16
I HE 300 M 964,06 4004,94 5435,40 10760,05 8097,03 1,49

5.7.8 Damage limitation check for X-CBFs

The damage limitation requirement is satisfied. Indeed, the interstorey drifts (calculated
according to Egn. (5.9) are smaller than 0,75% the interstorey height h. The
displacement reduction factor v was assumed equal to the recommended value that is
v = 0,5 (being the structure calculated in the numerical example belonging to class II).
The displacements ds induced by the seismic actions for this limit state are obtained by
means Eqgn. (5.10) in accordance to EN 1998-1 4.3.4.

Table 5.22 summarizes this check, showing the lateral storey displacements subjected to
the seismic load combination. The maximum interstorey drift ratio is equal to 0,1%,
occurring between the fifth and the sixth floor. As it can be noted by comparing the
results in Table 5.22 with those reported in Table 5.14, CBFs are significantly stiffer than
MRFs.

Table 5.22 Interstorey drift ratios at Damage Limitation State for X-CBFs.

storey | d. d,=d.xq d, v%
(mm) (mm) (mm) (mm) ()
VI | 3500 8,96 35,84 7,04 0.1%
Vv 3500 7,2 28,8 6,4 0.09%
IV | 3500 5,6 22,4 6,4 0.09%
III | 3500 4 16 5,12 0.07%
II | 3500 2,72 10,88 5,12 0.07%
I 4000 1,44 5,76 5,76 0.07%
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6 Resistance of members and connections to fire

6.1 Introduction

This chapter deals with the basic principles of fire design of steel members and
connections as they are defined in Part 1-2 of Eurocode 1 (actions on structures exposed
to fire) and in Part 1-2 of Eurocode 3 (structural fire design). The focus will be on the fire
resistance of individual members.

According the Eurocode 1 there are several ways to define the temperature to be
considered for fire design, from nominal temperature-time curves to the natural fire
models. An example of a nominal temperature-time curve is the standard fire curve
ISO 834 defined by Egn. (6.1) and represented in Figure 6.1.

6, = 20 +345l0g,,(8t +1) (6.1)

where ¢, is the gas temperature in °C and t is the time in minutes.

1200
1000 —
800 '/
°C 600 /
400
200
0
0 20 40 60 80 100 120
minutes

Figure 6.1 Standard fire curve

For the standard fire exposure, members shall comply with criteria R, E and I as follows
(see Figure 6.2):

o separating only: integrity (criterion E) and, when requested, insulation
(criterion I);

o load bearing only: mechanical resistance (criterion R);
o separating and load bearing: criteria R, E and, when requested, I.

Criterion R is assumed to be satisfied if the load bearing function is maintained during the
required time of fire exposure. This criterion is defined in the national regulations for fire
safety of buildings as a function of the type of building, the occupancy and its height,
among other risk factors and should be identified by the letter R followed by a number
representing the required fire resistance period, tsrequ. FOr example, R60 means that this
criterion is assumed to be satisfied where the load bearing function is maintained for 60
minutes of standard fire exposure (tf.qu = 60 minutes in this case).
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Figure 6.2 Fire resistance criteria

Eurocode 3 states that for verifying standard fire resistance requirements, a member
analysis is sufficient. However, a member analysis can also be made for structures
subject to other types of fires, such as natural fires. For the case of parametric fire
exposure (a simple model to represent natural fires) it is stated that the load-bearing
function is ensured if collapse is prevented during the complete duration of the fire
including the decay phase or during a required period of time.

According to EN 1991-1-2, the mechanical analysis shall be performed for the same
duration as used in the temperature analysis and the verification of fire resistance shall
be made in one of the following three domains:

1. In the time domain (see 1 in Figure 6.3)

(A S (6.2)
2. In the strength domain (see 2 in Figure 6.3)

Eior <R, at time t; . (6.3)
3. In the temperature domain (see 3 Figure 6.3)

0,<86,, at time t; .., (6.4)

where:
is the design value of the fire resistance, i.e., the failure time;

is the required fire resistance time;

fi,requ

E, .. s the design value of the relevant effects of actions in the fire situation at
time t, which is normally considered constant during the fire, £, ,;

R; .. s the design value of the resistance of the member in the fire situation at
time t;
o, is the design value of steel temperature;

is the design value of the critical temperature, i.e., the collapse

cr,d

temperature of the structural steel member.
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In Figure 6.3 (Franssen and Vila Real, 2010) these three possible domains are
represented for the case of a steel member subjected to a nominal fire. This figure shows
the temperature of the structural steel member, ¢,, assuming a uniform temperature

throughout the cross section, the design value of the effect of actions in the fire situation,

E, ., which is considered as constant, the progressive loss of strength, R;,, and the

critical temperature of the member, 4, ,.

R.E
Ry ay
2 I Efig
| : o
AE—
g
: tﬁ requ : tﬁ,d
p2] N : :
| | 22
3 : ecr,d
/31/

Figure 6.3 Time (1), load (2), and temperature (3) domains for a nominal fire

Three different assessment models can be used to determine the fire resistance of a
structure or a single element. Each of these models is described below and increase in
complexity:

o Tabulated data obtained from tests in standard furnaces, empirical methods or
numerical calculations. Tabulated data are widely used for concrete and composite
steel and concrete structures in Eurocodes 2 and 4, respectively. However, no
tabulated data are presented in Eurocode 3;

o Simple calculation models making use of simple analytical formulae for isolated
members. This approach is presented in Section 6.4.3;

o Advanced calculation models, which can be used in the following ways:

a) global structural analysis. When a global structural analysis for the fire
situation is carried out, the relevant failure mode, the temperature-dependent
material properties and member stiffness, the effects of thermal expansions
and deformations (indirect fire actions) shall be taken into account;

b) analysis of part of the structure, for example a portal frame or any other
substructure. The boundary conditions at supports and at the ends of members
may be assumed to remain unchanged throughout the fire exposure;
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c) member analysis, for example beams or columns, where only the effects of
thermal deformations resulting from thermal gradients across the cross section
need to be considered. The effects of axial or in-plane thermal expansions may
be neglected. The boundary conditions at supports and at the ends of member
may be assumed to remain unchanged throughout the fire exposure.

Tabulated data and simple calculation models normally apply only to member analyses.
Figure 6.4 shows a member that has been extracted from a 2D frame to be checked for
fire resistance using member analysis.

Nsi eq

I

c) Figure 6.4 A member extracted from the 2D frame

6.2 Thermal and mechanical actions

6.2.1 Thermal actions

Thermal actions are defined in Part 1-2 of Eurocode 1 in terms of a net heat flux to the
surface of the member, A, , (W/m?). On the fire exposed surfaces the net heat flux

h,.., should be determined by considering heat transfer by convection (hnem) and
radiation (h,,,, ) as:

Pt = Pae + Poe, (W /M7) (6.5)
where:

Ppre = (0,-6,) (W/m?) (6.6)
and

Ppe, =@ - &, & -0 [(0, +273)" - (0, +273)'] (W /m’) (6.7)

a. is the coefficient of heat transfer by convection defined in EN 1991-1-2
(W/m?K);

0, is the gas temperature in the vicinity of the fire exposed member (°C);
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6, is the surface temperature of the member (°C);
o is the Stephan Boltzmann constant (= 5,67 x 10°® (W/m?K*));
@ is the configuration factor, which should be taken as ® = 1,0;

&n is the surface emissivity of the member, which should take the value 0,7 for
carbon steel and 0,4 for stainless steel (EN 1993-1-2);

& is the emissivity of the fire, taken in general as ¢ =1,0;

6. is the effective radiation temperature of the fire environment (°C), in general
6 = 6,

The use of the nominal temperature-time curves or, as an alternative, the use of the
natural fire models to define 6,, is a choice of the designer in accordance with the
authorities and may be specified in the national annex of EN 1991-1-2.

6.2.2 Mechanical actions

According to EN 1991-1-2, for obtaining the relevant effects of actions Es 4+ during fire
exposure, the mechanical actions shall be combined in accordance with EN 1990 “Basis of
structural design” for accidental design situations as given in Eqn. (6.8).

k,j + 11 2,1 k,1 2,i k,i d .
Y G (Vi 0r Y, ) Qs + D W, QA (6.8)

j>1 i1

The representative value of the variable action Q; may be considered as the
guasi-permanent value y» ; Qi, or as an alternative the frequent value y1,; Q;. The use of
one or another may be specified in the national annex. EN 1991-1-2 recommends the use
of y»1 Qi, but some countries have adopted y1,; Q; to avoid the absence of horizontal
forces due to the wind (y»,; = 0, when the wind is the leading action, according to Annex
Al of the EN 1990), leading to the danger situation of having unprotected bracing
systems as shown in Figure 6.5, where G is the permanent load, Q is the live load and W
is the wind. Recommended values of y factors for buildings can be found in the Annex Al
of EN 1990. In Egn. (6.8) Ay should represent the design value of the indirect thermal
action due to fire, like for example, the ones due to restraining thermal elongation.

0.2W

gy 1.0G + 0.3Q 1 1.0G+0.3Q
4 1.0G +0.3Q 4 1.0G+0.3Q
H 1.0G+0.3Q 4 1.0G+0.3Q
H 1.0G+0.3Q 4 1.0G+0.3Q
“> ﬁ “> &>
N=0
a) b)

Figure 6.5 Load combinations for fire design. a) When y;,; Q, is adopted;
b) When y»,; Q, is adopted
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It worth be mentioned that for a member analysis, when verifying standard fire
resistance requirements, A, = 0 may be considered. In fact according to EN 1993-1-2,
only the effects of thermal deformations resulting from thermal gradients across the
cross-section need to be considered. The effects of axial or in-plain thermal expansions
may be neglected.

Very often the designer that checks for the fire resistance of a structure is not the same
that have made the design at normal temperature. To avoid the need of calculating the
structure for the accidental load combinations in fire situation, EN 1993-1-2 allows to
obtain the effect of actions in the fire situation E, 5 for each load combination, multiplying
the effect obtained from a structural analysis for normal temperature design by a
reduction factor 75 as follow:

Eqn = n7Eq (6.9)

where:

E; is the design value of the corresponding force or moment for normal
temperature design, for a fundamental combination of actions (see EN 1990);

ns is the reduction factor for the design load level for the fire situation.
The reduction factor 75 for load combination, Eqn. (6.10), in EN 1990 should be taken as:

Gk T vs Q1

_ (6.10)
76Gk T 7q,1% 1

Uil

According to EN 1993-1-2, as a simplification the recommended value of 7; = 0,65 may
be used, except for imposed load according to load category E as given in EN 1991-1-1
(areas susceptible to accumulation of goods, including access areas) where the
recommended value is 0,7.

6.3 Thermal and mechanical properties of steel

6.3.1 Thermal properties of steel

To evaluate the thermal response of steel members, the thermal properties should be
known. The main properties that are needed are defined in Part 1-2 of Eurocode 3. In
this section only the graphical representation of thermal conductivity and specific heat
are shown, respectively in Figure 6.6.

— 60 6000
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E 50 5000
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E 40 = 4000
z =
g 30 £ 3000
5 20 2
'§ o 3 2000 } \
© @' 1000

0 0

0 200 400 600 800 1000 1200 0 200 400 600 300 1000 1200
Temperature [°C] Temperature [°C]

Figure 6.6 Conductivity and specific heat of steel
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6.3.2 Mechanical properties of steel

The design values for the mechanical (strength and deformation) properties in the fire
situation X, s are defined in Eurocode 3, as follows:

Xai = Ko X/ mmfi (6.11)

where:

X is the characteristic value of a strength or deformation property (generally £«
or E;) for normal temperature design to EN 1993-1-1;

ko is the reduction factor for a strength or deformation property (Xio /Xk),
dependent on the material temperature;

m,q 1S the partial safety factor for the relevant material property, for the fire
situation, taken as s = 1,0 (see Table 6.1), or other value defined in the
National Annex.

Table 6.1 Partial factors yy; for the resistance

Type of verification Normal Fire situation
temperature
Resistance of cross-sections Ymo = 1,0 M= 1,0
Resistance of members to 1.0 = 1,0
instability Tm !
Res!stance_ of cross-sections Yy = 1,25 7w = 1,0
in tension to fracture

resistance of joints o = 1,25 M= 1,0

In an accidental limit state such as fire, higher strains are acceptable. For this reason
Eurocode 3 recommends a yield strength corresponding to 2% total strain rather than
the conventional 0,2% proof strain (see Figure 6.7). However, for members with Class 4
cross sections, EN 1993-1-2 recommends, in its Annex E, a design yield strength based
on the 0,2% proof strain.

The stress-strain relationship at elevated temperature shown in Figure 6.7 s
characterised by the following three parameters:

o the limit of proportionality, f, ,:
o the effective yield strength, f ,

o the Young’s modulus, E,,

At elevated temperature, the shape of the stress-strain diagram is modified compared to
the shape at room temperature. Instead of a linear-perfectly plastic behaviour as for
normal temperature, the model recommended by EN 1993-1-2 at elevated temperature
is an elastic-elliptic-perfectly plastic model, followed by a linear descending branch
introduced at large strains when the steel is used as material in advanced calculation
models to avoid numerical problems. Detailed aspects from this behaviour can be seen in
Figure 6.7.
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Figure 6.7 Stress-strain relationship for carbon steel at elevated temperatures

Strength and stiffness of steel decrease when the temperature increases. Beyond 400°C
strength start to decrease and from 100°C, steel begins to lose stiffness. For S355
structural steel, Figure 6.8 shows the stress-strain relationships at elevated

temperatures.

Stress o

400

300 A

200

100

0 T w
0,0000 0,0050 0,0100 0,0150 0,0200

Strain ¢

Figure 6.8 Stress-strain relationship for carbon steel S355 at elevated
temperatures

More details on the stress-strain relationship for steel grades S235, S275, S355 and
S460 are given in Annex C of the ECCS Design Manual, Franssen and Vila Real, 2010.
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Following Egn. (6.11) the yield strength at temperature 4, i.e., f, , is a function of the

y.0 !

yield strength, f,, at 20 °C, given by:

Fo=k f (6.12)

y.0 y.0'y

The Young’s modulus at temperature @, i.e., E,4 is a function of the Young’s modulus,
E,, at 20 °C, given by:

=k. E (6.13)

a,o E,0—a

E

In the same way the proportional limit at elevated temperature is given by:

f

p,0

Ck f (6.14)

p.0"y

As mention before, according to Annex E of EN 1993-1-2 for members with Class 4
cross-section under fire conditions, the design yield strength of steel should be taken as
the 0,2% proof strain and thus for this class of cross-section the yield strength at
temperature 6, i.e., f, 4 is a function of the yield strength, f,, at 20 °C given by:

f

.0

=T

0,2p,0

—k ., f (6.15)

0,2p,0"y

Table 6.2 presents the reduction factors for the stress-strain relationship of carbon steel
at elevated temperatures. In this table the reduction factor (relative to f,) for the design
strength of hot-rolled and welded thin-walled sections (Class 4), given in Annex E of
EN 1993-1-2, is also presented. This table shows that carbon steel begins to lose
strength above 400°C. For example, at 700 °C it has 23 % of its strength at normal
temperature and at 800°C it retains only 11% of that strength, and its strength reduces
to 6% at 900°C. Concerning the Young’s modulus it begins to decrease earlier at 100°C.

The reduction of the effective yield strength given by Table 6.2, which was obtained
experimentally, can be approximated by the following equation:

0,-482 7%,833
k,, = {o, 9674 (e 919 1)} <1 (6.16)

When inverted, this equation yields an equation that gives the temperature of the steel
function of the reduction of the effective yield strength, i. e., 6, =f(k,,), see Eqn. (6.34)

in Section 6.5.3. This equation is used by the Eurocode to obtain the critical temperature.

The unit mass of steel p, may be considered to be independent of the steel temperature.
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Table 6.2 Reduction factors for carbon steel for the design at elevated

temperatures
Reduction factors at temperature 4, relative to the value of f, or E, at 20°C
Reduction factor
Steel Reduction factor Reduction factor | REduction factor (relative tO_ fy)
Temperature (relative to f;) (relative to f,) (relative to E.) fo:t:::gc:fls:)gfn
for ?,:::;tive for proportional t:'oer I‘i:::asl!(:?:s:ifc hot rolled and
o strength limit range welded
thin walled sections
(Class 4)
ky,o=F,,d/f, kp, =156/ Ty ke s=Ea,o/Ea ko,2p,0=Fo,2p,0/ fy
20 °oC 1,000 1,000 1,000 1,000
100 °oC 1,000 1,000 1,000 1,000
200 °C 1,000 0,807 0,900 0,890
300 °C 1,000 0,613 0,800 0,780
400 °C 1,000 0,420 0,700 0,650
500 °C 0,780 0,360 0,600 0,530
600 °C 0,470 0,180 0,310 0,300
700 °C 0,230 0,075 0,130 0,130
800 °oC 0,110 0,050 0,090 0,070
900 °C 0,060 0,0375 0,0675 0,050
1000 °C 0,040 0,0250 0,0450 0,030
1100 °C 0,020 0,0125 0,0225 0,020
1200 °C 0,000 0,0000 0,0000 0,000
NOTE: For intermediate values of the steel temperature, linear interpolation may be
used.

6.4 Temperature in steel members

6.4.1 Unprotected steel members

For an equivalent uniform temperature distribution in the cross-section, the increase of
temperature A@,, in an unprotected steel member during a time interval At is given by

(EN 1993-1-2):

AG, .
where:
k

sh

A,V
C.p

=k

At

net,d
ala

(°C)
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A, /V is the section factor for unprotected steel members, (>10) (m™y;

Pa
At

is the surface area of the member per unit length, (m?/m);

is the volume of the member per unit length, (m*/m);

is the specific heat of steel, (J/kgK);

is the design value of the net heat flux per unit area according to

Egn. (6.5);
is the unit mass of steel, 7850 (kg/m?);

is the time interval (s) (<5 s).

Detailed definition of some of the previous symbols can be found in Franssen and Vila

Real (2010).

Egn. (6.17) is an incremental equation but it is non-linear due to the temperature
dependence of the specific heat and the net heat flux. An iterative procedure should be
implemented to obtain the steel temperature development or a very small time interval.
Solving this equation, tables giving the temperature function of the time or nomograms
can be built like the one shown in Figure 6.9, taken from Franssen and Vila Real (2010).
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Figure 6.9 Nomogram for unprotected steel members subjected to the ISO 834
fire curve, for different values of ks, An,/V (m™)

6.4.2 Protected steel members

It is common practice to use thermal insulation to protect the steel to fulfil the required
fire resistance. There are many forms of passive fire protection systems available to
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control the rate of temperature rise in steel members exposed to fire. The insulation
materials can be applied as contour encasement or hollow encasement. Basically there
are three types of insulating materials: sprays, boards or intumescent paint.

EN 1993-1-2 provides a simple design method to evaluate the temperature development
of steel members insulated with fire protection materials. Assuming uniform temperature
distribution, the temperature increase Aé6,: of an insulated steel member during a time
interval At, is given by:

LA, IV (9 t gat)
_ " g, I AE— (19 1)\ A oC (6.18)
Agalf dpcapa (1+¢/3) (e ) eg,t ( )

and

AG,, >0 if AG,, >0

at =

where the amount of heat stored in the protection is:

b= %P Ao (6.19)
cp, V
and

A, [V is the section factor for protected steel members (m?);

A, is the appropriate area of fire protection material per unit length of the
member (m?/m);

4 is the volume of the member per unit length, (m3*/m);

A, is the thermal conductivity of the fire protection system, (W/mK). Table
6.3 gives the thermal conductivity for a range of practical fire protection
systems;

d, is the thickness of the fire protection material (m);

c, is the specific heat of the fire protection material, (J/kgK). Table 6.3 gives

the specified heat for a range of fire protection systems;

Py is the unit mass of the protection. Table 6.3 gives the unit mass for a
range of fire protection materials (kg/m?3);

C, is the temperature dependent specific heat of steel given in EN 1993-1-2,
(3/kgK);

0, is the steel temperature at time t (°C);

Oy is the ambient gas temperature at time t (°C);

Ag,, s the increase of the gas temperature during the time interval At (K);

P. is the unit mass of steel, 7850 (kg/m?3);

At is the time interval (s) (<30 s).
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An incremental procedure has to be performed to obtain with Eqn. (6.18) the
development of the temperature in the steel section as a function of time. EN 1993-1-2
recommends that the time step interval At should not be taken as more than 30 seconds,
a value that will ensure convergence.

Any negative increment of the temperature A6,., given by Egn.(6.18), corresponding to
an increase of the gas temperature, Ag,: > 0, must be considered as zero.

Table 6.3 Properties of fire protection materials (ECCS, 1995)

Material Unit mass, Moisture Thermal Specific
Pp content, p conductivity, ﬂp heat, cp
[kg / m?] % [W/ (mK)]  [3/(kgK)]

Sprays
- mineral fibre 300 1 0,12 1200
- vermiculite cement 350 15 0,12 1200
- perlite 350 15 0,12 1200

High density sprays
- vermiculite (or perlite)

and cement 550 15 0,12 1100
- vermiculite (or perlite)

and gypsum 650 15 0,12 1100
Boards
- vermiculite (or perlite)

and cement 800 15 0,20 1200
- fibre-silicate or

Fibre-calcium -silicate 600 3 0,15 1200
- fibre-cement 800 5 0,15 1200
- gypsum boards 800 20 0,20 1700

Compressed fibre boards
- fibre silicate, mineral-

wool, stone-wool 150 2 0,20 1200
Concrete 2300 4 1,60 1000
Light weight concrete 1600 5 0,80 840
Concrete bricks 2200 8 1,00 1200
Brick with holes 1000 - 0,40 1200
Solid bricks 2000 - 1,20 1200

Egn. (6.18) is non-linear and an iterative procedure is required to obtain the temperature
development of the steel members. Nomograms, as the one shown in Figure 6.10 can be
built to obtain the temperature function of time for different section factors. These
nomograms can be built for light weight insulation materials for which Eqn. (6.18) can be
simplified by taking ¢ = 0. The method given in ECCS (1983) suggests that the heat
capacity of the protection material can be ignored if it is less than half that of steel
section, such that:

c,p,V
d,Ac,p, < =5 (6.20)

In this expression, p, = 7850 (kg/m?) and a value ¢, = 600 (J/kgK), for the specific heat
of the steel can be used to check if the material is a light weight material or not.
Egn. (6.21) can be rewritten as:
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¢:Cpcd_ﬁ’pp.%<ol5 (6.21)
apa

If the specific heat of the protection material, ¢,, is neglected, the amount of heat stored
at the protection can be taken as ¢ = 0 and Egn. (6.18) becomes:

S

(6.22)

ag, - 222 L(e ~0,.)At  (°C)

p’P
a,t g.t
d, vV c,p,

800
700
600
. 500 ‘
3} —— 2000 W/Km3
2 —o— 1500 W/Km3
g 400 —a— 1000 W/Km3
[=
E —#— 800 W/Km3
& 300 —=— 600 W/Km3
-5¢] —0— 400 W/Km3
200 7 —e—300 WKm3
f/ —0— 200 W/Km3
/4 —— 100 W/Km3
100 -
0 -
0 60 120 180 240

Time [min.]

Figure 6.10 Nomogram for protected steel members subjected to the ISO 834
fire curve, for different values of (A,/V)(A,/d,) (W/Km?)

The advantage of using Egn. (6.22) is that it is possible to build tables of two entries or
nomograms like the one presented in Figure 6.10. One of the entries is the time and the
other is the modified massivity factor:

A4 3 (6.23)
v (W/km?)

This nomogram provides conservative results, because the amount of heat stored in the
protection has been neglected. The use of the nomogram avoids the need for solving the
Egn. (6.18). As the nomogram was built assuming ¢ = 0, it is only valid for light weight
insulation material. It can be used for heavy materials provided the modified massivity
factor is corrected, using the following expression, according to ECCS (1983):
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i.ip.[ 1_j (6.24)

6.4.3 Worked examples

Example 1 - Temperatures in a protected and unprotected profile
Consider a HEB 340 profile heated on four sides by the standard fire curve ISO 834.

a) What is the temperature of the profile after 30 minutes of fire exposure if it is
unprotected?

b) What is the required thickness of gypsum board encasement so that the profile can be
classified as R90 if the critical temperature is 598,5°C?

Solution:

a) Temperature of the unprotected profile after 30 minutes

The section factor for the unprotected HEB 340 heated on the four sides is:
A /V =1059 m’!

The HEB 340 has the following geometric characteristics:

b =300 mm

h =340 mm

A=17090 mm?

The box value of the section factor [A /V], is

2x(b+h) _2x(0,3+0,34)
A 170,9x10

[A,/V], = =74,9 m!

The shadow factor, k., is given by

k., =0,9[A, /V], /[A,/V]=0,9-74,9/105,9 =0,6365

Taking into account the shadow effect, the modified section factor has the value
k,[A /V]1=0,6365-1059=67,4 m™

This value could has been obtained without evaluating k_, , as:

k,[A /V]1=0,9[A, /V],=0,9-74,9=67,4 m™

With this value of the modified section factor and after 30 minutes of fire exposure the
nomogram of Figure 6.9 gives the temperature of

t,, =730°C

b) Thickness of gypsum board encasement

The following thermal properties of the gypsum boards are defined in Table 6.3:
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2, =0,20 W/(mk)

¢, =1700 J/(kgK)

p, =800 kg/m’

The massivity factor for the HEB 340 with hollow encasement, heated on four sides is:
A /V=749 m*

From the nomogram of Figure 6.10, for a temperature of 598,5 °C, at 90 minutes of
standard fire exposure, the required modified section factor is:
A

2
PP <955 W/(m3K
v'd, /(m>K)

S A, /Vz _74,9
P~ 955 7 955
Knowing the thickness of the boards, it is possible to evaluate the amount of heat stored
in the protection and check if it is a heavy or light fire protection material, according to
Egn. (6.21):
c,d,p, A, 1700-0,016 800

g2l To _ .74,9=0,346 < 0,5
c.p, V 600 - 7850

-0,20=0,016m=16mm

Although this material is considered as a light material (¢ < 0,5) a correction of the
thickness of the boards will be made taking into account the amount of heat stored in the
protection, ¢, using Eqn. (6.24)

A 2
S 2o 1 955 wy(mK)

The following iterative procedure is needed to evaluate the corrected thickness:

d, (m) 5 S%s Ao 42 o)
cp, V TV 955 |1+4/2
0,016 0,346 0,0134
0,0134 0,290 0,0137
0,0137 0,296 0,0137

With this procedure a thickness of 13,7~14 mm is obtained, instead of the initial
thickness of 16 mm. The gain was not big because the fire protection material is light,
but nevertheless an economy of 12,5% was obtained.

The chart of Figure 6.11 a) shows the temperature development of the unprotected
HEB 340 and the development of the temperature of the protected profile is shown in
Figure 6.11 b). The S shape of the curve in the temperature range between 700 °C and
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800 °C of the unprotected profile is due to the peak value on the heat capacity of steel
shown in Figure 6.6.

Graph 3 = |0 x|
_ Fie View Help
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1000+
g 800+
a
2 600
% _compaw
— Steel
= 4004
200
0

0 10 20 30 40 50 60 70 80 90
Tirne [poir]

[Maximum temperature] Compartment: 1006.0 °C at 80 min / Steet 1000 °C at 50 min
After 90.0 minutes, the profile has a temperature of 999.7 'C

| Back I Main menu Report I
a)
O ol

] Fie View Help
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10004
g 800
@
% 600 / = Compartment
g —St_e_el
e 4004 Critical temperature
200
0

0 20 40 60 80 100 120

Tirne [min]

[Maximum temperature] Compartment: 1049.0 °C at 120 min / Steel: 700 °C at 120 min
A criticsl temperature of 588.5 *C is reached after 90.37 minutes

man Repml

b)

Figure 6.11 Temperature development of a HEB 340 heated on four sides by the
standard fire curve ISO 834. a) Unprotected; b) protected with gypsum boards
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6.5 Fire resistance of structural members

Structural design at normal temperature requires the structure to support the design
ultimate loads (the ultimate limit state) and the deformation and vibrations to be limited
under serviceability conditions (the serviceability limit state). At room temperature most
of the design effort of the structure focuses on limiting excessive deformations. Design
for the fire situation is mainly concerned with preventing collapse before the specified fire
resistance period. Large deformations are accepted during a fire and normally they do
not need to be calculated in the fire design. EN 1993-1-2 does not give any simplified
method for evaluating the deformation of the structural members.

The load-bearing function of a steel member is assumed to be lost at time t for a given
fire, when:

Efi,d = Rf/’,d,t (6.25)

where:

Ena is the design value of the relevant effects of actions in the fire situation;

Rya is the design value of the resistance of the member in the fire situation at
time t.

The design resistance of a member in the fire situation at time t, Rsq4:, Can be Mg¢ra
(design bending moment resistance in the fire situation), Ngrs (design axial resistance in
the fire situation) or any other force (separately or in combination) and the corresponding
values of My gy (design bending moment in the fire situation), Ny s (design axial force in
the fire situation), etc. represent Eg 4.

The design resistance Rfq4: at time t shall be determined, (assuming a uniform
temperature throughout the cross section) by modifying the design resistance for normal
temperature design according to EN 1993-1-1, to take into account the mechanical
properties of steel at elevated temperatures. The differences in the equations for cold
design and fire design are mainly due to the fact that the shape of the stress-strain
diagram at room temperature conditions is different from the shape of the diagram at
elevated temperature. This is shown schematically in Figure 6.12

Oy
g/ 7777777 For cold design
f;, For fire design
2 Y |

Eag

2% ¢

Figure 6.12 Stress-strain relationship with the yield strength to be used with
Class 1, 2 and 3 cross-sections
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Some adaptation to the design equations established for room temperature conditions is
needed when they are used at elevated temperature. The main differences happen for
the cases where the resistance is not directly proportional to the yield strength but also
depends on the Young modulus, as it is the case when buckling is a potential mode of
collapse, like for example lateral-torsional buckling of beams and flexural buckling of
columns.

If a non-uniform temperature distribution is used, the design resistance for normal
temperature design to EN 1993-1-1 should be modified on the basis of this temperature
distribution. As an alternative to Eqn. (6.25), verification may be carried out in the
temperature domain by using a uniform temperature distribution, or in the time domain,
see Section 6.1.

In this Section only some particular concepts needed for the evaluation of the fire
resistance of structural members, will be present. The reader should refer to the
EN 1993-1-2 to get the formulae for fire design of structural members for each load case.

6.5.1 Classification of cross-sections

The parameter € needed for the definition of the limits for the cross-sectional
classification at 20°C is defined as (see Franssen and Vila Real, 2010):

235 E
= === = __ with f E in MP 6.26
& /fy ,/210000 with f, and E in MPa ( )

EN 1993-1-2 states that for the purpose of simplified rules the cross-sections may be
classified as for normal temperature design with a reduced value for € as given in Egn.
(6.27):

¢=0,85 == with f, and £ in MPa (6.27)

where:
f, s the yield strength at 20°C

The justification for the factor 0,85 used in Eqn. (6.27) is given in Franssen and Vila Real,
2010. Detailed examples at room temperature can also be found in Silva et al. 2010.

6.5.2 Members with Class 4 cross-section

Class 4 cross sections may be replaced by an effective Class 3 cross section. This new
section is taken as the gross cross-section minus those parts where local buckling may
occur (see non-effective zones in Figure 6.13). The effective Class 3 section can then be
design using elastic cross-sectional resistance limited by yield strength in the extreme
fibres. However, under fire conditions, because the original section is Class 4, the yield
strength must be taken as the proof strength at 0,2% plastic strain given by Eqn. (6.15).

The effective area A<+ should be determined assuming that the cross section is subject
only to stresses due to uniform axial compression (see Figure 6.13 a)) and the effective
section modulus W should be determined assuming that the cross section is subject
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only to bending stresses (see Figure 6.13 b)). For biaxial bending effective section moduli
should be determined about both main axes separately.

The effective areas of flat compression elements should be obtained from EN 1993-1-5,
Sec.4, Table 4.1 for internal elements and EN 1993-1-5, Sec.4, Table 4.2 for outstand
elements. The effective area of the compression zone of a plate with a gross
cross-sectional area A. should be obtained from:

Ac,eff =pAc (6.28)

where p is the reduction factor for plate buckling. Under fire conditions, the effective
cross sectional area should be determined in accordance with EN 1993-1-3 and
EN 1993-1-5, based on the material properties at 20°C.

When no verification is being conducted, it can be assumed that the fire resistance is
maintained as long as the temperature in the section does not exceed a temperature of
350°C. This value is a nationally determined parameter and a different value may be
given in the National Annex.

a)
—//—/ ——
3
|/
1
— e — 2
G =f——2
| S | I
3
|/
! | 2
G =
b)

G - centroid of the gross cross section; G* - centroid of the effective cross section
1 - centroidal axis of the gross cross section;
2 - centroidal axis of the effective cross section
3 - non effective zone

Figure 6.13 Class 4 cross section. a) For axial force; b) For bending moment
(EN 1993-1-5)
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6.5.3 Concept of critical temperature

It was shown in Section 6.1 that, in the temperature domain, the temperature of the
structural member at the required time of fire resistance should not be bigger than the
critical temperature. The concept of critical temperature or collapse temperature of a
structural element with a uniform temperature distribution is presented in this section.

Collapse occurs when the design value of the relevant effects of actions in the fire
situation equals the design value of the resistance of the member in the fire situation at
time t. Considering the simplest case of a tension member, collapse occurs when:

(6.29)

N, =N

fi,Ed fi,6,Rd
Substituting the design resistance Ng4rqs Of a tension member with a uniform

temperature 6., given by EN 1993-1-2, Sec 4, Egn. (4.3), comes

Nﬁ,Ed = Aky,(}fy / Vm i (6.30)

which means that, collapse occurs when the vyield strength equals the following
expression:

N,
f :k f = fi,Ed (6.31)
y,0 y,.0'y A/}/M'ﬂ

or when the reduction factor for the effective yield strength takes the value

Niq (6.32)

K = fEd
y.0 Afy /}/M,ﬁ

This equation can be written in the following general form:
k,,=—-"2 (6.33)

where:
E g is the design effect of the actions in case of fire;

Rf a0 is the value of Rg 4, for time t = 0, i.e., for 20 °C, using Eqgn. (6.12) with
ky,ZOOC = 1

When the value of k,, has been determined from Eqn. (6.33), the critical temperature
can be obtained by interpolation from Table 6.2 or by inverting Eqn. (6.16), which leads
to the following expression:

0, :39,19In{m—1}+482 (6.34)
I y,0

Eurocode 3 adopts this equation, but, instead of the reduction factor, the degree of
utilization g is used:
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1
0. =3919In|——____1(+482 (6.35)
a,cr |:0’ 9674Iu03,833 :| +

where, 1, must not be taken less than 0,013. For members with Class 1, Class 2 or
Class 3 cross-sections and for tension members, Eurocode 3 defines the degree of
utilisation g at time t =0, i.e., for a temperature of 20°C, as:

Epq
—fid 6.36
R ( )

fi,d,0

Hy =

This procedure can only be used for the cases where the load bearing capacity in a fire
situation is directly proportional to the effective yield strength, which is the case for
tension members and beams where lateral-torsional buckling is not a potential failure
mode. For the cases where instability plays a role in the evaluation of Rgg4. it is not
possible to apply Egn. (6.35) directly. This is the case for flexural buckling of columns,
lateral-torsional buckling of beams and members under combined bending and
compression. Determination of the critical temperature, in such cases, can be made only
by an iterative procedure, as will be shown in Section 6.5.4. Alternatively an incremental
procedure by successive verification in the load domain (see Eqn. (6.3)) may be used.
This last procedure is convenient for computer implementation whereas the iterative
procedure is more suitable for hand calculations.

Egn. (6.36) cannot be used for all types of load. If it is applied, for instance, to a member
in compression it leads to:

,u(): Efi,d _ Nfi,Ed _ Nfi,Ed (637)

Rﬁ,d,O Nb,fi,O,Rd leOCAfy /7M,ﬁ

This expression is wrong because the reduction factor for flexural buckling, y, should in
fact not be evaluated at 20 °C but at the collapse temperature, as shown below.

Using Egn. (6.25) the collapse of an axially loaded column is given by

Nfi,Ed = Nb,ﬁ,t,Rd (6.38)
Substituting EN 1993-1-2, Sec 4, Eqn. (4.5) in Eqn. (6.38), gives
N eq = ZﬁAky,afy ! Ymya (6.39)
and
Nz (6.40)

k =—0="
re ZﬁAfy/VM,ﬁ

which shows that k, , at collapse, is different from the degree of utilisation, 4, at time
t =0, as it is defined in Eqn. (6.37).

360



Resistance of members and connections to fire
P. Vila Real

The reduction factor for flexural buckling should be evaluated at the collapse temperature
and an iterative procedure is needed, starting with a temperature of 20°C. Examples are
given in Section 6.5.4.

6.5.4 Worked examples

Example 2 - Column

Consider the inner column E-3 at the base level of the building represented in Figure
1.27 of Chapter 1. The column has a length of 4,335 m and is composed by a section
HEB 340 in steel S355. Consider that the axial compression load at normal temperature
is Neg = 3326,0 kN. The column is heated on all four sides and is part of an office building
with a required fire resistance time to the standard fire of t,.q, = 90 minutes (R90).

a) Evaluate de critical temperature of the column;
b) Verify the fire resistance of the column:

b1) in the temperature domain;

b2) in the resistance domain;

b3) in the time domain.

c) Evaluate the thickness of gypsum boards needed to protect the column to fulfil the
required fire resistance.

Solution:

i) Internal forces in fire situation

Considering that the load at normal temperature was obtained for a fundamental load
combination and suppose that the designer does not know the accidental load
combination for fire design, the load under fire condition can be obtained from
Egn. (6.9), using s = 0,65:

N g = 1:Ngg =0,65%x3326 =2161,9 kN
i) Buckling lengths in fire situation

Assuming that the supports are fixed and that the frame is braced, the buckling length in
fire situation is:

l,s=1,,=05L=05x4335=2167,5 mm
ili) Geometrical characteristics and material properties of the profile

The geometric characteristics of the section HEB 340 are: A = 170,9 cm?, b = 300 mm,
h =340 mm, t; = 21,5 mm, t, = 12 mm, r = 27 mm, I, = 36660 cm*, I, = 9690 cm®.
The mechanical properties of the steel are: f, = 355 MPa and E = 210 GPa.

iv) Cross-sectional classification
c=0b/2-t,/2-r= 117 mm (flange)
c=h-2t -2r =243 mm (web)
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As the steel grade is S355, ¢=0,85,/235/f =0,692

The class of the flange in compression is
¢/tr=117/21,5 =5,44 < 9¢=6,23 = Class 1
The class of the web in compression is

d/t, = 243/12 = 20,25 < 336 = 22,8 = Class 1

Thus, the cross section of the HEB 340 under compression, in fire situation, is Class 1.

a) Evaluation of the critical temperature

As the buckling length in both directions is the same and in fire design there is only one
buckling curve, it is only necessary to consider buckling about z-z.

The Euler critical load takes the value:

2
N —ZEL_ 45748867 N

cr 2
fi

The non-dimensional slenderness at elevated temperature is given by

~ - |k
Ay =2~ |22
k

E,0

This is temperature dependent and an iterative procedure is needed to calculate the
critical temperature. Starting with a temperature of 20 °C at whichk, , =k.,=1,0:

- _lk — |Af { .

P W /2 17090355 0,377
Ke , N, 42748867

The imperfection factor takes the value:

a=0,65,235/f, =0,65,235/355=0,529

and

¢:%(1+o,529-0,377+0,3772) -0,673

Therefore the reduction factor for flexural buckling is:

1
0,673 +40,673% - 0,377

=0,813

Xfi

The design value of the buckling resistance N, s+ rq at time t = 0:
Nosiors = X5AF, | 7 =4932 kN

and the degree of utilisation takes the value:

Npes _ 2161,9

=0,438
N 4932

Hy =
b,fi,0,Rd

For this degree of utilisation the critical temperature, given by Eqn. (6.35), takes the
value:
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1
0,, - 39,19In{ R— 1} +482 = 605,7°C

0,9674,

Using this temperature, the non-dimensional slenderness 1, can be corrected, which

leads to another critical temperature. The iterative procedure should continue until
convergence is reached, for a critical temperature of 6,. = 598,5°C as illustrated in the
next table:

Ay = Nooga = Ho =
S R I I e
20 1,000 0,377 0,813 4932 0,438 605,7
605,7 1,208 0,455 0,777 4713 0,459 598,5
598,5 1,208 0,455 0,777 4713 0,459 598,5

If interpolation on the Table 6.2 has been used instead of using Eqn. (6.35) a critical
temperature 6, = 603,6°C would be obtained.

b) Verification of the fire resistance of the column

b1) Verification in the temperature domain

It is necessary to evaluate the temperature of the unprotected HEB 340 profile after 90
minutes of standard fire exposure (ISO 834) on four sides.

As seen in Example 1 of Section 6.4.3 the modified section factor of the unprotected
HEB 340 heated on the four sides is:

k,[A, /V]1=67,4 m™

Using the nomogram of Figure 6.9 it can be concluded that the temperature after 90
minutes of standard fire exposure is bigger than the critical temperature of 598,5 °C,
i.e.,

Hd > ea,cr

The column doesn’t fulfil the required fire resistance R90 and fire protection is needed.

It should be mentioned that the nomogram of Figure 6.9 was built for periods of time
less or equal to 60 minutes. It is unlikely that a required fire resistance bigger than 60
minutes could be fulfilled without using fire protection. If Eqn. (6.17) was used, using the
program Elefir-EN (Vila Real and Franssen, 2014), a temperature of 999,7 °C would be
obtained as shown in Figure 6.11 a).

b2) Verification in the resistance domain

After 90 minutes of standard fire exposure, the temperature is 6; = 999,7°C.
Interpolating for this temperature in Table 6.2 leads to a value of the reduction factors
for the yield strength and the Young Modulus of:

k,,=0,032
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k., =0,045

The non-dimensional slenderness at 999,7°C is given by

- _lk

=7 e _g,377. |2932 _¢ 318
ke, 0,045

The imperfection factor takes the value:

a=0,65,/235/f =0,65y235/355=0,529

and

¢:%(1+0,529-0,318+0,3182) - 0,635

Therefore the reduction factor for flexural buckling is:

1
© 0,635+4/0,6352 - 0,318

Xe =0,844

The design value of the buckling resistance N, g rs at time t = 90 minutes, is:

N, sra = 2aAK, f, | 745 = 0,844-17090-0,032-355x10° /1,0 =163,9kN
which is less than the applied load in fire situation, N, ., =2161,9 kN, i. e.,

N <N

fi,Rd fi,Ed

The column doesn't fulfil the fire resistance criterion R90.

b3) Verification in the time domain

As seen before the modified section factor is:

k,[A,/V]1=67,4 m!

Using the nomogram of Figure 6.9 the time need to reach the critical temperature of
598,5°C is around 20 minutes (in this case it is not necessary to have a very precise
value) which is far from the 90 minutes of required fire resistance. If the program

Elefir-EN (Vila Real and Franssen, 2014) was used a time of 20,3 minutes would be
obtained. The column doesn’t fulfil the fire resistance of 90 minutes, i. e.,

oo <a requ

The procedures for verifying the fire resistance of the column were shown in all three
domains. To achieve the required fire resistance of R90 the member must be protected.

c) Evaluation of the thickness of gypsum boards needed to protect the column
to have a fire resistance of R90.

Example 1 of Section 6.4.3 has evaluated a thickness of d, = 14 m

Example 3 - Restrained and unrestrained beam

Consider the same beam studied at Example 4 of Chapter 1. The lateral span with 6 m
length that will be treated in this example is composed by an IPE 400 in steel S355. The
shear and bending diagrams obtained at normal temperature are depicted in Figure 1.31.
The beam supports a concrete slab but does not act compositely with the slab.
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a) Considering that the beam is laterally restrained, verify if it is necessary to protect the
beam for a fire resistance of R90. If fire resistance is needed, use spray based on
vermiculite and cement.

b) Consider that the beam is only laterally braced at the end support sections and that
lateral-torsional buckling can occur, evaluate the critical temperature of the beam.

Solution

i) Internal forces in fire situation

The shear and bending diagrams to be used for safety check under fire conditions are
obtained, according to Egn. (6.9), multiplying by n; = 0,65 the shear and bending
diagram at normal temperature. The resulting diagrams are shown in Figure 6.14.

90.4 kN
49.3 kN 48.9kN
Vi ea I
46.0 kN 46.5 kN
91.1 kN
a)
166.2 kNm 160.1 kNm
60.9 kNm 724kNm I\ /l 64.5 kNm 713kNm
Myﬁ Ed
74.3 KkNm 73.8 kNm
106.0 kNm
b)

Figure 6.14 a) Shear diagram under fire conditions; b) Bending diagram under
fire conditions

ili) Geometrical characteristics and material properties of the profile

The geometric characteristics of the section IPE 400 are: A = 84,46 cm?, b = 180 mm,
h =400 mm, tr= 13,5 mm, t, = 8,6 mm, r = 21 mm, W,,, = 1307 cm?®. The mechanical
properties of the steel are: f, = 355 MPa and £ = 210 GPa.

iv) Cross-sectional classification
c=b/2-t,/2 -r=64,7 mm (flange)
c=h-2t -2r=331 mm (web)

As the steel grade is S355, ¢ = 0,85,/235/fy =0,692

The class of the flange in compression is
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¢/tr=64,5/13,5 =4,79 < 9¢=6,23 = Class 1
The class of the web in compression is
d/t, = 331/8,6 = 38,49 < 726 =49,8 = Class 1

Thus, the cross-section of the IPE 400 under bending, in fire situation, is Class 1.
a) Laterally restrained beam

Critical temperature based on the design value of the bending moment
resistance

The design value of the bending moment at mid span is:
M, ey=74,3kNm

The design value of the resistance moment at time t =0, according to EN 1993-1-2, is
Mfi,O,Rd = Wp/,yfy /(k1k27M,ﬁ)
where:

k, =0,7 for an unprotected beam exposed on three sides, with a concrete slab
on the fourth side;

k, =1,0 for sections not at the supports.
The plastic section modulus, W,,,,, of the IPE 400 is:
W,,, = 1307x10% mm?
and

w,,f, 1307000-355
kkyyys 0,7-1,0-1,0

M =

fi,0,Rd

x10° =662,8 kNm

The degree of utilisation takes the value:

Mf/',Ed _ 74/3
M;ors 662,8

o = -0,112

and from Eqgn. (6.35) the critical temperature is:
0,, =812 °C

The critical temperature could have been evaluated in a different way: the collapse
occurs when:

w, -k f
M ks = M £q W = Mlried
1 2/ M, fi
and
P k, -k, “VYmsi Mg e _ 0,7-1,0-1,0-74,3x10° -0112
.0 W, -f, 1307 x10%-355 '

From Egn. (6.34) the critical temperature is 812 °C, as already evaluated. The critical
temperature can also be obtained by interpolation in Table 6.2
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Considering that the section factor for the IPE 400 heated in three sides is
A /V=152,3 m*

and that

h =400 mm

b=180 mm

A=84,46 cm?

the box value of the section factor [A, /V],, is

2h+b 2-0,4+0,18

_ =116,0 m™
A 84,46 x10™*

[A, V], =

The correction factor for the shadow effect is
k,=0,9[A, /V],/[A,/V]=0,9-116,0/152,3=0,6855
and the modified section factor thus takes the value
k,[A_ /V]=0,6855-152,3=104,4 m™

The nomogram of Figure 6.9 gives a time of 33 min to reach the critical temperature,
6., = 8129C. This is less than the required 90 min and therefore fire protection is
needed to achieve the required fire resistance.

As the value of k; depends on whether or not the profile is protected, a new critical
temperature must be obtained for the protected section. Considering k; = 0,85, the
design value of the resistance moment at time t = 0, Mg o,rq IS

v~ Wa,f, 1307000355

| _ 10° =545,9 kNm
RS = Y Koy 0,85:1,0-1,0

The degree of utilisation takes the value

Mﬁ,Ed _ 74,3
M 545,9

fi,0,Rd

1y = -0,136

and from Eqgn. (6.35) the critical temperature is
6,, =783 °C

Thickness of the spray vermiculite and cement

The thickness of a spray based on vermiculite and cement needed to prevent the steel
temperature exceeding the critical temperature before the required time of 90 minutes is
8 mm (see the methodology for designing the thickness of the fire protection material in
Example 1 of Section 6.4.3).

Critical temperature based on the design value of the shear force
The maximum shear force in the span is
V, 0 = 49,3 kN

The shear area is
A, = A-2bt, +(t, +2r)t, =8446-2-.180-13,5+(8,6 +2-21) 13,5 = 4269 mm?
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The collapse based on the shear force, happens when:
Ak, f 4269k, ,-355

V v y.oy

ira = Viea = =V, . = . x107° = 49,3

\/§7M,ﬁ — Vfi,Ed \/5.1,0
from where the value of the reduction factor k,, , can be taken as
k,,=0,056

Interpolating in Table 6.2 for this value of k,, the critical temperature based on the
shear force is

6, = 920,0°C

Eqgn. (6.34) would have given

0s,cr = 916,3°C

The concept of degree of utilization x4 could also have been used
Vieag Vi eq 49300

= - - 0,056
Viors Af, /(f37,,) 4269355/ (y/3-1,0)

Ho =

Eqn. (6.35) gives the same critical temperature of 6, = 916,3°C.

This temperature is bigger than the critical temperature obtained based on the value of
the bending moment. Thus, the critical temperature of the beam should be

6, =min(783°C; 916,3°C) = 783°C

Safety check of shear resistance

At the temperature of 783°C, the reduction factor k,, is equal to 0,136 and the
resistance shear force takes the value

v _Ak,f, _4269-0,136-355
fi,Rd \/g Vs \/5 1,0

As Vges < 0,5 Vgrg it is not necessary to take into account the effect of shear in the
resistance moment and the critical temperature of 783°C has been well defined.

10°=119,0 kN

b) Laterally unrestrained beam

The design lateral-torsional buckling resistance moment M, :rqs at time t of a laterally
unrestrained beam with a Class 1 or Class 2 cross-section, with a uniform temperature, is
given by:

Mb,ﬁ,t,Rd = ZLT,ﬁWp/,yky,afy /7M,ﬁ
At time t =0, this resistance moment M, 7 0,rs Should be determined from:
Mb,ﬁ,O,Rd = XLT,ﬁWp/,yfy /7M,ﬁ

As the reduction factor for the lateral-torsional buckling moment, .75, depends on the
temperature, an iterative procedure must be used.

This reduction factor in fire situation is given by:
1
¢LT,9 + \/[¢LT,6]2 - [/TLT,a]Z

At =
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with
Iy =~ v
bro= 5[1 + iz + (A7) ]

where the imperfection factor is
a=0,65,/235/f =0,529

and

A

LT,0

Al K

E,0

The non-dimensional slenderness at normal temperature is given by:

ILT _ Wpl,yfy
M

cr

The elastic critical moment for lateral-torsional buckling, according the Example 4 of
Chapter 1, takes the value:

M, =164,7 KNm

and

_ w., f

A= |22 =1,68
LT M

cr

At time t =0 the non-dimensional slenderness takes the value

_ _ /k 0 1,0
ALT,ZOOC =47 ﬁ =1,68 1,0 =1,68

and

B 200 = %(1 +0,529-1,68+1,68) = 2,36

and

1
2,36 ++/2,36 - 1,68’

=0,250

Xirfi =

Resulting the design lateral-torsional buckling resistance moment M, g o rq at time t =0in:

M

biors = 0,250-1307000- 355 % 10°=116,0 kNm
The degree of utilisation at time t =0, is

Miea _ 74,3
Mb,fi,O,Rd 116,0

1y = = 0,641

and the critical temperature

1
0,9674-0,641%*%

0,, - 39,19In( - 1) +482 =542,50C

Using this temperature, the non-dimensional slenderness 1,., may be corrected. The
procedure must be repeated until convergence is reached, as shown in the next table:
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ILr,a Mb,fi,O,Rd = Hy =
0 ) 0
o | oo | o o | 200 | sty | Mase | e
Ke o Ltr Ke , (kNm) M, 50,74 (°C)
20 1,00 1,680 0,250 116,0 0,641 542,5
542,5| 1,159 1,947 0,197 91,4 0,813 492,0
492,0| 1,156 1,942 0,198 91,9 0,808 493,5
493,5| 1,154 1,939 0,198 91,9 0,808 493,5

Convergence was reached at a critical temperature of 6, .- = 493,5°C, which is very close
to the critical temperature, 6, = 494,9°C obtained with the program Elefir-EN, Vila Real
and Franssen, 2014.

Example 4 - Beam-column with Class 4 cross-section

Consider a 2,7 m high welded beam-column in steel grade S355, as shown in Figure
6.15. Assuming that the beam-column is subjected to a uniform bending moment
diagram, which design value in fire situation is M, 52z = 20 KNm about major axis and to an
axial compression force in fire situation of N,ses = 20 kN and considering that
lateral-torsional buckling is prevented, evaluate the critical temperature of the
beam-column;

'
h = 460 mm (total depth of
the section)
b =150 mm
ty =4 mm 460 - :
tr=5mm ' ’
a = 5 mm (effective throat
thickness of the fillet weld)
Area A = 3300 mm? =1~
| 2
——

Figure 6.15 Dimensions of the built up cross section

Solution
To solve this worked example the following formulae will be used:

- For the fire resistance of the cross-section, Eqn. (6.44) from EN 1993-1-1 adapted
to fire:
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Nfi,Ed My,ﬁ,Ed
7 + 7 <1
y y
Aeff kO,Zp,H Weff,y,min kO,Zp,e
Vm i M, fi

- For the fire resistance of the beam-column, Eq. (4.21c) from EN 1993-1-2,
adapted to profiles with class 4 cross-sections, i. e.,

Nfi,Ed ky My,ﬁ,Ed
7 + 7 <1
y y
Xmin, fi A kO.Zp,H Weff,y k0.2p,¢9
Vm,fi m,fi
N, k_M
fi Ed i ™My fiEd <1

y y
Xz fi A kO,Zp,H XLt fi Weff,y ko,zp,a
Vm,fi Vm,fi

Note: In this example only the first equation will be checked.

Classification of the cross-section
For more details on the cross-sectional classification see Franssen and Vila Real, 2010.

Figure 6.16 shows the geometry of a fillet weld.

V2a

V2a

Figure 6.16 Effective throat thickness of the fillet weld

¢, =bj2-t,/2-2-5=6593 mm (flange)
c, =h-2t, —2yJ2-5=435,86 mm (web)

As the steel grade is S355

¢ =0,85,/235/f, =0,692

Classification of cross section

Combined bending about y-y (major axis) and compression:
The class of the flange in compression is:
c/t, =65,93/5=13,16 >14¢=9,7 = Class 4

The class of the web in combined bending about y-y (major axis) and compression is:

Class 1 or 2:
3
a:l+h_l+ 20x10 =0,516
2 2ctf 2 2x435,86x4x355

As «>0,5, and
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c,/t, - 435,86/4 ~108,96 > —2°°__g0,13
13a-1
The web is not Class 1 or 2
Class 3:
3

yoNea 220107 4 g6

Af, 3300 x355

c,/t, =43586/4=108,96 >42¢ /(0,67 +0,33y)=82,8 = Class 4

The cross section of the welded profile is Class 4 in combined bending about y-y (major
axis) and compression.

Evaluation of the effective area and effective section modulus

Effective area

The effective area of the cross section in pure compression is obtained using
EN 1993-1-5.

The normalised slenderness is given by

-5 b/t

For the flanges under compression:
b=c, =6593 mm
t=t =5 mm

&= 1/235/fy =0,814 (note: this factor is evaluated at normal temperature)

k =0,43
giving
by 65935 (870,748

¥~ 28,4x0,8140,43
and

J»—0,188 _0,87-0,188

= 0,901
2 0,87°

p:

and the effective with of the flange, bes, is (see Figure 6.17 with o, =0, ):
b., = pb =0,901x65,93 =59,39 mm

b=2b, +t,+2J2x5=2x59,39+4 + 242 x5=136,93 mm
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Dest |
-
7} |

¢ L

Figure 6.17 EffectiveP width b.s of outstand compression elements

For the web under uniform compression (¢ =1,0):
b=c, =43586 mm
t=t, =4

&= 1/235/fy =0,814 (note: this factor is evaluated at normal temperature)

k,=4
giving
I 435,86/4 =2,358>0,5+,/0,085-0,055y = 0,673

P 28,4x0,814V4
and

_24p-0,055(3+y) 2,358-0,055(3+1)
- 7 - 2,358’

P -0,385<1,0

and the effective with of the web, b.g, is (see Figure 6.18):
b.. = pb=0,385x435,86 =167,61 mm
b, =0,5b, =0,5x167,61=283,80 mm
b, =0,5b,, =0,5x167,61=283,80 mm

3 11 I 1 e
/:be1 |, L be2 |,

b

Figure 6.18 Effective® width b+ = b.; + b, of internal compression elements

The effective area of the cross-section is shown in Figure 6.19, obtained with the
program SteelClass, Couto et al., 2014.
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E 83,80

460 268,25

83,80

Figure 6.19 Effective cross-section when subjected to uniform compression

A, =A-(268,25x4+4x6,5x5)=2096,28 mm?

Effective section modulus y-y (major axis)

The effective section modulus of the cross section in bending about y-y (major axis) is
obtained using clause 4.4(3) of EN 1993-1-5: “For flange elements of I-sections and box
girders the stress ratio w used in Table 4.1 and Table 4.2 should be based on the
properties of the gross cross-sectional area, due allowance being made for shear lag in
the flanges if relevant. For web elements the stress ratio y used in Table 4.1 should be
obtained using a stress distribution based on the effective area of the compression flange
and the gross area of the web”.

As the flange is under uniform compression, its effective area is the same as the one
already obtained when the effective area of the cross-section under axial compression
was evaluated, i. e.:

b,, = pb =0,901x65,93 =59,39 mm
b=2b, +t,+2J2x5=2x59,39+4 + 22 x5=136,93 mm

Evaluation of the new position of the centre of gravity, considering the effective area of
the compression flange and the gross area of the web:

A'=A-[(150-136,93)x5|=3234,646 mm?

(A XA'EOJ {((150 ~136,93)x5) x (460 _2
IG — A'

where z'; is the distance from the centre of gravity to the bottom of lower flange.

z H =225,40 mm

Evaluation of the stress ratio y:
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_o__b

O.l bc
where b. and b; are defined in Figure 6.20 and take the values:
b, =z'.—t, —a\2 =225,40-5-5J2 =213,33 mm

b.=h-z'.—t, —aJ2 =460-225,40 -5 - 5y2 = 222,53 mm

o, é by

v,

Figure 6.20 Compression and tension parts of the web

b, 213,33
V= "h T 222,53

=-0,9587

k, =7,81-6,29 +9,78y* =22,83

The normalised slenderness is given by

7o |fh__ bt
* \o., 28,4ck,
and
3 435,86/4 - 0,987 >0,5+./0,085-0,055y = 0,871

® 28,4 x0,814,22,83
and

25 -0,055(3+y) 0,987-0,055(3+(-0,9587))
- 7 - 0,9872

p -0,898<1,0

and the effective width of the web, b, is (see Figure 6.21):

b.s = pb, = pc, [(1-y)=0,898 x435,86/(1 - (-0,9587)) = 199,82 mm
b, =0,4b_, =0,4x199,82 =79,93 mm

b,, =0,6b,, =0,6x199,82 =119,89 mm

qmm:
g b2y T
b L

Figure 6.21 Effective? width b+ = b.; + b.> of internal compression elements
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The length of the non-effective area of the web is:
b=b.-b,-b,=222,53-79,93-119,89=22,71 mm

The new position of the centre of gravity should be evaluated:
A"=A-(150-136,93)x5-22,71x4 =3143,846 mm?

[A . 4§0j - {(150 ~136,93)x5x (460 - gﬂ

n
zZ ;=

All
[22,71x4x(46o—5—ﬁx5—79,93_22r271ﬂ

All

=221,6 mm

The effective area of the cross section under bending about the major axis is depicted in

Figure 6.22 obtained with the program SteelClass, Couto et al.,

209,5=221,6-t, —2a.

| ——
I 5
22.7
123.7
460 | 0 N
Zg
209.5
— || —4
———————

150

2014, where

Figure 6.22 EffectiveP width b = b.; + be, of internal compression elements

The second moment of area of the effective cross section when subjected only to

moment, takes the value:

I_ =102947672 mm*

eff,y

and the effective section modulus is

I I
stfymin = mln[ el:f',y IL}/"} = 431848 mm3
o z". "h-z";
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Evaluation of the critical temperature

As the bending moment diagram along the member is uniform the cross sectional
capacity is not more critical than the overall stability of the member. Although it is not
necessary, in this case, to check the resistance of the cross section, this verification will
be done here as an example.

Cross sectional verification
The collapse occurs, when:

N M

y,fi,Ed — 1

f f
Yy y
Aeff k0,2p,9 Weff,y,min kO,Zp,H
7 m,fi M, fi

fi,Ed

+

from where it is possible to obtain the value of the reduction factor for the 0,2% proof
strength of steel, ko, 2,0 at collapse.

N M

_ fi,Ed y,fi,Ed
kO,Zp,H = 3 + 3
A —y W v
eff eff ,y,min
Vm,fi M, fi

Substituting values in this equation, comes

K,, = N eq + Mypmea 20 v 29 0,157
02,0 f f, 744,18 153,31 '
eff eff,y,min
}/M,fi M, fi

By interpolation on Table 6.2 of this chapter or in Table E.1 of EN 1993-1-2 for the proof
strength at 0,2% plastic strain, the following critical temperature is obtained

B = 684 OC

Buckling resistance of the beam-column
The buckling length is:
I, =L =2700 mmm

The non-dimensional slenderness at elevated temperature is given by:

K

0,2p,0

K,

E,0

Ao =A-

This non-dimensional slenderness depends on the temperature and an iterative
procedure is needed to calculate the critical temperature. Starting with a temperature of
20°C at which k0,2p,9 = kE,g = 1,0:

— — A_f
Novoc = A = [|[—<fr
20°C N

where the Euler critical load

7°EI, 7% x210x108012500
2 2700

about the major axis is: N, = =30709 kN
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2 2
about the minor axis is: N, , = 7 El, _ 77 x210x2814900

=800 kN
2 2700

giving

A_f
Ty ~0,156
N

cr,y

about the major axis: A,,20c = A, =

AT
Y - 0,964
N

cr,z

about the minor axis: Az200c = 4; =

The reduction factor for the flexural buckling y,is evaluated using:
a=0,65- 235/fy =0,65-,235/355 =0,529

The reduction factors for flexural buckling 5 at normal temperature are:

about the major axis:
1 — —2
B, 200c = 5[1 + aldy00c + /1y,20°c:| =0,553

and

1

5 —2
¢y,20°C + ¢y,20°C — Ay 200¢

about the minor axis:

=0,922

Xy, 200c =

¢z,200c = %[1 + azz,zooc + Iﬁ,zooc} =1,220
and
1
—2
¢z,20°C + \/¢zz,2ooc - ﬂvz,ZOOC

The collapse occurs when the reduction factor for the 0,2% proof strength of steel, k5,0
takes the value:

=0,508

Xz200c =

k _ Nﬁ,Ed kyMy,ﬁ,Ed
0,2p,0 —
Zmin,fiAefffy Wé'ff,yfy
where:
_ /unyi,Ed
ky =1- <3
Yy
Iy,ﬁAefka,Zp,H o
M,fi
with

#, =(2B,, —5) A0 + 0,448, +0,29<0,8 with A0 <1,1
For a uniform bending diagram g,  takes the value, with y =1

,BM,y =1,8-1,7=1,8-1,7x1,0=1,1
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and so
4, :(2><1,1—5)><0,156+0,44><1,1+0,29=0,338
and

K —1— #yNi

y

=0,990

y
Zy,ﬁAeffko,Zp,o
Vm,fi

From which the degree of utilization is:

ko = —nes_ KMynes 965
02p.6 = AFf  W_.Ff '
Xmin, il erf!y eff,yly

By interpolation on Table 6.2 of this chapter or in Table E.1 of EN 1993-1-2 for the proof
strength at 0,2% plastic strain, the following intermediate critical temperature is
obtained

Bacr = 669 °C

The non-dimensional slendernesses at elevated temperature are a function of the
temperature and the following iterative procedure is needed:

e (Oc) Zyrﬁ IZ,é‘ Zmin,fi ky kO,Zp,e ea,cr (Oc)
20 0,156 0,964 0,508 0,990 0,182 669
669 0,155 0,956 0,512 0,943 0,176 673
673 0,155 0,956 0,512 0,943 0,176 673

After two iterations a critical temperature of 8, = 673 °C is obtained.

The critical temperature of the beam-column should be the minimum between the critical
temperature of the cross-section and the critical temperature of the member:

6,. =min(684°C; 673°C) = 673°C

6.6 Connections

This section deals with the fire design of bolted and welded joints. Tests and observations
from real fires have shown that joints perform well in fires and in many cases may be left
unprotected. For the case of bolted joints, Eurocode 3 states that net-section failure at
fastener holes need not be considered, provided that there is a fastener in each hole.
This is because the steel temperature in the joint is lower due to the presence of the
additional joint material.

Eurocode 3 states that the fire resistance of bolted and welded joints may be assumed to
be sufficient, provided that the following conditions are satisfied:

1. The thermal resistance (d¢ 4r). of the joint’s fire protection is equal to or greater
than the minimum value of the thermal resistance (d#/4f), of fire protection
applied to any of the connected members, where:
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dr is the thickness of the fire protection material. For unprotected members,
df = 0.
Jr is the effective thermal conductivity of the fire protection material.

2. The degree of utilisation of the joint is equal to or less than the maximum degree
of utilisation of any of the connected members. As a simplification, the utilisation
of the joint and its connected members may be calculated at ambient
temperature.

3. The resistance of the joint at ambient temperature is calculated in accordance
with the recommendations given in EN 1993-1-8.

As an alternative to the above method, the fire resistance of a joint may be determined
using the method given in Annex D of Part 1.2 of Eurocode 3. This method is presented
and discussed in the following sections.

6.6.1 Temperature of joints in fire

When verifying the fire resistance of a joint, the temperature distribution of the joint
components should be evaluated. These temperatures may be assessed using the local
section factors A/V of the parts forming the joint. As a simplification, a uniform
temperature distribution may be assumed within the joint. This temperature may be
calculated using the maximum value of the A/V ratios of the connected steel members
adjacent to the joint. For beam-to-column and beam-to-beam joints, where the beams
are supporting a concrete floor, the temperature distribution, 6,, of the joint may be
determined from the temperature of the bottom flange of the connected beam at mid
span using the method described below.

1. If the depth of the beam is less than or equal to 400 mm
6, = 0,880,[1-0,3(h / D)] (6.41)

where:
6, is the temperature at height h (mm) of the steel beam (Figure 6.23);
6, is the bottom flange temperature of the steel beam remote from the
connection, evaluated with Egns. (6.17) or (6.18);

h is the height of the component being considered above the bottom of the
beam in (mm) (Figure 6.23);

D is the depth of the beam in (mm).
2. If the depth of the beam is greater than 400 mm

-For h<D/2

6, = 0,886, (6.42)
-For h>D/2

0, =0.880,[1+0,2(1-2h/D)] (6.43)

where the meaning of the symbols is the same as for Egn. (6.41).
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glpe
glpe

Temperature Temperature
Profile Profile

D <400 mm D > 400 mm

0.620, \\

0.756,

U NN

| 0.886,

0.700,

0.886,

0.886,

Figure 6.23 Thermal gradient within the depth of a composite joint

(EN 1993-1-2)

6.6.2 Strength of bolts and welds at elevated temperature

Fire resistance of bolts and welds is based on the resistance at normal temperature
according to EN 1993-1-8 multiplied by the reduction factors for bolts and welds at
elevated temperatures given in Table 6.4.

Table 6.4 Strength reduction factors for bolts and welds

Temperature, 6, Reduction factor for Reduction factor for
(°C) bolts, &, , welds, k, ,
(Tension and shear)

20 1,000 1,000
100 0,968 1,000
150 0,952 1,000
200 0,935 1,000
300 0,903 1,000
400 0,775 0,876
500 0,550 0,627
600 0,220 0,378
700 0,100 0,130
800 0,067 0,074
900 0,033 0,018
1000 0,000 0,000
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6.6.2.1 Design fire resistance of bolts in shear

Category A: Bearing Type

The design fire resistance of bolts loaded in shear should be determined from:

F, tra = FyraKo,o T2 (6.44)
Vmfi
where:
F,rs 1 the design shear resistance of the bolt per shear plane calculated

assuming that the shear plane passes through the threads of the bolt
(Table 3.4 of EN 1993-1-8);

k,, is the reduction factor determined for the appropriate bolt temperature from
Table 6.4;

7w, 1S the partial safety factor at normal temperature;
7w s 1S the partial safety factor for fire conditions

The design bearing resistance of bolts in fire should be determined from:

Y
Fotra = Forakpo (6.45)

M, fi

where:

F,rs 1s the design bearing resistance of bolts at normal temperature determined
from Table 3.4 of EN 1993-1-8.

Category B (slip resistance at serviceability) and Category C (slip resistance at
ultimate state)

Slip restraint connections should be considered as having slipped in fire and the
resistance of a single bolt should be calculated as for bearing type bolts.

6.6.2.2 Design fire resistance of bolts in tension

Category D and E: non-preloaded and preloaded bolts

The design tension resistance of a single bolt in fire should be determined from:

Y
Frentra = FraKo, = (6.46)

Vm,fi

where:

F.rs is the tension resistance at normal temperature, determined from Table
3.4 of EN 1993-1-8.
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6.6.2.3 Design fire resistance of welds

Butt Welds

According to the Eurocode 3 the design strength of a full penetration butt weld, for
temperatures up to 700 ©°C, should be taken as equal to the strength of the weaker
connected part using the appropriate reduction factors for structural steel given in Table
6.2. For temperatures above 700 °C the reduction factors for fillet welds given in Table
6.4 can also be used for butt welds.

Fillet Welds
The design resistance per unit length of a fillet weld in fire should be determined from:

Fuea = Fugaku,s 212 (6.47)
M, fi
where:
F,rs is the design weld resistance per unit length at normal temperature
determined from Clause 4.5.3. EN 1993-1-8;
k is the strength reduction factors for welds determined from Table 6.4.

w,0

6.6.3 Worked examples

Example 5 - Bolted joint

Consider the S355 bolted tension joint shown in Figure 6.24. Assuming that the design
value of the tension force in fire situation is Ny = 195 kN, that the bolts are Grade 4.6,
M20 and that the shear plane passes through the unthreaded portion of the bolt.

a) What is the critical temperature of the joint and connected members?

b) Verify if the unprotected joint can be classified as R30.

40
A le el e e e |,
- H 704
66| bbb,
40] 60 | 60 | 40 JFJF 40| 60 | 60 | 40
5
N| | . 1T 1T T[T T T T |ﬁ’§12| N
D S R A S ) r—-
' T — 21 |

Tension member x cover plates

Figure 6.24 Bolted tension joint
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Solution
a) Critical temperature of the joint and connected members

Critical temperature of the members

As net-section failure at fastener holes need not be considered (provided that there is a
fastener in each hole), the gross cross-section design resistance Nj:rs Of the tension
member at time tis:

N irg =AK, of, [ Vs

The area of the gross cross-section is

A =24.150 = 3600 mm?

The collapse of the tension member occurs when:
Nyey =N

thus

fi,t,Rd

Nies =Niera = Naeg = AK, Vs
from where the reduction factor for the yield strength can be taken as

Nyew 195000

k&= - -0,153
""" Af /7., 3600-355/1,0

By interpolation in Table 6.2, the critical temperature of the tension member is
0,, =764,2°C

There is no need to evaluate the critical temperature of the cover plates in this example,
because their thickness is equal to half of the thickness of the connected members and
should resist to half of the applied tension force.

Critical temperature based on the shear resistance of the bolts

The design shear resistance of the bolt per shear plane calculated assuming that the
shear plane passes through the threaded part of the bolt (see definition of F, rgs in
Eurocode 3 Part 1-8)

0,6f,A,
Fv,Rd = :
Vm2

The design value of the shear resistance of a bolt per shear plane under fire conditions,
at time ¢, is given by

F

v,t,Rd

-F

v,Rd

VM2
kb,H
Vm fi

As there are 6 bolts with two shear planes the total resistance force of the bolts is

F

v,t,Rd, TOTAL

~12.F,

Ym2
v,deb,e

Vm i

The collapse occurs when
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N = Fv,t,Rd,TOTAL

= N

fi,Ed

~12.F

VM2
v,deb,e

M,fi

fi,Ed

from where the reduction factor for the bolts can be taken as
N

k fi,Ed

bo —

12.F, ,, Lm2

v,Rd
M, fi

In the present case
_0,6f,A 0,6-400-245

F, aa x107 =47 kN
' Yo 1,25
and
N,
K, = G 1951 e = 0,277
12.F, M2 12.47.~
' M, fi 1’

By interpolation in Table 6.4, the following critical temperature is obtained
0, ., =582,7°C

Critical temperature based on the bearing resistance of the bolts

According to Part 1-8 of Eurocode 3 the bearing resistance at normal temperature is
given by:
k.o f dt
Fb,Rd = b
Vm2
where:

- for end bolts in the direction of load transfer

a, —min| &:fw. 19
3d," f,

- for inner bolts in the direction of load transfer
R
=min| —-=; 4%-1,0
% [3d0 4" F

u

In the safe side it can be considered that all the bolts have the minimum bearing
resistance:

. [ e p 1 f
=min| —-; Lt ., w-10
i [3d0 3d, 4'F, J
There are only edge bolts in the direction perpendicular to the direction of load transfer,
thus

0 0

. e p
k, =min|2,8-2-1,7;1,4=2-1,7; 2,5

for all the bolts of the connection.

In this case
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e, =40mm; p, =60mm; t=24mm
e, =40mm; p, =70mm;
d=20mm; d, =22mm;

f,=400N/mm?; f, =510N/mm?

leading to

a, = min(;}gz; 3?22 —%; :?8, 1, Oj = min(0,61; 0,66; 0,78; 1,0) =0,61
and

k, :min(2,83—2—1,7; 1,42—2—1,7; 2,5} =min(3,39; 2,75; 2,5)=2,5

The design value of the bearing resistance of a bolt under fire condition, at time ¢, is
given by

F

b,t,Rd

- F

Ym2
b,deb,a

M, fi

As there are six bolts to resist to the applied tension force at each side

F

b,t,Rd, TOTAL

=6- Fb,deb,ﬁ Tz,

M, fi

The collapse occurs when

N F,

b,t,Rd, TOTAL

= Nﬁ'Ed:6~F

Ym2
b2t Kb 0

fi,kd —
Vm,fi

The reduction factor for the bolts can be taken as
N

fi,Ed

6 Fb,Rd Tina
Vm i

k

b,6

The bearing resistance is given by
k,af,dt 2,5.-0,61-510-20-24

Fora = =299x10°N =299kN
' VY2 1,25
and
N.
Ky, = i, Ed _ 1951 oz 0,087
6-Fy py 12 6-299
7M,ﬂ !

Interpolating for this reduction factor in Table 6.4, the following critical temperature is
obtained

6,. =739,5°C

The critical temperature of the joint is
0, =mMin(764,2°C; 582,7°C; 739,5°C) = 582,7°C
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b) Check if the joint can be classified as R30

The section factors of the tension member and the joint are respectively:

A, =2(O’024+0’15)=96,7m‘1
LV ember 0,024.0,15
and

A, :2(0,048+0,15):55m_1

LV Lot 0,048.0,15

After 30 minutes of standard fire exposure the member has the following temperature
obtained from the nomogram of Figure 6.9, using k_, =1,0

2

a,member

=7630C

which is lower than the critical temperature of the member (764,2°C), and thus the
member resists to 30 minutes of standard fire exposure.

After the same period of time the joint has the following temperature

0 =700°C

a, joint

which is higher than the critical temperature of the joint, and the joint cannot be
classified as R30.

Example 6 - Welded joint

Consider a welded tension joint in S355 steel, as shown in Figure 6.25. Assuming that
the design value of the tension force in the fire situation is Nses = 195 kN, what should
be the throat thickness of the fillet welds a, so that the unprotected joint has a fire
resistance of R30?

an

-} 200 ‘ 150 Z

250 |

N
N h&— | 24 | —pp
- | 24 !

Figure 6.25 Welded tension joint
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Solution

Verification of the fire resistance of the gross cross section

The gross cross section of the connected members is 150x24 mm?. This is the same as
the previous example, where it was found that the temperature after 30 minutes of
standard fire exposure is:

0 =7630C

a,member

For a temperature of 763°C, the reduction factor for the effective yield strength from
Table 6.2, takes the value

k,,=0,1544
As net-section failure at fastener holes need not be considered (provided that there is a

fastener in each hole) the gross cross-section design resistance Ng4rq Of the tension
member with a uniform temperature 6, = 763°C is:

N AK, f, | 745 = 24-150-0,1544 355 /1,0 =197 x10° N = 197 kN

fi,o,Rd —

This force is higher than the applied tension load in fire situation Nggs = 195 kN.

Throat thickness of the fillet welds

The section factor, A,/V, of the joint can be determined by considering a cross-section
perpendicular to the main direction of the joint.

A, 2:(0,2+0,048)

m

= =59m™
"4 0,2-0,024 +0,15-0,024

Assuming ks, = 1,0, the temperature of the joint can be determined from the nomogram
of Figure 6.9, giving

6=717 °C

According to the simplified method for design resistance of fillet weld, presented in
EN 1993-1-8, the design resistance of the fillet weld may be assumed to be adequate if,
at every point along its length, the resultant of all the forces per unit length transmitted
by the weld satisfy the following criterion:

Fw,Ed < Fw,Rd
where:
_f/AB
BuVua
f, =510 N/mm?, for the steel grade S355

w,Rd

B, =0,9, for the steel grade S355
a is the effective throat thickness of the fillet weld
Vs =1,25

leading to
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_f,/\3__510/\3

= = -a=261,7-aN/mm
BV ma 0,9-1,25

w,Rd

The design resistance per unit length of the fillet weld in fire, should be determined from
Eqn. (6.47):

Foyeng = Fy gk, p 222

w,t,Rd w,Rd"*w,0
Vm i

The reduction factor for welds for a temperature of 717°C can be determined from
Table 6.4 interpolating between 700°C and 800 ©°C:

k,,=0,12
leading to
Fuirs =261,7-a2-0,12- L 205 =a-39,255N/mm

U

Multiplying this value by the total length of the fillet weld (/ = 650 mm) the design value
of the fire resistance of the fillet weld is

Fo e raora =@-39,255-650 = a-25515,8N = a-25,5kN
It has to be
Fotragorac 2 Ngeg = @-25,52kN>195

and
a>7,64mm

A thickness of 8 mm would be enough to ensure a fire resistance of R30.
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7 Sustainability aspects of steel buildings and
components

7.1 Introduction to life cycle thinking

Life Cycle Analysis (LCA) is an objective process to evaluate the environmental burdens
associated with a product process or activity and to evaluate and implement
opportunities to affect environmental improvements. It enables to identify and quantify
material usage, energy requirements, solid wastes, and atmospheric and waterborne
emissions throughout the product life cycle (i.e. from raw material acquisition to
end-of-life, as illustrated in Figure 7.1).

Life cycle approaches are recommended by the Integrated Product Policy (IPP, 2003) for
the assessment of potential impacts of products.

Potential environmental impacts occur throughout all life cycle stages of a building or
other construction The main advantage of Life Cycle Thinking is that it avoids the shifting
of burdens from one life cycle stage to another, from one geographic area to another and
from one environmental medium (for example air quality) to another (for example water
or land) (UNEP, 2004).

W EICEIELS

Q)duction

\Recycling

Demolition Operation

Figure 7.1 Life cycle perspective

Moreover, life cycle approaches enable better choices for the longer term. It implies that
everyone in the whole chain of a product’s life cycle, from cradle to grave, has a
responsibility and a role to play, taking into account all the relevant impacts on the
environment (UNEP, 2004).

By the quantification of all the emissions into air, water and land that take place in every
life cycle phase, a life cycle approach enables to identify the most critical processes over
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the product or system life, thus enhancing the potential for environmental improvement
in the whole chain of the product.

This chapter focusses on LCA of steel products and steel buildings. In the first part the
normative framework for LCA, according to international standards, is introduced
followed by the discussion of specific aspects in the life cycle assessment of steel
structures. Finally, worked examples are provided in the end of the chapter, which enable
a better understanding of the methodology.

7.2 Life Cycle Analysis of construction works

7.2.1 General methodologies and tools

Construction is responsible for a major proportion of environmental impacts in the
industrial sector. During the last years there has been an increasing interest in the
environmental assessment of the built environment.

Currently there are two major classes of assessment tools for the built environment
(Reijnders and Roekel, 1999):

(i) qualitative tools based on scores and criteria;

(i) tools using a quantitative analysis of inputs and outputs based on life cycle
approach.

Within the first group of tools there are systems such as LEED (in the US), BREAM (in the
UK), GBTool (International Initiative for a Sustainable Built Environment (iiSBE)), etc.
These methods, also known as rating systems, are usually based on auditing of buildings
and on the assignment of scores to pre-defined parameters. Although mainly qualitative
some parameters may also be quantitative and even use Life Cycle Analysis (LCA),
mainly in the quantification of material credits. Usually these systems are used to obtain
green building certifications and eco-labels. However, this kind of tools is outside the
scope of this document, thus in the following the focus will be on the second group of
tools, which are based on life cycle approaches.

LCA can be directly applied to the building sector. However, due to its characteristics
there are additional problems in the application of standard life cycle to buildings and
other constructions. The main causes may be listed as (IEA, 2001):

(i) the life expectancy of buildings is long and unknown and therefore subjected
to a high level of uncertainties;

(i) buildings are site dependent and many of the impacts are local;

(iii) building products are usually made of composite materials which implies more
data to be collected and associated manufacturing processes;

(iv) the energy consumption in the use phase of a building is very much dependent
on the behaviour of the users and of the services;

(v) a building is highly multi-functional, which makes it difficult to choose an
appropriate functional unit;

(vi) buildings are closely integrated with other elements in the building
environment, particularly urban infrastructure like roads, pipes, green spaces
and treatment facilities, and it can be highly misleading to conduct LCA on a
building in isolation.

In relation to life cycle assessment of buildings and its components, a distinction is made
between LCA tools developed with aim of evaluating building materials and components
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In relation to life cycle assessment of buildings and its components, a distinction is made
between LCA tools developed with aim of evaluating building materials and components
(e.g. BEES (Lippiatt, 2002) and life cycle approaches for evaluating the building as a
whole (e.g. Athena (Trusty, 1997), Envest (Howard et al. 1999), EcoQuantum (Kortman
et al., 1998)). The latter are usually more complex as the overall building performance
depends on the interactions between individual components and sub-systems as well as
interactions with the occupants and the natural environment. The selection of an
appropriate tool depends on the specific environmental objectives of the project.

The precision and the relevance of LCA tools as a design aid were analyzed in a project
developed in the frame of the European thematic network PRESCO (Practical
Recommendations for Sustainable Construction) (Kellenberger, 2005). In this project,
several LCA tools were compared based on case studies, with the global aim of the
harmonization of LCA based assessment tools for buildings. Other comparative analysis
regarding tools for environmental assessment of the built environment may be found in
Jonsson (2000) and Forsberg & von Malmborg (2004).

As already referred, this document focuses on LCA and, in particular, its application to
steel structures. In the following sub-sections, the normative framework for LCA is
introduced. First, the international standards ISO 14040 (2006) and ISO 14044 (2006),
establishing the general framework for LCA, are presented followed by the new European
standards for the sustainability of construction works. It is noted that while the former
have a general application, the European standards focuses on the assessment of
buildings and other construction works.

7.2.2 Normative framework for LCA

7.2.2.1 Introduction

The International Standards ISO 14040 (2006) and 14044 (2006) specify the general
framework, principles and requirements for conducting and reporting life cycle
assessment studies. Regarding these standards, life cycle assessment shall include
definition of goal and scope, inventory analysis, impact assessment, and interpretation of
results. As represented in Figure 7.2, the various phases are interrelated and sometimes
an iterative procedure is necessary in order to fulfil the aim and goal of the study. The
different stages are detailed in the following sub-sections

Goal and scope ]:><:

Inventory ]:> <: Interpretation

Impact
assessment

Vs

4 )

Ve

N

-

& /

T
—

-

Figure 7.2 Normative framework for LCA (ISO 14044:2006)
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7.2.2.2 Definition of goal and scope

The goal of an LCA study shall clearly state the intended application, the reasons for
carrying out the study and the intended audience, i.e. to whom the results of the study
are intended to be communicated.

In the scope of an LCA Study the main issues to be considered and clearly described are
the functional unit and the system boundaries.

Function and functional unit

The scope of an LCA study shall clearly specify the functions of the system being studied.
A functional unit is a measure of the performance of the functional outputs of the product
system.

The primary purpose of a functional unit is to provide a reference to which the inputs and
outputs are related. This reference is necessary to ensure comparability of LCA results.
Comparability of results is particularly critical when different systems are being assessed
to ensure that such comparisons are made on a common basis.

System boundaries
The system boundaries determine which unit process shall be included within the LCA.

For a generic material, a LCA covers all stages from raw material production to
end-of-life, as illustrated in Figure 7.3.

Raw material Material ) _
[ acquisition JD[ production JI::>[ Material use JD[ End-of-life J

Figure 7.3 Processes included in a LCA of a generic material

When the LCA covers only the initial stages of material production the LCA is called a
cradle-to-gate analysis. If the complete cycle is addressed (from raw material production
to end-of-life) than the analysis is called a cradle-to-grave analysis. When recycling
processes are considered in the end-of-life and the secondary materials avoid the
production of new materials than the analysis is often called a cradle-to-cradle analysis.

Several factors determine the system boundaries, including the intended application of
the study, the assumptions made, cut-off criteria, data and cost constraints, and the
intended audience.

The selection of inputs and outputs, the level of aggregation within a data category, and
the modelling of the system should be modelled in such a manner that inputs and
outputs at its boundaries are elementary flows.

Data quality

In order to fulfil the goal and the scope of the analysis, the following requirements are
indicated in ISO 14044:

e time-related coverage: age of data and the minimum length of time over which
data should be collected;

e geographical coverage: geographical area from which data for unit processes
should be collected to;

e technology coverage: specific technology or technology mix;
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e precision: measure of the variability of the data values for each data expressed
(e.g. variance);

e completeness: percentage of flow that is measured or estimated;

e representativeness: qualitative assessment of the degree to which the data set
reflects the true;

e consistency: qualitative assessment of whether the study methodology is applied
uniformly to the various;

e reproducibility: qualitative assessment of the extent to which information about
the methodology and data;

e values would allow an independent practitioner to reproduce the results reported
in the study;

e uncertainty of the information (e.g. data, models and assumptions).

7.2.2.3 Life cycle inventory analysis

Inventory analysis involves data collection and calculation procedures to quantify
relevant inputs and outputs of a product system. These inputs and outputs may include
the use of resources and releases to air, water and land associated with the system.

The qualitative and quantitative data for inclusion in the inventory shall be collected for
each unit process that is included within the system boundaries.

Data collection can be a resource - intensive process. Practical constraints on data
collection should be considered in the scope and documented in the study report.

7.2.2.4 Life cycle impact assessment

General calculation method

The impact assessment phase of LCA is aimed at evaluating the significance of potential
environmental impacts using the results of the life cycle inventory analysis. In general,
this process involves associating inventory data with specific environmental impacts, and
is made of two parts:

(i) mandatory elements, such as classification and characterization;
(i) optional elements, such as normalization, ranking, grouping and weighting.

The classification implies a previous selection of appropriate impact categories, according
to the goal of the study, and the assignment of LCI results to the chosen impact
categories. Characterization factors are then used representing the relative contribution
of a LCI result to the impact category indicator result. According to this method impact
categories are linear functions, i.e. characterization factors are independent of the
magnitude of the environmental intervention, as given by Eqn. (7.1):

impact_.; = Z m; x charact _ factor, ; (7.1)
i

where mj is the mass of the inventory flow / and charact_factor.., ; is the characterization
factor of inventory flow j for the impact category.

In relation to the optional steps in LCA, normalization is usually needed to show to what
extend an impact category has a significant contribution to the overall environmental
impact. In the weighting step the normalized result of each impact category is assigned a
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numerical factor according to its relative importance. Weighting is based on value-choices
rather than natural sciences, thus the ISO standard 14044 distinguishes between internal
and external applications, and if results are intended to be compared and presented to
the public, then weighting should not be used.

Grouping is another optional step of life cycle assessment in which impact categories are
aggregated into one or more sets. In this case, according to ISO 14044, two possible
procedures can be used: sorting of the category indicators on a nominal basis and
ranking of the category indicators on an ordinal scale.

This document focuses on the mandatory steps of LCA; therefore, the optional elements
referred above are not further addressed in this text.

Calculation of potential environmental impacts

The aim of LCA is to assess the potential environmental impacts associated with
identified inputs and releases. In the following paragraphs a brief introduction to the
most common environmental categories in LCA is provided in the following paragraphs.

i) Global warming potential (GWP)

The “Greenhouse effect” is due to the Infrared (IR) active gases, which are naturally
present in the Earth’s atmosphere (e.g. H,O, CO, and 0O3), that absorb the terrestrial
(infrared) energy (or radiation) leaving the Earth and reflect some of this heat back to
earth, contributing to warm the surface and the lower atmosphere.

The concentration of these gases, also known as Green House Gases (GHG), has been
increasing since the industrial period, and is enhancing the natural Earth’s greenhouse
effect, causing a temperature rise at the Earth’s surface and giving rise to concern over
potential resultant climate changes.

Not all GHG are alike. While CO, is the most ubiquitous GHG, there are a number of other
gases which contribute to climate change in the same way as CO2. The effect of different
GHG is reported using Global Warming Potential (GWP).

GWHP is a relative measure of the amount of CO, which would need to be released to have
the same radiative forcing effect as a release of 1 kg of the GHG over a particular time
period. GWP is therefore a way of quantifying the potential impact on global warming of a
particular gas.

GWPs were calculated by the Intergovernmental Panel on Climate Change (IPCC, 2007)
for three time horizons of 20, 100 and 500 years and they are indicated in Table 7.1 for
three of the most important greenhouse gases and for the three time horizons.

Table 7.1 GWPs for given time horizons (in kg CO, eq./kg) (IPCC, 2007)

20 years 100 years 500 years
Carbon Dioxide (CO,) 1 1 1
Methane (CH,) 62 25 7
Nitrous oxide (N,O) 275 298 156

Hence, according to Eqn. (7.2), the determination of the indicator “Global Warming” is
given by,

Global Warming = Y GWP, xm, (7.2)
i
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where, m; is the mass of substance i released (in kg). This indicator is expressed in kg of
CO, equivalents.

ii) Ozone Depletion Potential (ODP)

Ozone-depleting gases cause damage to stratospheric ozone or the “ozone layer” by
releasing free radical molecules which breakdown ozone (O3).

Damage to the ozone layer reduces its ability to prevent ultraviolet (UV) light entering
the earth’s atmosphere, increasing the amount of carcinogenic UVB light hitting the
earth’s surface. This in turn results in health problems in humans such as skin cancer or
cataracts and sun related damage to animals and crops.

The major ozone depleting gases are CFCs, HCFCs and halons.

Growing concern in the 1980s led to world-wide efforts to curb the destruction of the
ozone layer, culminating in the Montreal protocol which banned many of the most potent
ozone depleting gases.

Ozone depletion potential is expressed as the global loss of ozone due to a substance
compared to the global loss of ozone due to the reference substance CFC-11. This gives
ODP a reference unit of kg chlorofluorocarbon-11 (CFC-11) equivalent. The
characterization model has been developed by the World Meteorological Organization
(WMO) and defines the ozone depletion potential of different gases. Hence, OPDs,
assuming a steady-state, are indicated in Table 7.2 for selected substances (Guinée et
al., 2002).

Table 7.2 OPDs for some substances (in kg CFC-11 eq./kg) (Guinée et al., 2002)

Steady-state (t & ™)
CFC-11 1
CFC-10 1,2
Halon 1211 6,0
Halon 1301 12,0

Hence, according to Eqn. (7.3), the determination of the indicator “Global Warming” is
given by,

Ozone Depletion=" ODPxm, (7.3)

where, m; is the mass of substance j released (in kg). This indicator is expressed in kg of
CFC-11 equivalents.

iii) Acidification Potential (AP)

Acidification is the process where air pollution (mainly ammonia (NH3), sulphur dioxide
(SO,) and nitrogen oxides (NO,)) is converted into acid substances. Acidifying
compounds emitted into the atmosphere are transported by wind and deposit as acidic
particles or acid rain or snow. When this rain falls, often a considerable distance from the
original source of the gas, it causes ecosystem damage of varying degrees, depending
upon the nature of the landscape ecosystems.

Acidification potential is measured using the ability of a substance to release H+ ions,
which is the cause of acidification, or it can be measured relative to an equivalent release
of SO,.
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The characterisation factors adopted in this work are based in the model RAINS-LCA,
which takes fate, background depositions and effects into account (Guinée et al., 2002).
Thus, the average European characterisation factors for acidification are represented in
Table 7.3.

Table 7.3 Acidification potentials (in kg SO, eq./kg) (Guinée et al., 2002)

Ammonia Nitrogen Oxide Sulphur Dioxide
(NH3) (NOy) (s02)
APi 1,60 0,50 1,20

Thus, the determination of the indicator acidification is given by Egn. (7.4),
Acidification=")_ AP xm, (7.4)

where, m; is the mass of substance j released (in kg). This indicator is expressed in kg of
SO0, equivalents.

iv) Eutrophication Potential (EP)

Nutrients, such as nitrates and phosphates, are usually added to the soil through
fertilization to stimulate the growth of plants and agricultural products. These nutrients
are essential for life, but when they end up in sensitive natural water or land areas, this
unintended fertilization may result in overproduction of plants or algae, which, in turn,
can smother other organisms when they die and begin to decay. Therefore,
Eutrophication or nutrient enrichment can be classified as the over-enrichment of water
courses. Its occurrence can lead to damage of ecosystems, increasing mortality of
aquatic fauna and flora and to loss of species dependent on low-nutrient environments.
This leads to an overall reduction in the biodiversity of these environments and has
knock-on effects on non-aquatic animals and humans who rely on these ecosystems.

Eutrophication is measured using the reference unit of kg nitrogen or phosphate
equivalents. As such it is a measure of the extent to which a substance in the water
causes the proliferation of algae, with nitrogen or phosphate as the reference substance.
The major contributors to eutrophication are nitrogen compounds, such as nitrates,
ammonia, nitric acid and phosphoric compounds including phosphates and phosphoric
acid.

Taking phosphate as the reference substance, the characterization factors for selected
substances are indicated in Table 7.4 (Guinée et al., 2002).

Table 7.4 Eutrophication potentials (in kg PO; eq./kg) (Guinée et al., 2002)

Ammonia Nitrogen Oxide Nitrate Phosphate
(NH3) (NOy) (N) (P)
Epi 0,35 0,13 0,10 1,00

Hence, the eutrophication indicator is given by Egn. (7.5),

Eutrophication=")_EP, x m, (7.5)
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where, m; (kg) is the mass of substance i released to the air, water or soil. This indicator
is expressed in kg of POﬁ’ equivalents.

v) Photochemical Ozone Creation Potential (POCP)

In atmospheres containing nitrogen oxides (NOx), a common pollutant and volatile
organic compounds (VOCs), ozone and other air pollutants can be created in the
presence of sunlight. Although ozone is critical in the high atmosphere to protect against
ultraviolet (UV) radiation, low level ozone is implicated in impacts as diverse as crop
damage and increased incidence of asthma and other respiratory complaints.

The most common manifestation of the effects of high levels of POCP-contributing gases
is in the summer smog seen over large cities such as Los Angeles or Beijing. The
principal source of NOx emissions is fuel combustion while VOCs are commonly emitted
from solvents, which are heavily used in paints and coatings.

The POCP impact category is a measure of the relative ability of a substance to produce
ozone in the presence of NOx and sunlight. POCP is expressed using the reference
substance ethylene. Characterization factors for POCP have been developed using the
United Nations Economic Commission for Europe (UNECE) trajectory model.

POCPs were calculated for two scenarios (Guinée et al., 2002):
e a scenario with a relatively high background concentration of NOx;
e a scenario with a relatively low background concentration of NOx.

These two characterization factors are indicated in Table 7.5 for some selected
substances.

Table 7.5 POCPs for different concentration of NO, and for some substances (in
kg C,H,; eq./kg) (Guinée et al., 2002)

High-NO, Low-NO,
POCPs POCPs
Acetaldehyde (CH3;CHO) 0,641 0,200
Butane (C4H10) 0,352 0,500
Carbon monoxide (CO) 0,027 0,040
Ethyne (CyH,) 0,085 0,400
Methane (CH,) 0,006 0,007
Nitrogen oxide (NOy) 0,028 no data
Propene (CszHg) 1,123 0,600
Sulphur oxide (SOy) 0,048 no data
Toluene (CgHsCH5) 0,637 0,500

Thus, the determination of the indicator Photo-oxidant formation is given by Eqn. (7.6),
Photo—oxidant formation= ZPOCRxmi (7.6)

where, m; is the mass of substance i released (in kg). This indicator is expressed in kg of
ethylene (C,H,) equivalents.
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vi) Abiotic Depletion Potential (ADP)

Abiotic depletion indicators aim to capture the decreasing availability of non-renewable
resources as a result of their extraction and underlying scarcity. Two types of indicators
are herein considered:

e Abiotic Depletion Elements, addressing the extraction of scarce elements (and
their ores);

e Abiotic Depletion Energy/Fossil Fuels, addressing the use of fossil fuels as fuel or
feedstock.

The Abiotic Depletion Potential for elements (ADPgements) is determined for each
extraction of elements based on the remaining reserves and rate of extraction. The ADP
is based on the equation Production/Ultimate Reserve which is compared to the reference
case, Antimony (Sb) (Guinée et al., 2002). Different measures use the economic or
ultimate reserve within the earth’s crust.

Therefore, the Abiotic Depletion Potential (Elements) of resource i (ADP;) is given by the
ratio between the quantity of resource extracted and the recoverable reserves of that
resource, expressed in kg of the reference resource, Antimony, and the characterization
factors for some selected resources are indicated in Table 7.6.

Table 7.6 Abiotic depletion potentials for some elements (in Sb eq./kg) (Guinée
et al., 2002)

Resource ADP element
Aluminium 1,09E-09
Cadmium 1,57E-01
Copper 1,37E-03
Iron 5,24E-08
Lead 6,34E-03

Thus, the determination of the indicator Abiotic Depletion (Elements) is given by Eqn.
(7.7),

Abiotic Depletion= ZADR xm, (7.7)

where, m; is the quantity of resource i extracted (in kg). This indicator is expressed in kg
of antimony (the reference resource).

Fossil Fuels were originally measured in the same way, but since 2010 they have been
calculated slightly differently. In this case, an absolute measure is considered, based on
the energy content of the fossil fuel (Guinée et al., 2002). This does not take into
account the relative scarcity of different fossil fuels as fossil fuels are largely transferable
resources, but in reality these only vary by 17% between coal (the most common) and
gas (the most scarce). The indicator Abiotic Depletion Fossil is expressed in MJ.

7.2.2.5 Life cycle interpretation

Interpretation is the last step of LCA, in which the findings from the inventory analysis
and the impact assessment are combined together. The main aim of this stage is to
formulate the conclusions that can be drawn from the results of the LCA. In addition, the
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results of previous stages of LCA and the choices made during the entire process should
be analyzed, namely the assumptions, the models, the parameters and data used in the
LCA should be consistent with the Goal and Scope of the study.

7.2.2.6 Illustrative example

In order to illustrate the different steps of life cycle assessment described in the previous
paragraphs, a small example is herein provided.

1%t step) Inventory analysis

For the production of 1 kg of a generic insulation material, the following emissions (see
Table 7.7) were collected in the inventory stage.

Table 7.7 Emissions collected from the production of 1 kg of an insulation

material
Emissions Value (in kg)

carbon monoxide (CO) 0,12
carbon dioxide (CO,) 0,60
ammonia (NHs) 0,01
methane (CH,) 0,05
nitrogen oxides (NOy) 1,02
phosphorus (P) 0,35
sulfur dioxide (S0,) 0,10

2" step) Impact assessment

For the impact assessment stage the following environmental categories are selected:
(i) global warming potential (GWP);
(i) acidification potential (AP);
(iii) eutrophication potential (EP).

The characterization factors of each emission for each environmental category are
provided in Table 7.8.

Table 7.8 Characterization factors for selected environmental categories

GWP AP EP
(kg CO, eq.) (kg SO, eq.) (kg PO; eq.)
carbon monoxide (CO) 1,53 - -
carbon dioxide (CO,) 1,00 - -
ammonia (NHs) - 1,60 0,35
methane (CH,) 23,00 - -
nitrogen oxides (NOy) - 0,50 0,13
phosphorus (P) - - 3,06
sulfur dioxide (S0,) - 1,20 -
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Hence, the results of each environmental category are obtained from the product of each
contributing emission by its respective characterization factor (e.g., for GWP:
0,12 x 1,53 + 0,60 x 1,00 + 0,05 x 23 = 1,93 kg CO, eq.) leading to the results
indicated in Table 7.9.

Table 7.9 Final results of the selected environmental Indicators

GWP (kg CO; eq.) AP (kg SO, eq.) EP (kg PO; eq.)
1,93 0,65 1,21

7.2.3 European standards for LCA of construction works

7.2.3.1 Sustainability of construction works

The European Committee for Standardization (CEN) was mandated in 2005 for the
development of harmonized, horizontal (i.e. applicable to all products and building types)
approach for the measurement of embodied and operational environmental impacts of
construction products and whole buildings, taking into account a lifecycle perspective.

CEN-TC 350 develops standards, technical reports and technical specifications to provide
methodologies and indicators for the sustainability assessment of buildings. The work
developed in TC350 is organized in different levels (framework, building and product
levels), as illustrated in Table 7.10. In addition, standards are developed to cover
environmental, economic and social aspects.

Table 7.10 Working program of CEN TC350

General framework for sustainability assessment of buildings
Framework Framework of Framework of social Framework of economic
level environmental performance performance
performance
Building Assessment of Assessment of social Assessment of
| | environmental performance economic performance
eve performance
Product Environmental product
level declarations

This chapter focusses on the environmental assessment. Therefore, only the standards
developed for the environmental assessment are hereafter referred: EN 15804 (2012)
and EN 15978 (2011), respectively for the assessment at the product level and at the
building level.

7.2.3.2 Product level

EN 15804 (2012) provides core category rules enabling the production of Environmental
Product Declarations (EPDs) for any construction product and construction service. EPDs
are type III environmental declarations according to ISO 14025 (2006) that provide
quantified environmental data of products, based on life cycle analysis and other relevant
information.

A brief overview of the methodology provided in the standard is given in the following
paragraphs focusing on the following key aspects: functional unit, life cycle stages and
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environmental indicators. For a complete overview of the methodology the reading of the
standard is advised.

Functional unit and declared unit

A functional unit is a measure of the performance of the functional outputs of the product
system. It provides a reference by which all input and output data are normalized. When
the precise function of the product at the building level is not known then a declared unit
is used instead. Examples of a declared unit in EPDs are for instance: 1 kg of steel in
sections, 1 cubic metre of concrete, etc.

However, any comparative assertions shall be based on the functional unit.

Life cycle stages

The system boundaries establish the scope of the life cycle analysis, i.e., determines the
processes that are taken into account in the analysis. In this standard the life cycle is
represented by a modular concept as illustrated in Table 7.11.

Table 7.11 Modules of a building life cycle (EN 15804, 2012)

Product Constru. Use End-of-life
Stage stage stage stage
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The production stage includes modules Al to A3, the construction stage includes modules
A4 and A5, the use stage includes modules Bl to B7, the end-of-life stage modules
includes C1 to C4, and module D includes the benefits and loads beyond the system
boundary. In the following paragraphs a brief description of each stage and
corresponding information modules is provided.

i) Product stage

The product stage includes the information modules Al to A3. The system boundary with
nature is set to include those processes that provide the material and energy inputs into
the system and the following manufacturing, and transport processes up to the factory
gate as well as the processing of any waste arising from those processes. This stage
includes:

v Al - Extraction and processing of raw materials; reuse of products or materials
from a previous product system; processing of secondary materials used as input
for manufacturing the product;

v A2 - Transportation up to the factory gate and internal transport;
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v' A3 - Production of ancillary materials, manufacturing of products and by-products;

and manufacturing of packaging.

i) Construction stage

The construction process stage includes the information modules for:

v A4 - Transportation from the production gate to the construction site;

v' A5 - Installation of the product into the building including manufacture and
transportation of ancillary materials and any energy or water required for
installation or operation of the construction site. It also includes on-site operations
to the product.

iii) Use stage

The use stage includes two types of information modules. Modules related to the building
fabric (modules B1-B5) and modules related to the operation of building (modules
B6-B7):

v

Bl - Use of the installed product in terms of any emissions to the environment
arising from components of the building and construction works during their
normal (i.e. anticipated) use;

B2 - Maintenance covers the combination of all planned technical and associated
administrative actions during the service life to maintain the product installed in a
building in a state in which it can perform its required functional and technical
performance, as well as preserve the aesthetic qualities of the product;

B3 - Repair covers a combination of all technical and associated administrative
actions during the service life associated with corrective, responsive or reactive
treatment of a construction product or its parts installed in the building to return it
to an acceptable condition in which it can perform its required functional and
technical performance;

B4 - Replacement covers the combination of all technical and associated
administrative actions during the service life associated with the return of a
construction product to a condition in which it can perform its required functional
or technical performance, by replacement of a whole construction element;

B5 - Refurbishment covers the combination of all technical and associated
administrative actions during the service life of a product associated with the
return of a building to a condition in which it can perform its required functions;

B6 - Energy use to operate building integrated technical systems, together with its
associated environmental aspects and impacts including processing and
transportation of any waste arising on site from the use of energy;

B7 - Operational water use by building integrated technical systems, together with

its associated environmental aspects and impacts considering the life cycle of
water including production and transportation and waste water treatment.
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iii) End-of-life stage

The end-of-life stage of the construction product includes all outputs that have reached
the “end-of-waste” state, resulting from dismantling, deconstruction or demolition of the
building. The end-of-life stage includes the optional Information modules:

v C1 - Deconstruction, including dismantling or demolition, of the product from the
building, including initial on-site sorting of the materials;

v C2 - Transportation of the discarded product as part of the waste processing, e.g.
to a recycling site and transportation of waste e.g. to final disposal;

v C3 - Waste processing e.g. collection of waste fractions from the deconstruction
and waste processing of material flows intended for reuse, recycling and energy
recovery.

v' C4 - Waste disposal including physical pre-treatment and management of the
disposal site.

iv) Benefits and loads beyond the product system boundary

Information module D includes all the net benefits or loads resulting from reusable
products, recyclable materials and/or useful energy carriers leaving a product system
e.g. as secondary materials or fuels.

Types of life cycle analyses

Depending on the information modules included in the system boundary, different types
of life cycles analyses are considered.

When only information modules Al to A3 are taken into account the LCA is called “cradle
to gate”.

On the other side, a “cradle to gate with options” is a LCA that takes into account
information modules Al to A3 plus optional modules such as end-of-life information
modules (C1 to C4) and/or information module D.

Finally, a “cradle to grave” analysis is a LCA taking into account all information modules
Al to C4. In this case, module D may also be taken into account.

Life Cycle Impact Assessment

For the stage of life cycle impact assessment, two types of environmental categories are
considered according to EN 15804: environmental indicators describing environmental
impacts and environmental indicators describing input and output flows. Both types of
indicators are indicated in the following paragraphs.

i) Indicators describing environmental impact

Six indicators are provided for the description of the impacts on the natural
environmental, which are indicated in Table 7.12.
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Table 7.12 Indicators describing environmental impacts (EN 15804, 2012)

Indicator Unit
Global warming potential (GWP) kg CO, equiv
Depletion potential of the stratospheric ozone kg CFC 11 equiv
layer (ODP)
Acidification potential of land and water (AP) kg SO* equiv
Eutrophication potential (EP) kg (PO4)* equiv
Formation potential of tropospheric ozone kg Ethene equiv

photochemical oxidants (POCP)

Abiotic Resource Depletion Potential for kg Sb equiv
elements (ADP_elements)

Abiotic Resource Depletion Potential of fossil MJ]
fuels (ADP_fossil)

These indicators were already presented in the previous section of this document.
i) Indicators describing input and output flows

Additional indicators are deemed for describing inputs and output flows. Therefore,
indicators describing the resource use are indicated in Table 7.13. These indicators
describe the use of renewable and non-renewable primary energy and water resources
and they are calculated directly from input flows of the LCI.

Table 7.13 Indicators describing resource use (EN 15804, 2012)

Indicator Unit
Use of renewable primary energy excluding MJ, net calorific
energy resources used as raw material value
Use of renewable primary energy resources MJ, net calorific
used as raw material value
Use of non-renewable primary energy MJ, net calorific
excluding primary energy resources used as value
raw material
Use of non-renewable primary energy MJ, net calorific value
resources used as raw material
Use of secondary material kg
Use of renewable secondary fuels MJ]
Use of non-renewable secondary fuels MJ]
Use of net fresh water m?>

Also directly based on the input flows of the LCI are the indicators describing waste
categories and output flows. The former are indicated in Table 7.14 and the latter in
Table 7.15. Moreover, for the quantification of these indicators, scenarios are established
for the appropriate processes and stages.

408



Sustainability aspects of steel buildings and components

M. Veljkovic and H. Gervasio

Table 7.14 Indicators describing waste categories (EN15804, 2012)

Indicator Unit
Hazardous waste disposed kg
Non-hazardous waste disposed kg
Radioactive waste disposed kg

Table 7.15 Indicators describing the output flows leaving the system (EN15804,

2012)

Indicator Unit
Components for re-use kg
Materials for recycling kg

Materials for energy recovery kg
(not being waste incineration)
Exported energy MJ for each energy
carrier

7.2.3.3 Building level

EN 15978 (2011) provides calculation rules for the assessment of the environmental
performance of new and existing buildings based on a life cycle approach. It is intended
to support the decision-making process and documentation of the assessment of the
environmental performance of a building.

The methodology provided in this standard follows the category rules defined in
EN 15804. In the following paragraphs only a few aspects differing from EN 15804 are
referred. For a complete overview of the methodology the reading of the standard is
recommended.

Functional equivalent

The functional equivalent is defined as the “quantified functional requirements and/or
technical requirements for a building or an assembled system (part of works) for use as a
basis for comparison”. Hence, comparison between buildings or systems will only be
acceptable if the functions provided are the same. At least the following aspects shall be
included in the functional equivalent of a building:

0] building typology (e.g. residential, office, etc.);
(i) pattern of use;
(iii) relevant technical and functional requirements; and

(iv) required service life.

Life cycle stages and impact assessment

According to this standard, the environmental assessment “includes all upstream and
downstream processes needed to establish and maintain the function(s) of the building”.

The information linked to the products integrated in the building is required to assess the
environmental performance at the building level. This information should be consistent,
and therefore, the same information modules of EN 15804 are taken into account in
EN 15978.
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Likewise, the life cycle impact assessment at the building level is based on the indicators
from Table 7.12 to Table 7.15.

7.3 Sustainability and LCA of steel structures

7.3.1 Production of steel

Generally there are two different routes for steel manufacture (Worldsteel, 2011): the
primary production and the secondary production.

The primary production generally refers to the manufacture of iron (hot metal) from iron
ore in a blast furnace (BF), which is subsequently processed in the basic oxygen furnace
(BOF) to make steel.

The secondary process or recycling route is typically the electric arc furnace (EAF)
process, which converts scrap into new steel by remelting old steel.

However, as illustrated in Figure 7.4, primary steel production is not exclusive to the
BF/BOF route and similarly secondary steel production is not exclusive to the EAF. Hence,
both the EAF and BF/BOF processes produce primary and secondary steel.

The subsequent steelmaking processes do not depend on the production route, i.e. they
are common to both routes.

BF/BOF

Process
Iron
ore
Primary [Secondary
steel steel
Iron
—

EAF

Process
Scrap

Figure 7.4 Primary/secondary steel production (based in (Worldsteel, 2011))

Therefore, in both processes scrap is an input and an output of the steel making process,
and the methodology to address scrap allocation in LCA is described in the next sub-
section.
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7.3.2 Allocation of recycling materials and Module D

7.3.2.1 Introduction

Steel is 100% recyclable and scrap can be converted to the same quality of steel
depending upon the metallurgy and recycling route (Worldsteel, 2011). Therefore, in the
end-of-life of a steel structure, the structure is most probably dismantled and steel is
sent for recycling or reusing (partially or completely). According to data from the Steel
Recycling Institute (2009), in North America, the recycling rate of structural steel is
about 97,5%. Graphs represented in Figure 7.5, show the trend of the recycling rates of
structural steel and reinforcement steel in the construction sector, respectively.

The reuse and recycling of steel is a multi-functionality issue, requiring the use of an
allocation process, as described in the following text.

7.3.2.2 Allocating processes

Most industrial processes are multifunctional, i.e., their output entails more than one
product and the inputs for the production of products often include intermediate or
discarded products. An allocation problem occurs when an appropriate decision is needed
in order to allocate the input/output flows to the functional unit provided by the product
system under study.

Allocation is defined in ISO 14040 (2006) as “partitioning the input or output flows of a
process or a product system between the product system under study and one or more
other product system”. Thus, an allocation process addresses the partition of flows
between unit processes or product systems.

100% 70%
98% -
60% -+

96% - -
94% - 50%
92%
90% 40%:
88% - 30% |
86% -+
2a% - 20% -
82% 1

¥ 10%
80%
78% -+ 0% -+

1997 1998 1999 2000 2001 2002 2003 2004 2005 2006 2007 1597 1998 1993 2000 2001 2002 2003 2004 2005 2006 2007
(a) (b)

Figure 7.5 Recycling rates of (a) structural steel and (b) reinforcement steel
(Steel Recycling Institute, 2009)

According to ISO 14044 (2006), allocation should be avoided either by dividing the unit
process to be allocated into two or more sub-processes and collecting the input and
output data related to these sub-processes or by expanding the product system to
include the additional functions related to the by-products (system expansion).

System expansion includes the avoided burden approach, which eliminates
surplus-functions from the multifunctional process by subtracting equivalent mono-
functional processes to obtain a mono-functional process.

When neither subdivision of processes nor system expansion are feasible for the scope
and goal of the study, then allocation is unavoidable. In this case, two alternatives are
recommended by ISO 14044 (2006): (i) the partition of inputs and outputs of the system
is based on physical (or chemical or biological) causal relationships; or (ii) the allocation
is based on other relationships (e.g. economic value of the products).
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The consideration of reuse and recycling of materials is a multi-functionality issue,
implying the use of allocation processes. The allocation principles and procedures
mentioned above also apply to recycling and reuse situations, although in this case, the
changes in the inherent properties of materials shall be taken into consideration when
choosing the allocation procedure to be used (ISO 14044, 2006).

In this case, three main situations may occur (Werner, 2005):

i) material’s inherent properties are not changed over the considered product
system and the material is to be reused in the same application;

ii) material’s inherent properties are changed over the considered product system
and the material is to be reused in the same application;

iii) material’s inherent properties are changed over the considered product system
and the material is to be used in other applications.

In the first case, there is a closed-loop situation in which the substitution of primary
material is assumed to be complete and therefore, no environmental burdens from
primary material production or final disposal are allocated to the product system. The
second case corresponds to an open-loop approach assuming a closed-loop situation. In
this case, the changed material properties are considered irrelevant and recycling is
addressed as a closed-loop situation. Finally, in the last case, there is an open-loop
situation where the substitution of primary material is assumed to be partial. In this
case, environmental burdens due to primary material production or final disposal have to
be partially allocated to the system under study.

According to ISO 14044 (2006), in the case of a closed-loop situation allocation is
avoided since the use of secondary material replaces the use of raw materials.

7.3.2.3 Avoiding scrap allocation

During the life cycle of steel, scrap arises from the manufacture phase, the final
processing phase and the end-of-life phase (see Figure 7.6). Thus, an allocation
procedure has to be taken into account for scrap outputs from the whole life system.
Furthermore, as already described, steel is processed via different production routes, and
the allocation of scrap inputs to steelmaking is another issue to be considered.

( 1\
Primary steel manufacture
L J secondary steel
»”l
< L manufacture
_ v . ’y
Steel product manufacture >
\ ) scrap
( 1\
Final processing >
L ) scrap
4 1\
Use phase
(. J
( 1\
End-of-life >
L ) scrap

Figure 7.6 System boundary of LCI including end-of-life data on scrap
(Worldsteel, 2011)
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Finally, steel can be recycled or reused many times and an appropriate allocation method
is needed to address multiple recycling and reuse of steel components.

Therefore, the adopted methodology to address the allocation problem of steel is the
closed material loop recycling approach developed by the World Steel Association
(Worldsteel, 2011). This methodology was developed in order to generate LCI data of
steel products, accounting for end-of-life recycling. The adoption of a closed-loop
approach is justified by the fact that scrap is re-melted to produce new steel with little or
no change in its inherent properties. In this case, following the guidance of ISO standard
14044, the need for allocation is avoided since the use of secondary material replaces the
use of raw (primary) materials.

As already explained, steel may be produced by the Blast Furnace (BF) route and by the
Electric Arc Furnace (EAF). The main difference between the two routes is the input of
scrap in the steelmaking process.

Thus, considering the two main routes for steel processing, and assuming the LCI data
for steel production via the BF route (assuming 100% raw material) given by X, and the
LCI data for steel production via the EAF route (assuming 100% secondary steel) given
by X.., then the LCI data associated with scrap is given by Eqn. (7.8) (Worldsteel, 2011):

LCI Y (Xpr = Xe) (7.8)

scrap —

where, Y is the metallic yield, representing the efficiency of the secondary process in
converting scarp into steel. According to the World Steel association (Worldsteel, 2011),
about 1,05 kg of scrap is required to produce 1 kg of secondary steel.

Considering the BF route, assuming 100% input of raw material and a recovery rate
(fraction of steel recovered as scrap over the life cycle of a steel product) of RR, then, at
the end of the life-cycle, the net scrap produced is given by RR. Therefore, the LCI for
1 kg of steel, including the end of life, is given by the LCI for primary manufacture with a
credit for the scrap produced, as given by Eqn. (7.9):

LCI = X, —RR|Y (X = X, )| (7.9)

On the other end, assuming that 1 kg of secondary steel is used to produce new steel via
the EAF route, and at the end of life RR kg of steel is recovered for recycling, then, the
net scrap consumed is given by (1/Y - RR). In this case, the LCI for 1 kg of steel,
including the end of life, is given by the LCI for secondary manufacture with a debit for
the scrap consumed, as expressed by Eqn. (7.10):

LCT = X,o +(YY =RR)[ Y (X, — X, | (7.10)

Rearranging Egn. (7.10) it leads to Eqgn. (7.9), indicating that the LCI of the system does
not depend upon the source of the material. It depends on the recycling ratio of steel at
the end of life and the process yield associated with the recycling process. Hence, Eqn.
(7.9) allows allocating steel scrap independently of the production route of steel.

The previous expressions were derived assuming 100% primary production and 100%
secondary production. In reality, steel products produced via the primary route may also
include some scrap consumption and products from the EAF may also include a small
percentage of raw materials. In this case, the debit or credit given by Egn. (7.8) may be
re-written as expressed by Eqn. (7.11):
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LClypnp = (RR=S)xY (X, — X, ) (7.11)

scrap

where, (RR - S) represents the net scrap at the end-of-life. Considering the LCI data of a
finished steel product given by X’, then the LCI for the product, including the end-of-life
recycling, is given by Egn. (7.12),

LCI = X'=[(RR=S)xY (X, ~ X, | (7.12)

According to the European standards, EN 15804 and EN 15978, the credits or debits
given by Eqn. (7.11) are allocated to Module D.

The closed loop recycling approach described in the previous paragraphs is the approach
adopted in the tool described in the following sub-section. Hence, Eqn. (7.12) is adopted
in the LCA methodology, to produce LCI data for steel products, including recycling at the
end-of-life.

The importance of taking into account Module D in the LCA is illustrated in Worked
Example 1.

7.3.3 Data and tools for LCA of steel structures

7.3.3.1 EPDs of steel products

One of the main barriers for the realization of a LCA is often the lack of data. Currently
there are different databases available (e.g. Ecoinvent (Frischknecht and Rebitzer, 2005),
PE Database (GaBi, 2012), etc.), which are usually included in commercial software for
LCA. These databases provide generic data of products and services but are often
limited, in particular in relation to construction materials.

Therefore, EPDs are a good source of data for LCA. EPDs are usually available, for free,
from any registration program for type III environmental declarations. These registration
systems verify and register EPDs and keep a library of EPDs and PCRs in accordance with
the corresponding standards.

The use of EPDs as input data to perform LCA is illustrated in Worked Example 3.

7.3.3.2 Simplified methodologies for LCA

The construction sector is increasingly subjected to sustainability pressures:
environmental product declarations, low energy building, etc. However, stakeholders are
not always properly trained to be able to analyse the environmental performances of
construction products.

Thermal performances of new buildings have been framed by regulations for a few years,
compelling architects to have a good control and knowledge of the use phase of
buildings. On the opposite, embodied energy and carbon footprint of materials are less
known, but progressively integrated in calls for tenders. Few actors of the sector have
the expertise to address both aspects.

Currently there are different tools for LCA and energy calculation of buildings. The tools
differ in terms of scope and complexion, but usually required some level of expertise in
the field.
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In order to enable a simplified assessment of buildings in early stages of design, when
usually data available is scarce, two simplified approaches were developed in the aim of
the European research project SB_Steel (2014):

O] A methodology for simplified life cycle approach based on macro-components
(Gervasio et al., 2014);

(i) A methodology for the calculation of the energy needs of a building for space
cooling and space heating, which includes the energy need for domestic hot
water production (Santos et al., 2014).

Both approaches are based on the principles of the European standards EN 15978 and
EN 15804. The former includes the information modules indicated in Table 7.9, except
Modules A5, B1, B6 and B7. The latter focusses exclusively in information Module B6.

Both approaches were implemented into software tools in the aim of the European
dissemination project LVS®: Large Valorisation on Sustainability of Steel Structures. The
methodology based on macro-components was implemented into an application called
Buildings LCA for mobile phones and tablets, which may be freely downloaded from the
AppStore (version for iPhones and iPads) or Google Play (android version). The
methodology enabling the calculation of the energy needs of a building was implemented
into AMECO, a tool developed by ArcelorMittal.

The calculation of the operational energy of buildings, although is an important issue, will
not be further addressed in this chapter. The tool used in the worked examples provided
in the next section is Buildings LCA. Hence, in the following paragraphs a brief
description of the tool is provided.

7.3.3.3 LCA based on the macro-components approach

Introduction

The building fabric, external and internal, plays a major role in the behaviour of the
building in terms of the energy consumption and environmental burdens. This led the
way for the creation of pre-assembled solutions for the main components of the building,
i.e., the macro-components. Therefore, macro-components are pre-defined assemblages
of different materials that fully compose the same component of a building (Gervasio et
al., 2014).

For each building component different solutions were pre-assembled and the model used
for the life cycle analysis of building, based on macro-components, is detailed in the
following paragraphs.

i) Goal and scope

The goal of the tool is to quantify the environmental impacts of a simple building or
building components, using predefined macro-components. Therefore, the approach
enables the assessment to be made at two different levels: (a) the product and/or
component level; and (b) the building level.

Three different types of LCA may be performed: a cradle to gate, a cradle to gate plus
Module D and a cradle to grave (including Module D).

ii) Life Cycle Inventory

Most environmental datasets are provided from the database of GaBi software (2012),
except for steel data. Steel datasets are provided by World Steel Association (Worldsteel,
2011) in collaboration with PE International.

iii) Life Cycle Impact Assessment
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The environmental categories selected to describe the environmental impacts correspond
to the environmental categories recommended in the European standards (EN 15804 and
EN 15978) and they are indicated in Table 7.12.

The modular concept of the aforementioned standards was adopted in the approach.
Therefore, the output of the life cycle environmental analysis is provided per information
module or by the aggregate value of each stage.

The life cycle environmental analysis of each macro-component was performed by GaBi
software (2012).

Classification of macro-components

Macro-components were defined for different building components according to the
UniFormat classification scheme (2010). The following categories are considered: (A)
Substructure, (B) Shell and (C) Interiors. Each main category is further sub-divided. The
detailed classification scheme is represented in Table 7.16

Table 7.16 Building component classification scheme (UniFormat, 2010)

(A) (A40) Slabs-on- (A4010) Standard
Substructure grade slabs-on-grade
(B1010) Floor (B1010.10) Floor structural frame
construction (B1010.20) Floor decks, slabs
(B10) and toppings

Superstructure (B1020) Roof (B1020.10) Roof structural frame

construction (B1020.20) Roof decks, slabs and
(B) Shell sheathing

(B2010.10) Ext. wall veneer

(B2010) Exterior walls )
(B2010.20) Ext. wall construction

(B20) Exterior (B2020) Exterior
vertical enclosures windows
(B2050) Exterior
doors
(B30) Exterior (B3010) Roofing
horl'zonta' (B3060) Horizontal
enclosures openings
(C) Interiors (C10) Interior (C1010) Interior
construction partitions
(C2010) Wall finishes
(C20) Interior (C2030) Flooring
finishes (C2050) Ceiling
finishes

Within each building component the corresponding macro-components have the same
function and have similar properties. The functional unit of each macro-component is
1 m? of a building component with similar characteristics, to fulfil a service life of 50
years.
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Illustrative example of a macro-components assemblage

In some cases, in order to fulfil the function of a building component, different
macro-components have to be considered simultaneously. An illustrative example is
herein provided for an interior slab of a residential building.

Hence, for an interior slab of a building the following macro-components are selected:
(i) a macro-component for flooring (C2030);
(i) a macro-component for a floor structural system (B1010.10);
(iii) a macro-component for ceiling finishes (C2050).

The selected assemblage of macro-components is illustrated in Table 7.17.

1%t step) Functional unit and estimated service life of materials

The functional unit of the building component is an interior slab (per m?) of a residential
building, with a required service life of 50 years. The selected macro-components have to
fulfil the same functional unit of the building component. Therefore, the estimated
service life of the different materials has to be taken into account.

All materials indicated in Table 7.17 are considered to have a service life of 50 years,
except ceramic tiles and painting, with a service life of 25 years and 10 vyears,
respectively.

2" step) Scenarios and assumptions

In order to fulfil the environmental information in all modules, scenarios and assumptions
are needed.

Table 7.17 Macro-components assemblage for an interior slab

Macro-components Macro- Material Thickness (mm)/
assemblage components Density (kg/m?)
_ Ceramic tiles 31 kg/m?
C2030 Flooring
‘ Concrete screed 13 mm
C2030
0SB 18 mm
Air cavity 160 mm
B1010.10 Floor Rock | 40
| structural ock woo mm
e system Light weight 14 kg/m?
: - ‘ steel
B1010.10 C2050 Gypsum board 15 mm
C2050 Ceiling Painting 0,125 kg/m?
finishes

The functional unit is related to a time-span of 50 years. This means that each material
in the macro-component needs to fulfil this requirement. Hence, materials with an
expected service life lower than 50 years need to be maintained or even replaced during
this period. Therefore, different scenarios are assumed for each material in order to
comply with the time span of the analysis. Likewise, in the end-of-life stage, each
material has a different destination according to its inherent characteristics. Thus, for
each material an end-of-life scenario is considered taking into account the properties of
each material.

All the aforementioned scenarios are set in accordance with the rules provided in
EN 15804 and EN 15978.
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i) Scenarios for the transportation of materials (Modules A4 and C2)

The transportation distances between the production plants to the construction site
(module A4) and the distances between the demolition site and the respective
recycling/disposal places (module C2) are assumed, by default, to be 20 km and the
transportation is made by truck with a payload of 22 tonnes. However, the designer is
able to specify other distances, enabling sensitivity analysis to be made in relation to the
transportation of different materials.

ii) Scenarios for the use stage (Modules B1:B7)

Scenarios are pre-defined for the different materials in order to fulfil the required time
span of 50 years. Therefore, in relation to the above macro-components assembly, the
following scenarios are set:

e substitution of ceramic tiles every 25 years;
e painting of ceiling every 10 years.

iii) Scenarios for the end of life stage (Modules C1:C4) and recycling (Module D)

Different end-of-life scenarios are specified for the materials according to their inherent
characteristics, as indicated in Table 7.18. Thus, OSB is considered to be incinerated
(80%) in a biomass power plant and credits are given to energy recovery. Steel is
recycled, assuming a recycling rate of 90%, and credits are obtained due to the net scrap
in the end of the life-cycle process. Likewise, rock wool is considered to be recycled
(80%). However, due to the lack of data of the recycling process, no credits are obtained
apart from the reduction of waste sent to landfill.

Table 7.18 EOL options for materials

Material Disposal/Recycling scenario Credits
Ceramic tiles Landfill (100%) -
Concrete screed Landfill (100%) -
Gypsum ) o -
plasterboard Landfill (100%)
Rock wool Recycling (80%) + Landfill (20%) -
0SB Incineration (80%) + Landfill (20%)  Credit due to energy

recovery
Light-weight steel Recycling (90%) + Landfill (10%) Credit due to net scrap

All the remaining materials were considered to be sent to a landfill of inert materials.
3" step) LCA of the macro-component

The results of the macro-component assemblies illustrated in Table 7.17, are represented
in Table 7.19, per m2.
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Table 7.19: Life cycle environmental analysis of macro-components (per m?)

Impact
category  A1-A3 A4 B4 c2 ca D TOTAL
ADPelem. 4 gor 03 6,59E-09 1,83E-03 5,76E-09 5,03E-07 -1,96E-04 3,49E-03
[kg Sb-Eq.]
ADFMfJO]SS" 1,31E4+03 2,45E400 8,12E4+02 2,14E+00 2,31E+01 -3,35E4+02 1,82E+03

AP 2 47E-01 7,91E-04 9,14E-02 6,85E-04 1,01E-02 -4,45E-02 3,05E-01
[kg SO, Eq.]

EP_ 2,61E-02 1,82E-04 1,40E-02 1,57E-04 1,54E-03 -1,01E-03 4,09E-02
[kg PO;”"Eq.]

GWP 8,38E+01 1,77E-01 6,48E+01 1,54E-01 6,80E+00 -1,45E+01 1,41E+02
[kg CO;, Eq.]

ObP 2 80E-06 3,09E-12 2,04E-06 2,70E-12 1,27E-09 1,76E-07 5,01E-06
[kg R11 Eq.]

POCP

3,41E-02 -2,58E-04 1,43E-02 -2,23E-04 2,62E-03 -1,07E-02 3,98E-02
[kg Ethene Eq.]

All macro-components in the database of the tool were computed in a similar way. As
already referred, these macro-components enable to perform the life cycle analysis at the
product level or at the building level, as exemplified in the following worked examples.

7.4 Life cycle analysis of steel products

7.4.1 Worked examples

7.4.1.1 Example 1: LCA of a steel beam

The aim of this example is to perform a LCA of a steel beam, in which the importance of
informative module D is highlighted. Hence, the initial scope of the analysis is a
cradle-to-gate analysis (Modules Al to A3), i.e., it includes all the stages related to the
production of the steel beam, until the gate of the factory. The selected beam is indicated
in Figure 7.7.

The beam has three spans and a total length of 21 m and is located in alignment E,
between axis 1 and 4, in the 2™ floor of the building, as illustrated in Figure 7.8. The
beam is made of a hot-rolled IPE 600 section, in steel S355.

The LCA is performed by the use of the tool Buildings LCA?! and the detailed steps of the
analysis are described in the following paragraphs.

1t Step) Selection of steel section

The selection of the steel section is made in the left column of the application, as
indicated in Figure 7.9.

! The version of Buildings LCA used in the exercises is for iPad and/or android tablet
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.00 m 14.50 my 4.50 m 14.009m

Figure 7.8 Location of the steel beam in plan

2" Step) Input of data

The input parameters are introduced in the right column of the application (see Figure
7.9). Apart from the length of the beam (21 m), it is necessary to introduce the lifespan
of the analysis and to define the scope of the analysis.

The lifespan of the analysis is herein considered to be 50 years. However, it is noted that
in this case this information is irrelevant since the maintenance of the beam is not
included in the scope of the analysis. As already referred, the scope of the analysis is a
cradle-to-gate.

It is possible to define a coating system for the steel element; however, this option was
not considered in this example.

3" Step) Calculation and analysis of results

The calculation is performed once the Calculate bottom, in the upper right corner (see
Figure 7.9), is selected.
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Figure 7.9 Input data for the beam

The results of the analysis are presented in Figure 7.10. Two types of indicators are
provided: indicators describing the environmental impacts and indicators describing
primary energy demand.

Full Report - LVS3

Indicaluvs describing environmental impacts
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g C0F Eq ) 400023

PaCFC11 Ea) [ 2tees

o C2H Eal 20000 |
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i

] A1-AT
[Totsl deenand ig o I ME 5 Smed
[Tortad ceenand in.c 9 [T & (et

Pécor ven. Resourcen iy c.v 3 5 1oued
Mort ren. Resources in.c.d ;| 4 900+t
151043
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Figure 7.10 LCA calculation of the steel beam

Since the scope of the analysis was a cradle-to-gate, only the results from modules Al to
A3 are provided.

The detailed output report of the analysis may be printed directly from the application or
sent by email to the user.
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4% Step) LCA, including Module D

A new LCA is performed for the same beam taking into account the recycling at the
end-of-life stage, i.e. Module D.

In this case additional data is needed: the recycling rate at the end-of-life stage. In the
example a recycling rate of 99% was considered, as indicated in Figure 7.11.

No SIM + 1238 1 00%
<1 orH sections CALCULATOR Calculate
. - -
rewo o 2% w0 [
IPE A 500 ] o Lifespan | 50_|
oo o i (s
' JR
eems 0 vty = N
Fabrication Hol Rolled
IPE A 550 o o Add your @ Procedure [—I
company
- 1
IPE 0 550 ] it o
I&adb-b—m+chlpg l
IPE 600 ©
G 122.45 a
IPE A 600 0] Recycling |—99‘\
rate S
IPE 0 600 9 600.00
IPE 750 x 147 > ] b 220.00 19 Syplen °
IPE 750 x 173 0 1w 12,00
IPE 750 x 196 1] e 19.00

Figure 7.11 New input data

5t Step) Re-calculation and analysis of results

After re-calculation, the results of the LCA, including Module D, are illustrated in Figure
7.12. Thus, in this case the results of the analysis are given for Modules A1-A3 and D.

Full Report - LVS3

Indicators describing emvironmental impacts

Uit A1-AY

P &0 Ea) 28402 |
2] 4 B

P 502 Ea) j 11641

g PO4- Ea) [TI0H

g CO2 Ea 4 e

o CFG-11 Fa) 0.14e5

b3 G b [ 20se

Indicators describeng primary energy demand

L ma
LMl || 53eed
g S.0bur4

] || Sldeed
| A
| | 1813
| [ 181ea

Figure 7.12 New calculation
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Two indicators were selected to illustrate the relevance of Module D: global warming
potential and primary energy demand. The graph of Figure 7.13, shows the reduction
enabled by adding informative module D to the scope of the analysis: about -37% and
-26% for global warming and primary energy demand, respectively.

# Cradle-to-gate

# Cradle-to-gate +
Module D

GWP PRIMARY ENERGY
Figure 7.13 Comparative analysis - influence of Module D

7.4.1.2 Example 2: LCA of a steel column

The aim of the example is to perform the LCA of a steel column. In this case, the scope
of the analysis is a cradle-to-grave analysis (Modules A to C) plus recycling (Module D),
i.e., it includes all the stages related to the production of the steel column plus the
end-of-life recycling. Moreover, it is assumed that the column is coated with a
solvent-based paint and that the coating is partially replaced every 10 years. The total
lifespan of the building is assumed to be 50 years. The selected column is indicated in
Figure 7.14.

Figure 7.14 LCA of a steel column
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The column has a total length of 30 m and it is made of a HEB 320 section, in steel
S355.

The LCA is performed by the use of the tool Buildings LCA and the detailed steps of the
analysis are described in the following paragraphs.

1%t Step) Selection of steel section

The selection of the steel section is made in the left column of the application, as
indicated in Figure 7.15.

2" Step) Input of data

The input parameters are introduced in the right column of the application (see Figure
7.15). In this case, a length of 30 m is introduced for the column and a lifespan of 50
years is considered for the analysis. The scope of the analysis is a cradle-to-grave plus
recycling. A recycling rate of 99% is assumed for the steel column.

It is considered that the column is coated with a solvent-based paint and the
maintenance of the coating system, over the lifespan of the analysis, is made according
to the following scenario: the coating is partially replaced (80%) ewvery 10 years. No
transportation is considered between the stages.

Mo SIM ¥ moo 245 -

< CALCULATOR
HE HE 360 B
—— - A, o -
e | s Recycli l
HE 240 AA 0 j— | Cradle-to-grave + ing
HE 340 A )] i i b - —
. Recycing 99
HE 540 B 0 e rulg
vl H
HE 240 M L] Coating System [~
0 Add your E:"‘\

HE 560 AA L) company N Goating Systam oo .
HE 360 A © Type of Coating

| Solvent paint l

3 |

St o G 141.80

Total/partial replacemeant
HE 560 M 0

80

HE 400 AA ® " 360.00
HE 400 A ol = 300.00 10
HE {00 B ) Lw 12.50

Transportation ©
HE 400 M © e 22,50

Figure 7.15 Input data for the column

3" Step) Calculation and analysis of results

The results of the analysis are presented in Figure 7.16 for the indicators describing the
environmental impacts and indicators describing primary energy demand.

The results are provided per module and by the total. Since no transportation was
considered, Modules A4 and C2 have zero values.
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Figure 7.16 LCA calculation of the steel column

7.4.1.3 Example 3: Comparative LCA of columns

The aim of this example is to perform the LCA of the steel column presented in Exercise
3, taking into account alternative designs. The scope of the analysis is a cradle-to-grave
analysis (Modules A to C) plus recycling (Module D). No coating and transportation
between stages are considered in the analysis.

Only the column between the 1% and 2™ floors will be considered, as indicated in Figure
7.17. Thus, the column has a length of 4,335 m.

The functional unit is this example is: a restrained column, 4,335 m long, with a load
bearing capacity of an axial force of 1704 kN and a bending moment of 24,8 kNm
(around the strong axis for the profile column). All alternative designs for the column
must fulfill the same functional unit.

In addition, the aim of this example is to show the use of Environmental Product
Declarations (EPDs) as input data for LCA. In this case, the LCA is performed by the use
of data provided from current EPDs of steel products provided by the Norwegian EPD
foundation (available from www.EPD-norge.no).

The detailed steps of the analysis are described in the following paragraphs.
1%t Step) Design of the column

For the design of the column five different sections are considered: a hot-rolled HEB, a
hot finished and a cold formed circular hollow section, and a hot finished and a cold
formed square hollow section. Taking into account the functional unit, the design of the
column for the five solutions, is indicated in Table 7.20.
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Figure 7.17 Comparative LCA of a steel column

Table 7.20 Alternative design of the column

Cross-section Fabrication Weight EPD
procedure (kg/m)

HEB 280 Hot-rolled 103,12 EDP no. 00239E (2014)
SHS 260X12 Hot-finished 92,23 EDP no. 00241E (2014)
SHS 260X12 Cold-formed 92,23 EDP no. 00240E (2014)

CHS 323.9X12 Hot-finished 92,30 EDP no. 00241E (2014)
CHS 323.9X12 Cold-formed 92,30 EDP no. 00240E (2014)

2" Step) Gathering of data

In this example, EPDs are collected for the steel products indicated in Table 7.20 and
they are indicated in the same table. It is noted that data provided in the EDPs is related
to a declared unit of “per kg building steel structure with an expected service life of 100
years”. Therefore, to compile the results of the analysis, data provided from EPDs is
multiplied by the total amount of steel in each design solution. The respective results are
presented in Figure 7.18 for selected environmental indicators.
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Figure 7.18 Results of the comparative analysis (a) Global warming potential (in

kg CO, eq.), (b) Acidification potential (in SO, eq.), (c) Eutrophication potential

(in PO, eq.) and (d) Total use of non-renewable primary energy resources (in
MJ)

7.5 Life cycle analysis of steel buildings

7.5.1 Worked examples

7.5.1.1 Example 4: LCA of a steel building

The aim of this example is to perform the LCA of the steel building referred over this
publication. The load-bearing structure is made of a hot-rolled steel structure, as
illustrated in Figure 7.19. The total lifespan of the building is assumed to be 50 years.

The example is divided in two parts: (i) in the first part the LCA of the load bearing
structure is performed and (ii) in the second part, the LCA is performed for the remaining
building components (slabs, walls, etc).
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Figure 7.19 (a) Elevation view of the steel building and (b) structural wire
frame

The scope of the analysis is a cradle-to-grave analysis (Modules A to C) plus recycling
(Module D). In addition, the following assumptions were considered for the analysis:

v type of coating for the steel structure - water based paint, with a partial
replacement of 50% every 20 years;

v' transportation Module A4 - 100% of steel transported by truck over 200 km;
v/ transportation Module C2 - 100% of steel transported by truck over 100 km;
v' the recycling rate of steel (RR) is assumed to be 99% for all steel elements.

The bill of materials for the steel structure is indicated in Table 7.21, leading to a full
tonnage of about 405 tonnes of steel.

Table 7.21 Bill of materials for the steel structure

Beams Length (m) Columns Length (m)
IPE 400 2239 HEB 340 93

IPE 600 160 HEB 320 438

IPE 360 1916 HEB 260 567
HEA 700 32

The LCA is performed by the use of the tool Buildings LCA, which enables the LCA to be
performed at two levels: product level and building level. The detailed steps of the
analysis are described in the following paragraphs.
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Part 1: LCA of steel structure
1%t Step) Selection of steel sections

The selection of the steel section is made in the left column of the application, as
indicated in the previous exercises. The analysis is made individually for each steel
section indicated in Table 7.21.

2" Step) Input of data

Likewise, the input parameters are introduced in the right column of the application, as
described for the previous exercises. In this case, the length of each steel element varies
according to Table 7.21.

In all cases a lifespan of 50 years is considered for the analysis. The scope of the analysis
is a cradle-to-grave plus recycling. A recycling rate of 99% is assumed for all steel
elements. Moreover, the scenarios for the coating system and transportation described in
the previous paragraphs are taken into account for all steel elements.

3" Step) Calculation and analysis of results

The results of the analysis obtained for each steel section were summed up and they are
indicated in Table 7.22 and Table 7.23 for the indicators describing the environmental
impacts, and Table 7.24 for the indicators describing primary energy demand.

Table 7.22 Indicators describing environmental impacts

Indicator ADP elements ADP fossil AP EP3_
[kg Sb Eq.] [M]] [kg SO2 Eq.] [kg PO, Eq.]
Al1-A3 -4,47E+00 7,95E+06 1,87E+03 1,46E+02
A4 1,53E-04 5,69E+04 1,82E+01 4,18E+00
B2 8,31E-03 2,53E+05 3,59E+01 3,12E+400
Cc2 7,58E-05 2,81E+04 9,02E+00 2,07E+00
c4 2,03E-05 7,91E+02 3,45E-01 5,29E-02
D -2,39E+00 -2,20E+06 -5,58E+02 -1,54E+01
TOTAL -6,84E+00 6,08E+06 1,37E+03 1,40E+02
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Table 7.23 Indicators describing environmental impacts (cont.)

Indicator GWP ODP POCP

[kg CO2 Eq.] [kg CFC-11 Eq.] [kg C2H4 Eq.]

Al1-A3 6,55E+05 1,44E-02 3,51E+02
A4 4,10E+03 7,17E-08 -5,92E+00

B2 1,52E+04 3,52E-06 2,80E+01

c2 2,03E+03 3,55E-08 -2,93E+00

Cc4 2,32E+02 4,33E-08 8,97E-02

D -2,35E+05 7,47E-03 -1,25E+02
TOTAL 4,41E+05 2,19E-02 2,45E+02

Table 7.24 Indicators describing primary energy demand

Total Total Non ren. Non ren. Ren. Ren.
Indicat demand demand Resourc. Resourc. Resourc. Resourc.
ndicator (g9.c.v) (n.c.v) (g.c.v) (n.c.v) (g.c.v) (n.c.v)
[M]] [M]] [M]3] [M]] [M]] [M]]
A1-A3 8,63E+06 8,21E+06 8,37E+06 7,96E+06 2,54E+05 2,54E+05
A4 6,32E+04 5,91E+04 6,10E+04 5,69E+04 2,23E+03 2,23E+03
B2 2,92E+05 2,68E+05 2,75E+05 2,53E+05 1,59E+04 1,59E+04
C2 3,13E+04 2,92E+04 3,02E+04 2,81E+04 1,10E+03 1,10E+03
Cc4 9,11E+02 8,50E+02 8,51E+02 7,91E+02 5,87E+01 5,87E+01
D -2,13E+06 -2,07E+06 -2,26E+06 -2,20E+06 1,27E+05 1,27E+05
TOTAL 6,88E+06 6,50E+06 6,48E+06 6,10E+06 4,00E+05 4,00E+05

Part 2: LCA of building components

4™ Step) Selection of macro-components for the building

The selection of the building macro-components is made in the left column of the
application, as indicated in Figure 7.20.

Macro-components may be selected for the fagades, partitions, internal floors and roof.
In this case, the selected macro-components are indicated in Table 7.25. The details
about the calculation of macro-components, including assumptions and scenarios
considered, are provided in Annex A. The selection of the macro-component for the
internal floors is illustrated in Figure 7.21.
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Table 7.25 Selected macro-components for the building

Macro-component
reference

Material layers

Thickness [mm]
Density [kg/m?]

‘
T
f 'u Y .l-- -.:u -f .:- !

|
T L T T e T T T T T T T T T T LT, TL

B1020.10

C2050

B1020.10 Roof
structural frame

Composite steel-
concrete deck
Gypsum board

200 mm

15 mm

C2050 Ceiling
finishes

Painting

0,125 kg/m?

Interior floor

| C2030 C2030 Flooring Ceramic tiles 31 kg/m?
‘ Concrete screed 13 mm
B1010.10 Floor Polyethylene foam 10 mm
structural frame Composite steel- 200 mm
‘ concrete deck
B1010.10 C2050 Gypsum board 15 mm
C2050 Ceiling Painting 0,125 kg/m?
finishes
Facade
B2010.10 Exterior ETICS 13,8 kg/m?
B2010.10 7| C2010 wall veneer
B2010.20 Exterior 0SB 13 mm
i wall construction
_'Z Rock wool 120 mm
Light weight steel 15 kg/m?
M Gypsum board 15 mm
_': C2010 Interior wall Painting 0,125 kg/m?
i finishes
Partitions
- C2010 Interior wall Painting 0,125 kg/m?
C2010 FEeC2010 finishes
. : C1010 Interior Gypsum board 15 mm
partitions Rock wool 60 mm
Light weight steel 10 kg/m?
SR ) Gypsum board 15 mm
% C2010 Interior wall Painting 0,125 kg/m2
Ty finishes
C1010
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Lot

€ Single & multi-family...

Fagades

Partitions

Internal Floors

Ground Floor

Roof

o 0 0 0 O

Facades
Partitions

Internal Floors
Ground Floor

Roof

1408

75% -
Calculate
Q Number of floors
| d
Height of building
( a
Lifespan

Scope of the Analysis

(Oradlo-to-gl_'ave + Recycling '

Selection of Building Type
[B
—
L
L]

Figure 7.20 Selection of macro-components and input data

Close

Figure 7.21 Selection of the macro-component for internal floors
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5% Step) Input of data for the building

The remaining input parameters are introduced in the right column of the application
(see Figure 7.20). The building has 8 floors and a total height of 33 m. The area of the
building, in the horizontal plane, is rectangular with a wide of 21 m and a length of 45 m.

The scope of the analysis is a cradle-to-grave plus recycling. In this case, no further data
is needed, since all the assumptions needed for the calculation of each macro-component
are pre-defined and stored in the database of the application (see details in Annex A).

6" Step) Calculation and analysis of results

The results for the building (except load-bearing structure) are presented in Table 7.26
and Table 7.27 for the indicators describing the environmental impacts and Table 7.28
for the indicators describing primary energy demand.

Table 7.26 Indicators describing environmental impacts

Indicator ADP elements ADP fossil AP EI:_
[kg Sb Eq.] [M]] [kg SO2 Eq.] [kg PO4 " Eq.]
Al-A3 6,51E+00 1,23E+07 3,31E+03 3,45E+02
A4 1,94E-04 7,20E+04 2,33E+01 5,37E+00
B2 6,02E+00 2,46E+06 2,47E+02 2,75E+01
Cc2 1,69E-04 6,31E+04 2,01E+01 4,61E+00
c4 1,32E-02 5,11E+05 2,23E+02 3,42E+01
D -2,20E+00 -2,78E+06 -6,10E+02 -1,73E+01
TOTAL 1,03E+01 1,26E+07 3,21E+03 4,00E+02

Table 7.27 Indicators describing environmental impacts (cont.)

Indicator GWP ODP POCP

[kg CO2 Eq.] [kg CFC-11 Eq.] [kg C2H4 Eq.]

A1-A3 1,22E+06 1,24E-02 4,50E+02
A4 5,19E+03 9,08E-08 -7,60E+00

B2 1,73E+05 6,75E-03 4,62E+01

c2 4,52E+03 7,92E-08 -6,54E+00

C4 1,57E+05 2,81E-05 5,78E+01

D -2,31E+05 5,53E-03 -1,29E+02
TOTAL 1,33E+06 2,47E-02 4,12E+02
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Table 7.28 Indicators describing primary energy demand

Total Total Non ren. Non ren. Ren. Ren.

Indicator demand demand Resourc. Resourc. Resourc. Resourc.
(g.c.v) (n.c.v) (g.c.v) (n.c.v) (g.c.v) (n.c.v)

[MJ] [MJ] [M]] [MJ] [MJ] [MJ]
A1-A3 1,46E+07 1,38E+07 1,33E4+07 1,25E4+07 1,30E4+06 1,30E+06
A4 8,01E+04 7,47E+04 7,74E+04 7,20E+04 2,82E+03 2,82E+03
B2 2,94E+06 2,69E+06 2,88E+06 2,63E+06 6,49E+04 6,49E+04
C2 6,98E+04 6,53E+04 6,76E+04 6,31E+04 2,47E+03 2,47E+03
c4 5,88E+05 5,51E+05 5,51E+05 5,11E+05 3,81E+04 3,81E+04
D -2,81E4+06 -2,69E+06 -2,92E+06 -2,81E+06 1,12E+05 1,12E+05
TOTAL 1,55e+07 1,45e+07 1,40E4+07 1,30E+07 1,52E+06 1,52E+06

The detailed results of the analysis,

provided in Annex B.
Part 3: LCA of steel building

7" Step) Calculation and analysis of results

The complete LCA of the building, i.e. load-bearing structure (calculated in Part 1) plus
building components (calculated in Part 2) is given by the sum of Table 7.22, Table 7.23,
Table 7.26 and Table 7.27, for the indicators describing the environmental impacts, and
the sum of Table 7.24 and Table 7.28, for the indicators describing primary energy

demand.

including the LCA for each building component, is

The results are presented in Table 7.29 and Table 7.30 for the indicators describing the
environmental impacts.

Table 7.29 Indicators describing environmental impacts

Indicator ADP elements ADP fossil AP EP
[kg Sb Eq.] [MJ] [kg SO, Eq.] [kg PO4> Eq.]
Al1-A3 2,04E+00 2,03E+07 5,18E+03 4,91E+02
A4 3,47E-04 1,29E+05 4,15E+01 9,55E+00
B2 6,03E+00 2,71E4+06 2,83E+02 3,06E+01
Cc2 2,45E-04 9,12E+04 2,91E+01 6,68E+00
c4 1,32E-02 5,12E+05 2,23E+02 3,43E+01
D -4,59E+00 -4,98E+06 -1,17E+03 -3,27E+01
TOTAL 3,46E+00 1,87E+07 4,58E+03 5,40E+02
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Table 7.30 Indicators describing environmental impacts (cont.)

Indicator GWP oDP POCP
[kg CO2 Eq.] [kg CFC-11 Eq.] [kg C2H4 Eq.]
A1-A3 1,88E+06 2,68E-02 8,01E+02
A4 9,29E+03 1,63E-07 -1,35E+01
B2 1,88E+05 6,75E-03 7,42E+01
C2 6,55E+03 1,15E-07 -9,47E+00
C4 1,57E+05 2,81E-05 5,79E+01
D -4,66E+05 1,30E-02 -2,54E+02
TOTAL 1,77E+06 4,66E-02 6,57E+02

The results, by information module, are summarized in Figure 7.22 for selected
indicators. It is observed that the most importance stage in the LCA of the building is the
product stage (informative modules Al to A3), followed by the recycling of the building
components (Module D).

(a) (b)

=
|

sA1-A3sA4 =B28C2=C4 =D " A1-A3 A4 =B2eC2uC4 =D

e

(

Q\“

"Al1-A3=A4 =B2=C2=C4 =D "Al-A3 sA4 =B2uC2uC4 =D

Figure 7.22 LCA of the building (a) Global warming potential, (b) Acidification
potential, (c) Eutrophication Potential and (d) Total primary energy demand
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B1010.10 Floor structural frame
B1010.10.2a Materials Thickness/ End-of-life RR
density scenario (%)
PE (mm) 20 Incineration 80
Concrete (kg/m?) 410 Recycling 70
Rebar (kg/m?) 8,24 Recycling 70
Steel sheet 11,10 Recycling 70
(kg/m?)
Gypsum board 15 Recycling 80
(mm)
Steel structure 40 Recycling 90
(kg/m?)
B1010.10.2a - LCA
A1-A3 A4 Cc2 c4 D
ADP elements [kg Sb-Equiv.] -4,61E-04 2,08E-08 1,81E-08 1,26E-06] -3,32E-04
ADP fossil [MJ] 1,66E+03| 7,71E+00] 6,74E+00] 4,90E+01| -3,44E+02
AP [kg SO2-Equiv.] 3,93E-01 2,49E-03 2,16E-03 2,14E-02] -9,22E-02
EP [kg Phosphate-Equiv.] 3,65E-02 5,73E-04 4,96E-04 3,28E-03] -2,77E-03
GWP [kg CO2-Equiv.] 1,51E+02| 5,56E-01| 4,86E-01] 1,58E+01] -3,67E+01
ODP [kg R11-Equiv.] 1,88E-06 9,73E-12 8,51E-12 2,68E-09 1,04E-06
POCP [kg Ethene-Equiv.] 6,27E-02] -8,13E-04] -7,01E-04] 5,54E-03] -1,90E-02
Functional equivalent:
1 m? of a structural slab of a building, designed for a service life of 50 years.
Additional information:
List of datasets used in Modules A1-A3
Process Data source Geographical coverage Date
Concrete PE International Germany 2011
Reinforcement rebars Worldsteel World 2007
Steel sheet Worldsteel World 2007
Structural steel Worldsteel World 2007
Gypsum board PE International Europe 2008
PE PE International Germany 2011

List of datasets used in Modules A4 and C2 (assuming distances of 20 km)

Process Data source Geographical coverage Date
Transportation by truck PE International World 2011
List of datasets used in Module C4-D
Process Data source Geographical coverage Date
Incineration PE PE International Europe 2011
Landfill of inert materials PE International Germany 2011
Recycling steel Worldsteel World 2007
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B2010.20 Exterior wall construction
B2010.20.1a Materials Thickness/ End-of-life RR
density scenario (%)
0SB (mm) 13 Incineration 80
Rock wool (mm) 120 Recycling 80
Gypsum board 15 Landfill
(mm)
Light Weight Steel 15 Recycling 90
(kg/m?)
B1010.20.1a
A1-A3 A4 Cc2 c4 D
ADP elements [kg Sb-Equiv.] 3,06E-05 2,19E-09 1,92E-09 4,32E-08] -2,10E-04
ADP fossil [MJ] 7,09E+02 8,14E-01 7,12E-01 1,68E+00| -3,05E+02
AP [kg SO2-Equiv.] 2,65E-01 2,63E-04 2,28E-04 7,35E-04] -4,81E-02
EP [kg Phosphate-Equiv.] 2,41E-02 6,05E-05 5,23E-05 1,13E-04] -1,17E-03
GWP [kg CO2-Equiv.] 6,50E+01 5,86E-02 5,13E-02 4,94E-01] -1,73E+01
ODRP [kg R11-Equiv.] 6,43E-07 1,03E-12 8,98E-13 9,24E-11 3,41E-07
POCP [kg Ethene-Equiv.] 3,27E-02] -8,58E-05| -7,40E-05 1,91E-04] -1,13E-02
Functional equivalent:
1 m? of an exterior wall of a building, designed for a service life of 50 years.
Additional information:
List of datasets used in Modules A1-A3
Process Data source Geographical coverage Date
0osB PE International Germany 2008
Gypsum board PE International Europe 2008
Light-weight steel (LWS) Worldsteel World 2007
Rock wool PE International Europe 2011

List of datasets used in Modules A4 and C2 (assuming distances of 20 km)

Process Data source Geographical coverage Date
Transportation by truck PE International World 2011
List of datasets used in Module C4-D
Process Data source Geographical coverage Date
Incineration OSB PE International Germany 2008
Landfill of inert materials PE International Germany 2011
Recycling steel Worldsteel World 2007
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LCA REPORT FOR STEEL BUILDINGS
SUMMARY
Building Type: Single & multi-family building - Category 1
Building shape: Rectangular
No. floors: 8
Area per floor: 945 m?
Scope: Cradle-to-grave + Recycling
Lifespan: 50 years
Environmental Impacts
Global warming potential (GWP): 1,33e*® kg CO2 eq and 175,69 kg CO, eq/m?
Primary Energy Demand
Total Primary Energy Demand: 1,55e*’ MJ and 2049,29 MJ/m?

DETAILED RESULTS

Building Data

Building Type: Single & multi-family building - Category 1
Building shape: Rectangular

No. floors: 8

Area per floor: 945 m2

Declared unit and normative framework

Scope: Cradle-to-grave + Recycling

Declared Unit: A residential building with a lifespan of 50 years
Standards: ISO 14040:2006 + ISO 14044:2006 + EN 15804:2012 + EN 15978:2011
LCA Input Data
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Table B.1 Building facade

Macro- Materials Thickness Density End-of-life RR
components (mm) (kg/m?) scenario (%)
Painting - 0,125 Landfill -
B2010.10
Cement mortar 15 - Landfill -
0osB 13 - Incineration 80
Rock wool 120 - Recycling 80
B2010.20 Gypsum i _
plasterboard 15 Recycling 80
Light weight steel ) .
(LWS) 15 Recycling 90
C2010 Painting - 0,125 Landfill -
Table B.2 Interior wall
Macro- Materials Thickness Density End-of-life RR
components (mm) (kg/m?) scenario (%)
Gypsum ) .
plasterboard 15 Recycling 80
Rock wool 60 - Recycling 80
c1010 G
ypsum _ .
plasterboard 15 Recycling 80
Light weight steel ) .
(LWS) 10 Recycling 90
C2010 Painting - 0,125 Landfill -
Table B.3 Roof floor
Macro- Materials Thickness Density End-of-life RR
components (mm) (kg/m?) scenario (%)
Concrete - 410 Recycling 70
Steel rebar - 8,24 Recycling 70
B2010.10 PE 20 - Incineration 80
Gypsum ) .
plasterboard 15 Recycling 80
Steel sheet - 11,10 Recycling 70
C2050 Painting - 0,125 Landfill -
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Table B.4 Internal floor

Macro- Materials Thickness Density End-of-life RR
components (mm) (kg/m?) scenario (%)
Concrete - 410 Recycling 70
Steel rebar - 8.24 Recycling 70
B1010.10 PE 10 - Incineration 80
Gypsum ) .
pasterboard 15 Recycling 80
Steel sheet - 11.10 Recycling 70
Ceramic tiles - 31 Landfill -
C2030
Concrete screed 13 - Landfill -
C2050 Painting - 0.125 Landfill -
LCA Results
LCA of Facades
Table B.5 Indicators describing environmental impacts
Indicator Unit Al1-A3 A4 B2 Cc2 Cc4 D TOTAL
ADP [kg SbEq.] 1.73e-1 1.58e-5 3.79e-3 1.38e-5 9.12e-4 -9.17e-1 -7.39%e-1
elements
ADP fossil [M]1] 3.23e+6 5.88e+3 6.25e+4 5.14e+3 3.56e+4 -1.33e+6 2.00e+6
AP [kg SO2 Eq.] 1.19e+3 1.90e+0 1.22e+1 1.64e+0 1.55e+1 -2.10e+2 1.0le+3
[kg PO,*
EP Eq.] 1.10e+2 4.37e-1 8.53e-1 3.78e-1 2.38e+0 -5.09e+0 1.09e+2
GWP [kg CO2 Eq.] 3.00e+5 4.23e+2 2.89e+3 3.70e+2 1.04e+4 -7.49e+4 2.39e+5
oop kg é:qF(]:'ll 2.80e-3 7.4le-9 7.32e-7 6.48¢-9 1.95¢-6 1.49e-3 4.29e-3
POCP [kgEgz]H“ 1.54e+2 -6.19e-1 9.67e+0 -5.34e-1 4.04e+0 -4.94e+1 1.17e+2
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Table B.6 Indicators describing primary energy demand

Indicator Unit A1-A3 A4 B2 c2 c4 D TOTAL
Total demand (g.c.v) [M]] 4.24e+6 6.53e+3 7.07e+4 5.71e+3 4.10e+4 -1.40e+6 2.97e+6
Total demand (n.c.v) [M]] 4.06e+6 6.11e+3 6.55e+4 5.33e+3 3.83e+4 -1.32e+6 2.85e+6
Non re(”g' CRfls)wrces [MJ] 3.42e+6 6.30e+3 6.75e+4 5.51e+3 3.80e+4 -1.44e+6 2.10e+6
Non re(”r; CRflsiources [MJ] 3.24e+6 5.88e+3 6.25e+4 5.14e+3 3.56e+4 -1.37e+6 1.98e+6

Re”'(gecs‘\’/‘;rces [MJ] 8.18e+5 2.30e+2 3.10e+3 2.0le+2 2.65e+3 4.25e+4 8.67e+5
Re”'(ﬁecs‘\’/‘)‘rces [MJ] 8.18e+5 2.30e+2 3.10e+3 2.01e+2 2.65e+3 4.25e+4 8.67e+5
LCA of Partitions
Table B.7 Indicators describing environmental impacts
Indicator Unit A1-A3 A4 B2 c2 ca D TOTAL
ADP elements [kg Sb Eq.] 3.89e-2 2.92e-6 1.52e-3 2.55e-6 6.06e-5 -2.44e-1 -2.03e-1
ADP fossil [MJ]  7.06e+5 1.09e+3 2.50e+4 9.50e+2 2.37e+3 -2.25e+5 5.10e+5
AP [kqu]OZ 2.62e+2 3.51e-1 4.88e+0 3.04e-1 1.03e+0 -5.70e+1 2.12e+2
[kg PO4*
EP tq)  217e+1 8.09e-2 3.4le-l 6.98e-2 1.58e-l -1.57e+0 2.07e+1
[kg CO2

GWP 2q]  6-40e+4 7.83e+l 1.16e+3 6.83e+l 6.95e+2 -2.39e+4 4.22e+4

oDP [kgé:qF(]:'ll 3.22e-4 1.37e-9 2.93e-7 1.20e-9 1.30e-7 7.63e-4 1.09e-3

POCP ["QESZ]H“ 3.51e+1 -1.14e-1 3.87e+0 -9.88e-2 2.68e-1 -1.27e+1 2.62e+1
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Table B.8 Indicators describing primary energy demand

Indicator Unit A1-A3 A4 B2 C2 C4 D TOTAL
Total demand (g.c.v) [M]] 7.67e+5 1.21e+3 2.83e+4 1.05e+3 2.72e+3 -2.18e+5 5.82e+5
Total demand (n.c.v) [M]] 7.30e+5 1.13e+3 2.62e+4 9.85e+2 2.54e+3 -2.11e+5 5.50e+5
Non re(”(_;' CRfls)ources [MJ] 7.43e+5 1.17e+3 2.70e+4 1.02e+3 2.44e+3 -2.30e+5 5.44e+5
Non re(”r; CR‘fsources [MJ] 7.08e+5 1.09e+3 2.50e+4 9.50e+2 2.37e+3 -2.25e+5 5.12e+5
Ren. Resources (g.c.v) [MJ] 2.25e+4 4.26e+1 1.24e+3 3.72e+1 1.76e+2 1.30e+4 3.70e+4
Ren. Resources (n.c.v) [M]] 2.25e+4 4.26e+1 1.24e+3 3.72e+1 1.76e+2 1.30e+4 3.70e+4

LCA of Internal Floors

Table B.9 Indicators describing environmental impacts

Indicator Unit A1-A3 A4 B2 C2 C4 D TOTAL
ADP elements [kg Sb Eq.] 6.25e+0 1.42e-4 6.02e+0 1.24e-4 1.00e-2 -8.26e-1 1.14e+1
ADP fossil [M]] 7.10e+6 5.27e+4 2.36e+6 4.62e+4 3.89e+5 -9.55e+5 9.00e+6
AP [kqu;)Z 1.52e+3 1.70e+1 2.28e+2 1.47e+1 1.70e+2 -2.67e+2 1.68e+3

[kg PO4*
EP Eq.] 1.77e+2 3.93e+0 2.61le+1 3.38e+0 2.6le+1 -8.17e+0 2.28e+2

[kg CO2

GWP Eq.] 7.14e+5 3.80e+3 1.68e+5 3.31e+3 1.19e+5 -1.03e+5 9.05e+5

ODP [kg é:qF?ll 8.76e-3 6.65e-8 6.75e-3 5.80e-8 2.14e-5 2.60e-3 1.81e-2

POCP [kgEgz]H“ 2.12e+2 -5.57e+0 3.07e+1 -4.78e+0 4.4le+1 -5.25e+1 2.24e+2
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Table B.10 Indicators describing primary energy demand

Indicator Unit A1-A3

A4 B2

c2 Cc4

D

TOTAL

Total demand (g.c.v) [M]] 8.19e+6 5.86e+4 2.83e+6
Total demand (n.c.v) [M]] 7.66e+6 5.47e+4 2.59e+6

Non ren. Resources
(g.c.v)

Non ren. Resources
(n.c.v)

Ren. Resources
(g.c.v)

Ren. Resources
(n.c.v)

[MJ] 7.8le+6 5.67e+4 2.77e+6

[M]J] 7.29e+6 5.27e+4 2.53e+6

[M]] 3.74e+5 2.06e+3 6.00e+4

[MJ] 3.74e+5 2.06e+3 6.00e+4

5.11e+4 4.48e+5 -9.31e+5
4.78e+4 4.20e+5 -9.05e+5

4.95e+4 4.20e+5 -9.76e+5

4.62e+4 3.89e+5 -9.47e+5

1.81e+3 2.90e+4 4.50e+4

1.81e+3 2.90e+4 4.50e+4

1.06e+7
9.87e+6

1.01e+7

9.37e+6

5.12e+5

5.12e+5

LCA of Roof

Table B.11 Indicators describing environmental impacts

Indicator Unit Al1-A3

A4 B2

Cc2 (oF)

D

TOTAL

ADP elements [kg Sb Eq.] 5.28e-2 3.32e-5 7.58e-4 2.90e-5 2.16e-3 -2.18e-1

-1.62e-1

ADP fossil [MJ] 1.25e+6 1.23e+4 1.25e+4 1.08e+4 8.38e+4 -2.67e+5 1.11e+6

AP [kg SO2 Eq.] 3.37e+2 3.98e+0 2.44e+0 3.45e+0
EP [kg PO.> Eq.] 3.65e+1 9.20e-1 1.71e-1 7.89e-1
GWP [kg CO2 Eq.] 1.41e+5 8.89e+2 5.78e+2 7.74e+2
oDP [kg CFC-11 Eq.] 5.31e-4 1.56e-8 1.46e-7 1.36e-8

3.66e+1 -7.63e+1 3.07e+2
5.62e+0 -2.50e+0 4.15e+1
2.71e+4 -2.85e+4 1.42e+5
4.60e-6 6.84e-4

1.22e-3

POCP [kg C2H4 Eq.] 4.95e+1 -1.30e+0 1.93e+0 -1.12e+0 9.47e+0 -1.42e+1 4.43e+1

Table B.12 Indicators describing primary energy demand

Indicator Unit A1-A3

A4 B2

Cc2 C4

D

TOTAL

Total demand (g.c.v) [MJ] 1.42e+6 1.37e+4 1.41e+4 1.20e+4 9.64e+4 -2.62e+5 1.29e+6
Total demand (n.c.v) [MJ] 1.34e+6 1.28e+4 1.31e+4 1.12e+4 9.04e+4 -2.54e+5 1.21e+6
Non ren. Resources (g.c.v) [M]] 1.33e+6 1.33e+4 1.35e+4 1.16e+4 9.04e+4 -2.74e+5 1.19e+6

Non ren. Resources (n.c.v) [M]] 1.26e+6 1.23e+4 1.25e+4 1.08e+4 8.38e+4 -2.65e+5 1.11e+6
Ren. Resources (g.c.v) [M]] 8.20e+4 4.83e+2 6.20e+2 4.22e+2 6.24e+3 1.18e+4 1.02e+5
Ren. Resources (n.c.v) [M]] 8.20e+4 4.83e+2 6.20e+2 4.22e+2 6.24e+3 1.18e+4 1.02e+5

450




Sustainability aspects of steel buildings and components — Annexes

M. Veljkovic and H. Gervasio

LCA of Residential Building: Modules A1-A3 to D

Table B.13 Indicators describing environmental impacts

Indicator Unit

A1-A3

A4

B2 Cc2 (of) D

TOTAL

ADP elements  [kg Sb Eq.]
[MJ]

[kg SO2 Eq.]

ADP fossil
AP
EP
GWP
ODP
POCP

[kg CO2 Eq.]

6.51e+0
1.23e+7
3.31e+3

[kg PO,> Eq.] 3.45e+2

1.22e+6

[kg CFC-11 Eq.] 1.24e-2
[kg C2H4 Eq.] 4.50e+2 -7.60e+0 4.62e+1 -6.54e+0 5.78e+1 -1.29e+2 4.12e+2

1.94e-4
7.20e+4
2.33e+1
5.37e+0
5.19e+3
9.08e-8

6.02e+0 1.69e-4 1.32e-2 -2.20e+0
2.46e+6 6.31e+4 5.11e+5 -2.78e+6
2.47e+2 2.0le+1 2.23e+2 -6.10e+2

1.03e+1
1.26e+7
3.21e+3

2.75e+1 4.61e+0 3.42e+1 -1.73e+1 4.00e+2

1.73e+5 4.52e+3 1.57e+5 -2.31e+5
6.75e-3 7.92e-8 2.81e-5 5.53e-3

1.33e+6
2.47e-2

Table B.14 Indicators describing primary energy demand

Indicator

Unit A1-A3

A4

B2 Cc2 ca D

TOTAL

Total demand (g.c.v)

Total demand (n.c.v)

Non ren. Resources (g.c.v) [M]]
Non ren. Resources (n.c.v) [M]]
[MJ]
[MJ]

Ren. Resources (g.c.v)

Ren. Resources (n.c.v)

[MJ]
[M]]

1.46e+7 8.0le+4 2.94e+6 6.98e+4 5.88e+5 -2.81e+6
1.38e+7 7.47e+4 2.69e+6 6.53e+4 5.51e+5 -2.69e+6
1.33e+7 7.74e+4 2.88e+6 6.76e+4 5.51e+5 -2.92e+6
1.25e+7 7.20e+4 2.63e+6 6.31e+4 5.11e+5 -2.81e+6
1.30e+6 2.82e+3 6.49e+4 2.47e+3 3.81le+4 1.12e+5
1.30e+6 2.82e+3 6.49e+4 2.47e+3 3.81le+4 1.12e+5

1.55e+7
1.45e+7
1.40e+7
1.30e+7
1.52e+6
1.52e+6
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