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INTRODUCTION

The analysis and design of multi-storey frames with semi-rigid and partial strength

joints raise some problems; in particular :

- the characterization of the joint response |

- the frame analysis procedure appropriate for the determination of the
redistribution of internal actions ;

- the evaluation of the resistance and of the stability of isolated elements, of sub-
structures and of the whole frame.

It seems therefore well timed to point out not only the different aspects of the

problems but also their interaction and their complementarity. The following flow chart

has been developed with this aim in view. A number of brief observations are made

as follows.

The characterization of a semi-rigid beam-to-column joint is neither easy nor obvious.
In fact, the deformability of a steel or composite joint resuits from several sources but,
for sake of simplicity, these may be grouped (Figure 1} in two main components (1)
the column web panel subject to shear force V,, and (2) the connection(s) between the
beam(s) and the column subject to bending moment M.

Both components may be considered separately, each acting at a specific location
which corresponds to reality. Alternatively, they may be added in order to characterize
the joint as a whole i.e. a concentration of the joint deformability. Whichever option
is adopted any prediction of the M-¢ relationship must be made only from knowledge
of the mechanical and geometrical joint properties.

lt is necessary to define the characteristic non-linear curves - two when the
deformability sources are differentiated; only one when it is concentrated - or to
calculate specific parameters such as initial stiffness, secant stiffness, design moment
resistance, etc... according to the analysis which is planned.

The use of non-linear joint moment-rotation curves seems to be restricted to
sophisticated numerical analysis methods which are often able to take also account
of the two types of frame non-linearities (material and geometrical). The alternative
procedure base on the evaluation of specific joint characteristics is required by hand
(or pseudo-hand) design methods; it may also be associated with less sophisticated
numerical analysis methods which are however sufficiently accurate for practice.

The use of non-linear programs has the advantage that they provide all the
quantitative information which is necessary to form an opinion of the performance of
the frame studied.

However, reliable results quite satisfactory for daily practice may be based on
simplified joint modeliing associated with first or second order analysis methods -
depending on whether the frame is braced or not against lateral displacements. The
designer has to choose between two approaches - elastic o plastic - according to his
wishes or to the class of cross-sections used for the connected members.

Such a less important consideration in the selection occurs when the analyses are
used to determine the displacements of the frame or to check the elastic resistance
of the cross-sections under servive loads (SLS - serviceability limit-states), on one
hand, and to evaluate the ultimate frame resistance at collapse (ULS - ultimate limit-
states), on the other hand. The judgement of the Engineer to assess the ability of the



frame to satisfy the limit-states is the direct corollary of these calculations

This flow chart, which covers all the aspects of a semi-rigid design, has been used
as a basis for the common presentation of the work performed in Trento, Sheffield and
Liége - ARBED-Luxemburg in the frame of the ECSC Contracts 7210-SA/413 - 819
and 507 and of other previous related projects carried out in these research centres.

For the sake of clarity, four charts have been prepared according to the type of frame
(steel or composite) and to the type of loading (monotonic or cyclic), i.e.

[ - Steel structures under monotonic loading ;

ii - Steel structures under cyclic loading ;

it -~ Composite structures under monotonic loading ;

iv - Composite structures under cyclic loading.

The aim of this work is threefold :

1)- By means of the flow charts to present a synthesis of the research work carried
out in Trento, Sheffieid and Liege-Esch and to show the complementarity of
these researches;

2)-  To point out the material identified as significant for Eurocode 3 and Eurocode
4,

3)-  Together with the group’s knowledge of other world wide investigations,

highlight topics for further researches.

Each of these different points will be dealt with in the three main chapters of the final

report of the ECSC Contract 7210-SA/829.

In order to make the material identified as significant for EC3 available in a short time
to interesting people, the Liége contributions to this specific topic have been gathered
in the present report.

This work is carried out by italian (Trento-Siderservizi), british (Sheffield-BCSA),
belgian (Liége) and Luxemburgian (Arbed) partners in the frame of the Contract
7210-SA/829 introduced by BCSA to ECSC.
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CONCENTRATION OF THE JOINT DEFORMABILITY

In a strong axis beam-to-column joint, two main sources of deformability are

identified (fig. 1) :

a)

b)

The deformation of the connection associated to the deformation of the connection

elements (end plate, angles, bolts,...), to that of the column flange and to the load-

introduction deformability of the column web ;
The shear deformation of the column web associated mostly to the common

presence of forces F, carried over by the beam(s) and acting on the column web
at the level of the joint; these forces are statically equivalent to the beam moment

M,.

o F % e
% s

Figure 1 - Deformation of a strong axis joint

These components are illustrated in figure 2 for the particular case of a joint

between a single beam and a column. The deformability of the connection elements
is concentrated into a single flexural spring located at the end of the beam (fig. 2.a).
The associated behaviour is expressed in the format of an M, - ¢ curve.

The deformation of the ABCD column web panel is divided into :
The load-introduction deformability which consists in the local deformation of the
column web in both tension and compression zones of the joint (respectively a
lengthening and a shortening) and which results in a relative rotation ¢ between
the beam and column axes; this rotation concentrates mainly along edge BC (fig.
2.b) and provides also a deformability curve M, - ¢.

The shear effect - due to shear force V, - which results in a relative rotation y
between the beam and column axes (fig. 2.c); this rotation makes it possible to
establish a second deformability curve V, - v.

It is important to stress that the deformability of the connection (connection

elements + load-introduction) is only due to the forces carried over by flanges of the
beam(s) (beam moment(s) M,), while the shear in a column web panel is the result
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of the combined action of these equal but opposite forces and of the shear forces in
the column at the level of the beam flanges (shear force V).

CONNECTION LOAD~INTRODUCTION SHEAR
ELEMENTS

T - P ¥ I
cownECTION (My-@) SHEARED PANEL (V- ¥)

Figure 2 - Joint deformability components

The difference between the loading of the connection and that of the column
web in a specified joint requires, at a theoretical point of view, that account be taken
separately of both deformability sources when designing & building frame. However
doing so is only practicable when the frame is analysed by means of a sophisticated
computer program allowing for the separate modelling of both deformability sources.
In all other cases, the actual behaviour of the joints must be simplified by
concentrating the whole deformability into a single flexural spring acting at the beam
end.

This way of doing is recommended in Annex J of EC3 without any explanation
or justification.
A large study has been consequently performed at the University of Liege and at
ARBED-Recherches in order to get an answer to the following question: does the
concentration of the joint deformability into single flexural springs lead, or not, to a safe
and accurate frame design ?
The conclusions of this study are detailed in [1, 2] and summarized here below.

The concentration of the joint deformability is schematized in figures 3 and 4.



a - Connection b - Sheared panel ¢ - Spring

Figure 3 - Flexural characteristics of the spring
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Figure 4 - Concentration of the joint deformability into flexural springs



Regarding the location of the springs, two possibilities exist (fig. 5):
- gither at the beam-to-column physical interface (point A), or
- at the intersection of both beam and column axes (point B).

The optimum location of the spring as well as the allowance for summing up
the joint deformability components cannot be demonstrated theoretically. The
parametric study performed, which consists in the numerical simufation of the
behaviour upt to collapse of braced and unbraced frames with semi-rigid joints, is
consequently aimed at determining to which extent the actual and relatively complex
behaviour of a joint (shear panel + 1 or 2 connections) may be represented, with a
sufficient accuracy, by isolated springs fitted with appropriate characteristics.

i Ik
P 1 l
il
.
| I
; e

Figure 5 - Possible locations for the springs

In reality, it has been shown that the use of the simplified modelling represented
in figure 6 {concentration of the joint deformability at the beam-to-column interface)
leads to an accurate prediction of the actual response of braced and unbraced frames,
except when the beam-to-column connections are aimost fully rigid. In the latter case,
the actual frame collapse load would be somewhat underestimated.

It is worthwhile stressing that this simplified modelling is fully representative of
the actual joint behaviour when the column web panel is stiffened for shear. The joint
deformability then consists in the sole connection deformability which is concentrated
at the beam-to-column physical interface, in complete accordance with the proposed
modelling.

e o

\ spring

_infinitely rigid beam

'4 axes of the connected members

Figure 6 - Simplified modelling of the joint behaviour
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This conclusion is in accord with findings of RIFAI [3], when making comparisons
beiween simulated (analytical} predictions and actual (experimental) response of
subassemblages.

In definitive: the modelling of the rotational joint characteristic may safely be made at
the face of the column and should be an agregate of all joint
deformabilities (sheared column web panel and connection).

[1] MAQUOI, R, and JASPART, J.P., "Parametrical study of the numerical modelling
for semi-rigid joints", Proceedings of the Annual Technical Session and Meeting,
SSRC, Chicago, U.S.A., April 15-17, 1991.

[2] MAQUOI, R. and JASPART, J.P., "Influence of the non-linear and bi-linear
modellings of beam-to-column joints on the structural response of braced and
unbraced steel building frames", Proceedings of the Fourth International
Colloquium on Structural Stability, Mediterranean Session, Istanbul, Turkey,
September 16-20, 1991, pp. 133-151.

To appear in the Journal of Gonstructional Steel Research.

[3] RIFAI
(to be completed in Sheffield).



CONCENTRATION AND "BI-LINEARIZATION" OF THE JOINT RESPONSE

The nonlinear behaviour of the isolated flexural spring which characterizes the
joint response (see part of this document entitled "Concentration of the joint
deformability”) cannot be taken into account in the design practice; the corresponding
moment-rotation curve has consequently to be idealized. One of the most simple
idealizations to which it may be referred is the elastic-perfectly plastic one (fig. 1.a).
This modelling has the advantage to be quite simiiar to that used traditionally for beam
and column sections subject to bending (fig. 1.b).

The moment corresponding to the yield plateau is the joint plastic capacity M,
(called design resistance in Eurocode 3). The constant stiffness which is usually
recommended (for instance in Eurocode 3) is the secant stiffness (fig. 2).

BIJLAARD and ZOETEMEIJER assert in [1] that the use of this bi-linear
idealization leads to a safe estimation of the frame resistance and of the frame
stability. Their argumentation is however far from being satisfactory. The lack of
theoretical justification for this concept is the starting point for the study recently
performed at the University of Liege, briefly presented here below and in which the
design of braced and unbraced frames is successively considered.

pe

El/L

RO
1o}

a - Joint b - Steel mamber

Figure 1 - "Bi-linearization" of a moment-rotation curve
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Figure 2 - Bi-linear idealization usually adopted for joints

Before describing the conclusions of this study, let us recall that, according to
the philosophy of limit states, any structure must be designed so that it offers not only
a specified safety against collapse under factored loads but also complies with
durability conditions under service loads over its whole presumed life duration. In
other words, the common use of the concentration and of the "bi-linearization” of the
joint deformability will be considered as safe if it leads to :

- an overestimation of the transverse beam displacement under service load ;
- an underestimation of the uitimate strength of the frame.

Design of braced frames

The study performed in Liege seems to confirm the conclusions of BIJLAARD
and ZOETEMEIJER. In particular, the very good agreement between the instability
loads and between the beam displacements under service loads have to be pointed
out.

in view to justify these results, let us consider successively the influence of the

concentration and of the bi-linearization of the joint deformability curves on .

- the transverse displacement of the beams under servive loads;

- the plastic collapse load of the frames associated to the formation of a plastic
mechanism in a beam;

- the ultimate load of the frames associated to the column instability.

This dissociation is helpful in view of a better understanding of the studied

phenomena:

- the underestimation of the actual joint loading which results from the concentration
(see [2]) and from the bi-linearization of the moment-rotation curves leads
systematically to beam displacements under service loads higher than those
obtained in the actual frame ;
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- the fact that the strain-hardening is not accounted for in the bi-linear model (in the
post-limit domain M, > M, - fig. 2) is sufficient to explain the safe evaluation of the
plastic collapse load (heam mechanismy).

The theoretical justification of the use of the bi-linear idealization for the calculation of
instability loads is in contrast more questionable. As a matter of fact, it has to be
noted that the carrying capacity of columns is not only influenced by their loading at
collapse, but also by the amount of flexural restraints at their ends. All these matters
are discussed in [2]. It seems however not appropriate to report here on this
discussion, the only merit of which is to highlight the influences, often divergent, of the
concentration and of the "bi-linearization” on the column loading and on the degree of
restraint at the column ends.

The lack of theoretical justification for the safe character of the concentration
and of the bi-linearization for the evaluation of the column stability does not prevent
us however from recommending it for practical applications. Indeed :

- the modification of the column loading appears to be not very detrimental at
collapse;

- the numerical simulations performed [2] let believe to a compensation of the "safe”
and "unsafe" restraints at the column ends.

Design of unbraced frames

When loaded, an unbraced frame presents a progressive increasing horizontal
deflection, usually designated by the wording "sway". It is generally acknowledged
that the sway check under service loads constitutes, much more often than the
ultimate limit state, the commanding design criterion. Because of the governing role
of the sway, it is quite justified to conduct the design of unbraced frames under service
loads by using a geometrically non-linear elastic analysis, i.e. with account taken of
the second order effects due to sway, and not to exceed the value M, of the bending
moment (fig. 2) in any connection. In this context, the influence of the secant stiffness
on the frame behaviour under service loads appears as one of the most important
points to investigate in a near future.

Numerical simulations [2] allow to point out the large overestimation (sometimes
50%) of the actual sway deflection under service loads resulting from the use of the
secant stiffness. The fulfiliment of the serviceability limit states requires, if it is referred
to the secant stiffness, the strengthening of the beam and column sections, as well as
that of the connections. The use of the secant stiffness appears consequently to be
extremely safe in most of the cases and should not, in these conditions, be regarded
as the solution for economical reasons.
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Preliminary studies performed in Liége [2] indicate that it would be preferable
to refer to a fictitious linear stiffness, called K, in figure 3, the value of which is
intermediate between the initial stiffness K; and the secant stiffness K. This stiffness
K depends on the type of connections, but also on the type of frames in which these
connactions are used (number of storeys, of bays, loading, lateral rigidity of the
frame). Studies are presently in progress in Liege in order to propose simple
procedures for the practical evaluation of this fictitious stiffness.

——aclual M_{ curve

= odelisation under
service loads

Figure 3 - Fictitious linear stiffness K,

[  BWLAARD, F.S.K., ZOETEMEIJER, P., "Influence of joint characteristics on the
structural response of frames".
Proceedings of the International Conference "Steel Structures: Recent
Advances and their Application to Design”, Budva, Yougoslavia, Sept. 29 - Oct.
1, 1986, pp. 109-133.

[2]  JASPART, J.P., "Etude de la semi-rigidité des noeuds poutre-colonne et de son
influence sur la résistance et la stabilité des ossatures en acier”. Ph. D.
Thesis, M.S.M. Department, University of Liege, January 1991.
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THEORETICAL PREDICTION OF THE JOINT RESPONSE FOR DIFFERENT
CONNECTION TYPES

a. INTRODUCTION

The first step of a semi-rigid structural analysis consists in the characterization
of the rotational response of beam-to-column joints or of some of their components
(sheared column web panel or connection - see part of the document entitled
"Concentration of the joint deformability")’.

Three main approaches may be followed by the designer to achieve this goal:

- the experimental one ;

- the numerical one ;

- the analytical one.

The testing of beam-to-column joints provides the best information concerning
the resistance and the stiffness of the joints at each level of loading; however it is also
the most expensive and time consuming way of investigation. This approach has
consequently no real interest from a practical point of view.

The numerical approach consists in the prediction of the joint deformability
curve by means of sophisticated non-linear programs which take account of all the
mechanical and geometrical non-linearities. In addition to the use of so sophisticated
tools - which, usually, are only available in research centres -, this technique requires
a lot of hypothesis relative, for instance, to the modeiling of the bolt behaviour, the
friction and contact phenomena,...

In conclusion, the only practical way to predict the joint response is the
development of analytical procedures, the use of which is based on the knowledge of
the mechanical and geometrical properties of the joint components.

Much research work has been devoted, during the last years, to the
development of such analytical procedures. Basically reference is made here to the
analytical procedure which has been introduced in the Annex J of Eurocode 3
(Chapter 6) [1] for the prediction of the rotational response of beam-to-column joints
with welded and end-plate connections.

One of the advantages of the EC3 procedure is its ability to provide a different
prediction of the rotational response for the same joint according to the kind of
analysis which is planned :

In order to be in accordance with EC3 notations, it will be referred in this part
of the document to M-¢ curves, whatever the component of deformability
considered.



- elastic joint representation for a linear analysis (figure 1);

- plastic joint representation for a plastic analysis (figure 2);

. non-linear joint representations for a non-linear computer analysis
(figure 3).

Whatever the type of joint representation (figures 1 to 3), the maximum moment
carried over by the joint is limited to Mgy, the design resistance moment, which may
be considered as the "pseudo-plastic moment" of the joint. Strain-hardening effects
and possible membranar effects are consequently disregarded, what explains, in
figures 2 to 3, the difference between the actual curve and the "yield plateau” of the
modelled one.

A computer program called ENDPLATE has been developed at the University
of Liege in view of an extensive comparison, with experimental results, of all the
analytical procedures available for joints with end-plate connections. The EC3
approach has obviously been introduced in the program and the conformity with
different official publications [2, 3] giving directions for use and worked examples
relative to EC3 Annex J has been clearly established.

In this section, results of such comparisons with EC3 will be presented and
discussed. Some specific formulae likely to be improved are identified and proposals
in complete agreement with EC3 philosophy are presented accordingly.

A good knowledge of the EC3 Annex J and its background are of course very helpful
fo fully understand what follows.

b. COMPARISONS WITH EXPERIMENTAL AND NUMERICAL RESULTS

The quality of the conclusions drawn from comparisons between analytical
models and experimental results is largely dependent on the level of available
information concerning the testing conditions (mechanical and geometrical properties
of all the components, loading sequences, kind of moment and rotation measurements,
testing arrangement,...). The comparisons presented in the annex 1 of this section
refer to 12 fully documented tests, the results of which are available at Liege
University.

These 12 tests on joints with end-plate bolted connections may be subdivised into two
categories :

- Test on complete joints (figure 4)

Tests 01,04,07,010,013 and 014 between {PE beams and HEB (01,04,07,014)
or IPE (013, 014) columns performed at the University of Liege [4].

Test T9 between an IPE beam and a HEA column performed at Delft University
of Technology [5].
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Tests on isolated components (figure 5)

Tests EP1-1, EP1-2, EP1-3, EP1-4 and EP1-5 on extended end-plaies
performed at Politecnico di Milano [6].
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Figure 4 - Testing arrangement for complete joints ("T" joints)
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Figure 5 - Testing arrangement for isolated components (end-plates in this case)

For each test performed at Liége University {tests 01, 04, 07, 010, 013 and
014), the three following moment-rotation curves have been recorded :

- the joint moment -rotation curve ;

- the connection moment-rotation curve ;

- the column web panel moment-rotation curve.
As explained in part of this document entitled "Concentration of the joint deformability”,
the connection deformability and the shear deformability of the column web panel
constitute the two main components of deformability of a strong axis beam-to-column
joint.
The three experimental curves are compared with the EC3 model in annex 1, except
for tests 013 and 014 where the shear deformability of the column web panel at joint
collapse is very limited.
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In addition to these comparisons for bolted joints, it is aiso referred in annex 1
to welded joints. Numerous numerical simulations of cruciform and "T" joints with end-
plate connections (figure 6) have been performed jointly at the University of Liege and
at the Polytechnic Federal School of Lausanne {7, 8] and the validity of this tool for the
prediction of the non-linear behaviour till collapse of welded joints has been
demonstrated.

The deformability of such welded joints reduces to two components :
- the shear deformability of the column web panel (for "T" joints only);
- the load-introduction deformability of the column web resulting from the
compression and tension deformability of the column web (for
transversally unstiffened joints only).

a. "T" joint b. Cruciform joint symmetrically loaded
Figure 6 - Beam-to-column welded joints : 3-D finite element meshes

The comparison of the EC3 model and the moment-rotation curves relative to these
two sources of deformability is of particular interest; therefore some results have been
reported in annex 1.

As already mentioned hereabove, the joint modeliing depends on the
prospective method of frame analysis: the full non-linear analysis requires a non-linear
modelling of the M-¢ curves and, as explained in the part of the document dealing with
the "Concentration and bi-linearization of the joint response", it is convenient to refer
to a bi-linear modelling similar to that reported in figure 3.a. when using a hand or
pseudo-hand analysis procedure. This explains why both kinds of modeliings have
been compared with experimental and numerical test results in annex 1

¢. APPLICATION OF THE LIEGE PREDICTION MODEL TO THE EXPERIMENTAL
AND NUMERICAL RESULTS

An original model for the characterization of the rotational non-linear response
of beam-to-column joints with welded or end-plate connections has been recently
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developed in Liége [8]. One of its main features is its ability to predict the behaviour
until coliapse either of the joints or of one of their components separately (it takes into
account the propagation of strain-hardening and allows the determination of the actual
collapse mode).

This model as well as its simplified "bi-linear" version have been also applied to the
tests reported in annex 1.

d. CONCLUSIONS OF THE COMPARISONS

The two following tables aliow to express an opinion concerning the ability of
EC3 and Liége models to predict accurately (figure 3) :
- the stiffness §; and ;
- the design moment resistance Mg, ;
of the joints with end-plate and welded connections.
Table 1 relates to the semi-rigid behaviour of the connections; it gives the following
informations for each test .
- the M-¢ curves to which it is referred ;
- the type of collapse associated to Mgy ;
the quality of the prediction of Mg, ;
the quality of the prediction of S;.
Table 2, quite similar to table 1, is relevant for sheared column web panels,

d.1. Prediction of the connection behaviour by means of the EC3 model
B STIFFNESS

- The EC3 model tends to overestimate the load-introduction stitfness (tests NR4 on
welded joints) and underestimate the stiffness of the plate elements (tests EP1-1
and EP1-2 for end-plates, test T9 for column flange). The underestimation of the
end-plate and column flange stiffness has already been pointed out by different
authors.

- Both effects seem usually to compensate for complete bolted joints (tests 01, 04,
07, 010, 013, 014).

B DESIGN MOMENT RESISTANCE

- The EC3 mode! underestimates the design resistance of the end-plate connection
when the collapse of the connection is associated to the complete yielding of the
column flange or to that of the inner (or outer) part of the end-plate (see tests 013,
79, EP1-1, EP1-2, EP1-3 and EP1-4).

Similar conclusions have been drawn by MOORE from tests on flush end-plate
connections [11].

For tests 014 and EP1-5 respectively, the resistance associated to the collapse by
bolt fracture and yielding of the column flange (test 014) or of the extended part of
the end-plate (EP1-5) is just higher than the resistance associated to the complete
yielding of the column flange or end-plate, what justifies the good prediction of Mg,
obtained by means of the EC3 model.
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- The load-introduction resistance of column webs is highly overestimated by EC3
annex J (see "T" test NR4). This conclusion is confirmed by a lot of other examples
reported in [7, 8].

d.2. Prediction of the sheared column web panel behaviour by means of the EC3
model

B STIFFNESS

- The stiffness of the sheared column web appears to be well predicted by EC3
model.

B DESIGN MOMENT RESISTANCE

The shear resistance of the column web is underestimated by the EC3 formuia,
especially for transversally stiffened joints (the good prediction of Mg, obtained by
means of the EC3 mode! for the stitfened "T" joint NR4 results from special loading
conditions and is justified herebelow).

It is important to specify that the design resistance of the panel has been obtained,
as it is made in references [2] and {3], by assuming that the shear force Vg, in the
web panel is equal to the force Fg, acting in the beam flange (figure 7) for "T" joints,
irrespective of the shear in the column.

—~+ +

Vsag || Ft.sd Vs
Mﬂ —r

"iDMSd

o ol = ———s——— SN |
Vsd  ||Fe.sd Vsd

i i
F i

Vg4 = shear force in the column web panel
Fe = forces in the beam flanges statically equivalent to Mg,

a. Joint with weided connection b. Joint with end-plate connection
Figure 7 - Shear force Vg, in the panel

By generalizing this definition to the inner joint represented in figure 8, the
following expression is obtained :

A
b

In fact, formula (1) provides only a rough approximate of the true shear force



i1

given by :
2)

as it results from equilibrium equations [7].
When reference is made to the correct definition of Vg, (formula 2), the EC3
model is found to give (see figure 9 for "T" test NR4 for instance) values of the design
resistance which overestimate the experimental results.
For unstiffened "T" joint NR4 (figure 15 in annex 1), the panel of which is
subject to pure shear ({the actual value of Vg, is equal to (M, + M,)/d, in this case),

this overestimation is compensated by the additional strength of the panel resulting
from the "frame effect"; this "frame effect" is linked to the shear resistance of the

frame constituted by the column flanges and the stiffeners.

4
¥

Ney
Mey
v
Myo ct
Vb2 Vi FRNEN
Ves Mpt
\-}fé
Ne2
1
I
L e .
Figure 8 - Loading of an inner joint
KNm
1:“'
/’B__‘_-e-———u———e
12 B/B/n’
;Faﬂ“n’ ““““““““““““
T Pl s e e e i Rt e et
i ARSI
3 ]
b !
i
t
]
f
,-' SHEAR CURVES
ERLO (1 v EC3 - FORMULA 1
]
] - . EC3 - FORMULA 2
' R LIEGE
+ (- HUMERICAL SIMUL.
2.0 1.9 &.0 a.0 10.0
RAD

Figure 9 - "T" test NR4: bi-linear characterization of the column web
Influence of the Vg, definition.
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In conclusion, it is preferable, when applying the EC3 model, to evaluate the
shear force Vg, by means of formula (1). Because such a procedure is safe but often
too conservative, an amended approach could be contemplated as worthwhile.

d.3. Comparisons with the Liege model

The application of the Liege model to the experimental tests and to the resuits
of the numerical simulations reported in tables 1 and 2 and in annex 1 shows the
accuracy of the formulae proposed in [8] for the estimation of :

- the rotational stiffness S; ;

- the design moment resistance Mg,

of joints with welded and end-plate connections except for tests EP1-1 and EP1-2.
For these two tests, the Liege model is still somewhat too conservative; as explained
in annex 2, such a situation - linked to the fact that the boits are not well proportioned
to the stiffness of the plates - will probably be met only exceptionnally because not
economical at first signt.

The Liége mode! has consequently been used as a basis for the proposal of
the amendments to the EC3 Annex J presented in the next section.

e. PROPOSALS FOR REFINEMENT OF ANNEX J,

e.1. Design moment resistance

The comparisons performed in the previous section allow to highlight the
formulae of EC3 Annex J which provide possible unsafe or too safe estimations of the
corresponding collapse load. These formulae are related to the three following
collapse node :

- Tension resistances of the column flange and of the end-plate which are given in
terms of equivalent T-stubs.

Mode 1 : Complete flange or end-plate yielding

_ A Mot 3)

F
t.Rd m

Mode 2 : Bolt fracture with flange or end-plate vielding

F. - 2 Mypy + nXB, @
: m+n

Mode 3 : Bolt fracture
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Fipa = XB:M ()

The reader is begged to refer to Annex J for the notations.
Comparisons have pointed out the too safe character of the formula relative to
mode 1 "complete flange and end-plate yielding".

- Shear resistance of a diagonally unstiffened column web panel
VRd = f;c AV /‘/§ (6)

As clearly shown in section d.2, the too safe or unsafe character of this formula
is depending on the definition of the shear force Vg, to which the panel is
subject (formulae 1 and 2). From now onwards, it will be systematically
referred in this document to the exact definition of Vg, (formula 2), what means
that the shear resistance given by EC3 Annex J will be considered as unsafe
(see figure 9).

- The design resistance of an unstiffened column web subject to a transverse tensile
force :

Fr.Rd = fyc twc beﬂ’ (N

or to a transverse compression force :

F oy = fyc t,. [125 - 050, /fw] baﬁ, (8.a)
but :
F p s fyc L. beﬂr (8.b)

These formulae overestimate systematically the actual resistance of the web
except when they are applied to inner joints symmetrically loaded {no shear
force Vg, in the column web).

Studies performed at Ligge University in the seven last years have allowed to
explain physically these differences and have lead to proposals of amendments to
existing EC3 formulae. The aim of these modifications is to improve the accuracy of
the model, to annul its possible unsafe character, but also to keep its practical
applicability.

Each of the formulae listed here above are successively envisaged in the
following section; reference is made to existing papers or reports for background



14

explanations and justifications and tables summarize proposed "modified EC3"
formulae.

PLATE

In references [8] and [9), it is clearly stated that the safe character of "EC3
Mode 1" formula (3) results from the hypothesis according to which the forces in the
bolts are always idealized as point loads (it is never explicitely accounted for the actual
sizes of bolts and washers, on the one hand, and on the degree of bolt preloading, on
the other hand).

Physically speaking, the influence of the actual size of bolts and washers on the
plastic collapse of a "T-stub" subject to tensile forces is well accepted; other attempts
to take this factor into account have been made in the past by different authors. The
influence of the bolt prestressing, on the other hand, appears as somewhat new but
however as obvious if it is referred to the theoretical model described in [8] and [9] or
to the results of two tests recently performed in Ligége on quite similar sub-connections
constituted of two "T-stubs” connected respectively by means of preloaded and non-
preloaded bolts (fig. 10.a).

The related deformability curves point out (figure 10.b}:

- the influence of the bolt preloading on the initial stiffness and on the design
resistance of the connection and ;

- the absence of influence of this factor on the ultimate state due to the complete loss
of prestressing between the connected flanges at that load level.

kN

—gg- NON PRELOADED
5.0} — -3 — PRELOADED

a - Tested sub-connection b. Related deformability curves

Figure 10 - Influence of the bolt preloading
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Refinements have been brought [8, 9] to the T-stub model of EC3 with the
result that the amended mode! provides a higher resistance for collapse mode 1
(formula 3) - see amendments in table 3 - without altering at all the accuracy regarding
both collapse modes 2 (formula 4} and 3 {formula 5).
Reference [9] constitutes the annex 2 of the present document.
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B SHEAR RESISTANCE OF THE COLUMN WEB PANEL

Formula (6) is provided in EC3 Annex J for the assessment of the design
resistance of a diagonally unstiffened column web panel subject to shear.
This formula is recommended independently of the presence or not of transverse
stiffeners welded on the column web.

This formulation differs from that developed in Liege by an unsafer definition of
the maximum shear stress. As a matter of fact, different stresses interact in a column
web panel (figure 11):

- shear stresses 1 ;

- load-introduction stresses o, ;

- longitudinal stresses in the column o,

and it has been stated in [7] and [8] that :

- the local distribution of ¢, stresses does not affect significantly the global behaviour
of the column web panel ;

- the reduction of the maximum shear stresses at plastic collapse due to o, stresses
may be estimated by means of the von MISES criterion (see annex 3 [10}).

For sake of simplicity, it is however suggested here not to account for this stress

interaction - what could complicate the use of the formula and is not really necessary

because of the relatively limited influence of this factor - but to compensate it by a

fictitious reduction of the shear web area of the column (see annex 3).

This lead to the proposal summarized in table 4 where the transversally stiffened and

unstiffened panels are clearly distinguished - the "frame effect" associated to the shear

resistance of the frame constituted by the column flanges and the transverse stiffeners

is far from being negligeable-.

T
q

-t

Figure 11 - Stresses interacting in a column web paneil.
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DESIGN RESISTANCE OF A SHEARED COLUMN WEB PANEL

AN AN
Ved Vsd
RSN 7@’
“// j H i Lo
| : ‘?]db ' / ?jdb
v _ 7 N
e oy
Vg g Vsd |
2% A
EUROCODE 3 NEW PROPOSAL

Web panels transversally stiffened or not

VM:AV-fyC/\/g

with :

A, = shear area of the column web which may
be approximated by :

A, =104Ht,

Unstiffened web panels

Ve =094, .f I3

with .
= shear area of the column web panels
given in table 5 and which may be
approximated by .

A\' = Tl Hc tWG
oli 1n = 1,2 for IPE profiles
= 1,5-0,4H, (H, in mm})
for HEA profiles
1,45-0,4H, (M, in mm)
for HEB profiles

it

Transversally stiffened web panels

Via = Vea + Vy
avec |
VC' = 4Mde

M, = plastic moment of the column flange
given in tabie 5.

Table 4



SECTIONS Ash If 7.E=Hpt /£y L=1/X
(em?) (cm?) (em?) (mm)

1PE 80 3,58 0.12 0.44 16.43
IPE 100 5.08 0.24 0.71 20.36
IPE 120 6.31 0.31 0.93 22,69
IPE 140 7.64 0.41 1.19 24,99
IPE 160 9.66 0.69 1.67 28.91
IPE 180 11.25 0.85 2.05 31.15
IPE 200 14.00 1.50 2,88 36.12
IPE 220 15.88 1.83 3.49 38,51
1PE 240 19.14 3.00 4,76 43,82
1PE 270 22.14 3,45 5.50 46,28
1PE 300 25.68 4,03 6.43 48.73
IPE 330 30.81 6.28 8.52 54,90
IPE 360 35.14 7.79 10.39 58,40
IPE 400 42,69 11.50 13.29 64 .87
IPE 450 50,85 13.86 15.71 68.76
IPE 500 59,87 17.16 18.96 73.17
IPE 550 72.34 24.87 24.16 80.46
IPE 600 83.78 31.17 29.40 85.48
IPE 750137 92.90 18.40 23.75 81.37
IPE 750%147 105.41 19.29 24.37 79.55
IPE 750%161 110.98 25.96 30.58 84.74
IPE 750%173 116.44 34,20 37.55 89.81
IPE 750+185 121.12 42,69 4412 94.12
IPE 750%196 127.27 51,84 50.75 97.69
IPE 750%210 131.52 66.63 60.71 103.35
IPE 7504222 139.76 77.29 67.39 105.65

SECTIONS Ash If ZE=Mpf /£y L=1/\

(cm?) (em*) (cm?) (mm)

HE 100 A 7.56 1.29 2.58 27.60
HE 120 A 8.46 1.40 2.90 30.15
HE 140 A 10.12 1.72 31.60 32.78
HE 160 A 13.21 2.90 5.02 37.66
HE 180 A 14.47 3,33 5.90 40.56
HE 200 A 18.08 5.19 7.81 45 .49
HE 220 A 20,67 6.48 9.73 48.70
HE 240 A 25.18 10.12 13.14 54.54
HE 260 A 28.76 13.89 16.14 60.18
HE 280 A 31.74 15.57 18.14 62.50
HE 300 A 37.28 22.39 23.24 68.42
HE 320 A 41.13 26.78 27.24 71.94
HE 340 A 44,95 30.28 30,20 74.60
HE 360 A 48.96 34.11 33.32 77.25
HE 400 A 57.33 40.85 38.46 81.57
HE 450 A 65.78 49.97 45.38 87.94
HE 500 A 74.72 60.61 52.92 94,21
HE 550 A 83.72 66.94 57.10 98 .42
HE 600 A 93.21 73.74 61.43 102.47
HE 650 A 103,19 81.01 65.93 106 .40
HE 700 A 116.97 89.70 70.94 109.55
HE 800 A 138.83 109.08 79.26 118.33
HE 900 A 163.33 128.45 89.66 125,40
HE 1000 A 184.56 138.99 95.10 130.77
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SECTIONS Ash 1f ZE=Mpf/fy 1=1/)
(cm?) (cm?) (cm?) (mm)

HE 100 B 9,04 2.05 3.72 29.56
HE 120 B 10.96 2.77 4,99 33.50
HE 140 B 13.08 1.69 6.55 37.33
HE 160 B 17,59 6.22 9,32 42.41
HE 180 B 20.24 7.85 11.60 46,08
HE 200 B 24,83 11.92 15.41 51.62
HE 220 B 27.92 14.53 18.55 55.23
HE 240 B 33.23 20.83 23,66 60.80
HE 260 B 37.59 27.10 28.15 66.18
HE 280 B 41,09 30.12 31.30 68,86
HE 300 B 47.43 40,85 38,46 74,55
HE 320 B 51.77 47.74 43.66 78.18
HE 340 B 56.09 53.06 47 . 44 80.97
HE 360 B 60.60 58,79 51.38 83.71
HE 400 B 69.98 68.62 57.75 88.23
HE 450 B 79,66 81.91 66.27 94,72
HE 5300 B 89.82 97.03 75.42 101.08
HE 550 B 100.07 105,83 80.41 105.44
HE 600 B 110.81 115.16 85.56 109,63
HE 650 B 122.04 125.05 90,88 113.67
HE 700 B 137.10 136,62 96.74 116.95
HE 800 B 161.75 161.87 106.48 125.67
HE 900 B 188.75 187.26 118.52 132.88
HE 1000 B 212,49 200.94 124.79 138.43

SECTIONS Ash if Zf=Mpf/fy L=1/)\

(em?) (em*) (cm?) (mm)

HE 100 H 18.04 11.54 13.59 38.31
HE 120 M 21.15 14.71 17.09 43,20
HE 140 M 24,46 18.48 21.08 47.83
HE 160 M 30.81 26,30 27.24 52.87
HE 180 M 34,65 31.77 32.38 57.18
HE 200 M 41.03 42.81 40.09 62.54
HE 220 M 45,31 50.40 46.51 66,68
HE 240 M 60.07 101.77 77.10 78.04
HE 260 M 66.89 121.98 87.89 83,23
HE 280 M 72.03 133,56 96.05 86.74
HE 300 M 90,53 234,13 143,95 98.14
HE 320 M 94,85 248.32 150.11 101.57
HE 340 M 98,63 248,32 150.11 103.54
HE 360 M 102.41 247,77 149,71 105.35
HE 400 M 110.18 247.22 149.31 108.84
HE 450 M 119,84 247 .22 149,31 112.82
HE 500 M 129.50 246.67 148.91 116.35
HE 550 M 139.58 246.67 148.91 119.77
HE 600 M 149,66 246.12 148.50 122,86
HE 650 M 159.74 246,12 148,50 125.79
HE 700 M 169.82 245.56 148.10 128,45
HE 800 M 194.27 264,29 152.71 135.72
HE 900 M 214 .43 263.73 152.31 140.24
HE 1000 M 235.01 263.73 152,31 144.50

20
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8 DESIGN RESISTANCE OF A COLUMN WEB PANEL SUBJECT TO LOAD-
INTRODUCTION

Formulae 7 and 8 are recommended in EC3 Annex J for the assessment of the
design resistance of an unstiffened column web subject respectively to a transverse
compression and tensile force.

These formulae differ from those integrated in the Liége model - they are
presented in références [7, 8] and in annex 3 [10] - by an unsafer definition of the
maximum compressive or tensile stress in the web; this is linked to the fact that the
actual interaction between o, and 1 stresses (see figure 11) has not been accounted
for in the EC3 rules.

The application of the EC3 and Ligge formulae to the fully welded joints studied
numerically and to the joints with extended end-plate connections tested in laboratory
(see annex 1) lead to the conclusion that, contrarily to what has been shown for the
shear resistance, the design resistance of a web subject to transverse loads is highly
dependent on the values of the shear stresses in the web panel, and consequently to
the actual joint loading. This influence, which may lead to substantial decreases of the
maximum compressive or tensile stress has to be accounted for, even in a simplified
computation of the design resistance of the web transversally loaded.

The Liege approach identifies itself obviously to the EC3 one for cruciform joints
symmetrically loaded for which the web panel is not subject to shear stresses.

In conclusion, it is proposed to assess the design resistance of a column web by
means of the formulae listed in tables 6 and 7.

e.2. Rotational stiffness

The formulation of the rotational stiffness in the Liege model differs appreciably
from that suggested in EC3 Annex J. The present section could obviously consist in
a presentation of the Lidge model, as it is done in [8]. It seems however more
appropriate, as the EC3 model provides a relatively good prediction of the stiffness,
to use the experience drawn from the development of the Liége model, to slightly
amend and madify the EC3 model.

This task should be really facilitated by the work of RYAN and OUDRY who, in the
recent paper [12], clearly and simply show the basis on which the EC3 model lies.

Such a work is actually in progress in Liége; it should lead to the proposal of new
refined "k" coefficients (see EC3 Annex J} in a very near future.

f. EXTENDING OF EC3 ANNEX J TO OTHER TYPES OF CONNECTIONS

An analytical model for the prediction of the rotational response till collapse of
joints with flange cleated connections has also been developed in Liége [8]. Its validity
has been demonstrated by means of numerous comparisons with results of
experimental tests carried out in Lidge, Sheffield, Trento and Hamburg [8].



22

As for the end-plate and welded connections, the knowledge got from this study is
likely to be used, in view of the extending of the EC3 Annex J, to the prediction of the
rotational behaviour of joints with flange cleated connections.
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ANNEX 2

Refined evaluation of the plastic capacity of the
tensile zone in end-plate connections



ANNEX 3

Design resistance of column web panels
subject to shear and load-introduction



GUIDELINES FOR THE DESIGN OF STEEL BRACED FRAMES WITH
SEMI-RIGID JOINTS,

The recent development of numerical programs for structural analysis capable
of integrating all the material and geometrical non-linearities, and particularly the actual
behaviour of connections, now enables the response of the frames to be simulated
until collapse. However, this does not prevent us from the necessity of proposing to
designers simple but nevertheless accurate design methods more appropriate to daily
practice.

The present paper, devoted to the study of braced frames, falis within this field.

The non-linear behaviour of joints as well as the separate response of
connections and of sheared column web panels can obviously not be taken into
consideration in practical design. The deformability sources have consequently to be
concentrated at the beam-to-column interface (see part of the document entitled
"Concentration of the joint deformability") and the corresponding M,-0 curves have to
be idealized (see part of the document entitled "Concentration and "bi-linearization”
of the joint response"). The maximum bending moment M, assumed to be carried
over by the joints is represented in Fig. 1.a. This moment is physicaily linked to an
ultimate limiting state that generally corresponds to the yielding of a connection part.

The connection constant stiffness considered in the stability calculation of
frames is the secant stiffness (Fig. 1.a).

This idealization of the M,-0 curves is quite similar to that usually considered
for beam and column sections (Figure 1.b).

Mpb //_/
or L _

pc

EifL

a - Joint b - Steel member
Figure 1 - Modelization of moment-rotation curves

Hand-calculation methods for the assessment of the pseudo-plastic moment
and of the secant stiffness are available for the usual connections (see part of the
document entitled "Theoretical prediction of the joint response for different connection
types"). This bi-linear representation of the semi-rigid and partial-strength connection
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behaviour constitutes a safe approximation for the stability calculation of steel frames
(see part of the document entitled "Concentration and bi-linearization of the joint
response").

The two usual philosophies - elastic and plastic - may be followed for the design
of braced frames with semi-rigid joints.

a. ELASTIC DESIGN OF BRACED FRAMES
a.1. Design principles

The elastic design of a braced frame requires a first-order elastic linear analysis
in order to determine the internal forces. The extension to the analysis of frames with
semi-rigid joints of classical elastic linear methods such as the slope-deflection method
and the moment-distribution method was introduced in 1942 by JOHNSTON and
MOUNT [1].

The design in itself is achieved according to a 'weak-column-strong-beam’
criterion, [2, 3] which consists in designing beams and connections in such a way that
their collapse never precedes that of the columns. The stability check of the whole
frame is then reduced to the individual check of columns by means of the usual
interaction formulae for in-plane or space-loaded columns.

The buckling length of an isolated column, useful for its stability check, may be
chosen equal to the column height, commonly termed ’system length’. Studies in
Liége [4] have clearly shown that this choice does not lead in all cases to a safe
estimation of the buckling collapse load, contrary to what is usually supposed. In
reality, columns form part of the frame and a more accurate estimation of their
carrying capacity is obtained by considering a buckling length, termed 'effective
length’, generally smaller but sometimes greater than the system length. This
"sffective length” results from the presence of end restraints due to the rest of the
structure and patrticularly to the surrounding beams and connections (whose elastic
behaviour until frame collapse provides restraints with a constant character) and to the
surrounding columns.



Figure 2 - Isolated column Figure 3 - Substructure defined by
BJORHOVDE
a.2. Buckling length of linearly end-restrained columns

The formulae for the stability ckeck of bent and compressed columns apply to
columns assumed isolated. Their application to actual columns in braced frames
needs the definition of an equivalent isolated and restrained column (fig. 2). The effect
of restraints is revealed by the presence, at the column ends, of flexural springs, the
rigidity of which is defined in such a way that it equals the effect of that of the rest of
the structure.

The determination of the effective buckling length of actual columns will result
from the study of corresponding isolated and restrained columns. The main probiem
obviously lies in the evaluation of the flexural characteristic of the springs.

BJORHOVDE [5] limits the influence of the structure on the column studied to
the beams {and the corresponding joints) ending at the extremity considered (Fig. 3).
He proposes the following expression for the stiffness of the equivalent flexural spring
at each column extremity :

2ET
ol ;ZLEI ! (1)
T Lgs g, 9.4
Cq,1Lg, 1
where : E = YOUNG moduius ;

l,; = stiffness of the beam i ending at the extremity considered;
L, = length of the beam i ending at the extremity considered
C,; = secant stiffness of connection between beam i and column.

This equation assumes that the beams of the substructure are bent in single curvature
with equal and opposite end rotations. It may be easily modified according to the
actual beam-end conditions.

The practical assessment of the effective buckling length of isolated and linearly
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end-restrained columns may be achieved by means of simplified formulae resulting
from a study of elastic linear stability or from the use of buckling curves for end-
restrained columns.

A survey of the main existing approaches, as well as an original buckling-
length-evalu ation method for columns with different restraints at their ends, is
proposed in [4, 8].

Figure 4.b presents, for the lower column of the small structure represented in
figure 4.a [column subject to the load A(P, + P,)], a comparison of the first order
elastic buckling load multipliers obtained respectively by means of :

- the non-linear finite element program FINELG (A.4);

. the EULER formula (n°EM2) with the effective length |, resulting from the
BJORHOVDE's approach (A,);

versus the load Py in the upper column,

The critical multiplier obtained by means of FINELG is considered as the exact one.

When P, is equal to zero, the upper column acts as a beam in bending and fully
restrainis the lower column for buckling. The BJORHOVDE's approach is safe in this
case (the 'positive’ restraint offered by the upper column is neglected).

When P, increases, this flexural restraint decreases progressively and vanishes
for P, = 420 kN (P, = 800 kN). For higher values of P, the restraint brought by the
upper column becomes ‘negative’; the BJORHOVDE's approach is then unsafe.

This example point out the necessity of extending the concept of substructure
(figure 3) to the upper and lower columns (figure 5).

s

i

Figure 5 - Extended substructure.
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BASILL SCOTT's approach for the evaluation of the column end-restraints is
based on the study of this extended substructure. This method has been considered
in EC3 Annex E; its application to the structure of figure 4.a. demonstrates its
generally safe (sometimes really too safe) character (fig. 4.b).

New formulae also based on the study of the extended substructure have
beenproposed recently in Liége in order to assess in a more accurate way the value
of the restraints at the ends of the isolated column presented in figure 2; they allow
to take the value of the normal compression forces in the upper and lower columns

into account.

Their application to the submentioned example (figure 6) highlights their accuracy.
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Figure 6 - Assessment of A, based on the extended substructure.

Such

conclusions should have some interest in view of the possible

improvement of EC3 Annex E which refers basically to principles similar to those
expressed by SCOTT.



a.3. Second-order effects

SNISDER, BIJLAARD and STARK {7] have highlighted the possible importance
of second-order effects on the behaviour of braced frames. Indeed, the compression
axial forces acting in the columns produce a decrease of their flexural stiffness; this
so-called ‘e effect’ has an influence on the bending-moment diagram of the whole
frame and may cause the premature collapse of beams and/or joints, which results,
for the columns, in a reduction in the amount of restraint at their ends and in a
modification of their loading. According to BIULAARD and SNIJDER, the influence of
these second-order effects couid be negiected when .

- the beam-span-to-column-height ratio is larger than 1.0 ;
- the moment capacity of the beam is larger than that of the column.

However, studies performed in Liege [8, 9] have not allowed these conclusions to be
confirmed.

As long as more reliable criteria are not available, the following steps are
suggested [4] .

to design the frame according to the principles expressed above by referring to the
first-order elastic linear analysis of the whole frame ;

then to check that the second-order moments in the frame at collapse do not
exceed the plastic moment M, of the section in the beams and the design
resistance M, in the joints. It must be noted that the second-order elastic linear
analysis of a braced frame may be achieved in a simple, accurate and non-iterative
way by means of the modified slope-deflection method developed by VANDEPITTE
[10].

b. PLASTIC DESIGN OF BRACED FRAMES

The plastic design is achieved according to a ’'strong-column-weak-beam’
criterion [2, 3] in which the frame collapse is associated with the formation of beam
plastic mechanisms. The check of the column is performed, in a similar way to that
described here, in the structure submitted to collapse loads, a part of which remains
elastic [4].

The problem of the rotation capacity and of the required minimum stiffness of
connections for a plastic design is dealt with, among other things, by STARK and
BIJLAARD [11].

¢. CONCLUDING REMARK
The calcutation in Liege of a large number of different structures through the

non-linear finite element program FINELG and the design methods described has
enabled the degree of accuracy of the proposed methods to be shown.
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