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1. Static loading

1.1 High Strength Steel

The use of Circular Hollow Section (CHS) and steel-concrete Composite Filled
Tube (CFT) section has recently had a significant development both for their
excellent structural and architectural properties. Conversely, the use of high strength
steel (HSS)circular hollow sections (CHS) is still very limited in the construction
industry. In the construction sector, steel with yield strength from 460 up to 690
MPa is considered HSS. The high-strength steels have specific chemical compositions
which depend primarily on rolling and tempering techniques, element thickness and
producers.

High strength steels have become commercial about 3 decades ago. They were,
like today, essentially produced by water Quenching and Tempering (QT). In the last
years Thermo-Mechanical Rolling (TM) followed by accelerated cooling has become
an alternative production route as reported by Richter et al (2002)[1.1.1] and Varga
(1996)[1.1.2].

1.1.1 Material characteristics of High Strength Steel

The stress-strain behavior of HSS (o -€) is considerably different from that of
mild steel, exhibiting considerably lower material ductility. Strain at rupture €, of
HSS ranges from 10% to 15%, strain at ultimate load level €. is about 10% as proved
by Sivakumaran & Bing (1998)[1.1.3] and Rasmussen & Hancock (1995) [1.1.4]. It was
recently developed the EN 1993-1-12 [1.1.5] in order to give rules (additions and
changes) to make EN 1993-1-1[ 1.1.6] applicable to high strength steel. EN 1993-1-12
covers steels according to EN 10025-6 [1.1.7] and EN 10149-2[1.1.8]. The former
deals with quenched and tempered steels delivered as flat plates and those included
in EC3-1-12 range from S500 to S690, whereas EN 10149-2 deals with TM- steels for
cold forming and the grades included in EN 1993-1-12 range from S500 to S700 as
reported by Johansson & Collin (2008)[1.1.9]. In EN 1993-1-12 three requirements
on material behavior and ductility are stated. They are a little different than that
stated in EN 1993-1-1, i.e.

f
. £>1.05
fy
. Elongation at failure not less than 10%

f
. g 215+
E

The restrictions on structures made of steels fulfilling those relaxed
requirements are mainly that plastic analysis and semi rigid joints should not be
used. The structural analysis should either be elastic or by non-linear FEM. It should
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be noted that the plastic resistance may still be used for cross sections in Class 1 and
2 [1.1.9]. Concerning the weldability, it is more difficult to weld quenched and
tempered HSS and thermo-mechanically rolled HSS than mild steel. The more
difficult weldability results from the increasing of Carbon Equivalent parameter (CE).
However these difficulties must be overcome by precautions in welding. This means
higher preheat, and interpass temperature, the application of low hydrogen
consumables and possibly soaking after welding for a removal of residual hydrogen
[1.1.1], [1.1.3]. Moreover it is known that nickel improves consistently the low
temperature toughness in parent material and heat affected zone for QT and
normalized steels. If Nickel is added, it can replace carbon, manganese and other
alloying elements that are less favourable for the Heat Affected Zone (HAZ) [1.1.1]
[1.1.3]. One way of simplifying the welding of HSS is to use undermatched
electrodes, which makes the welds more ductile and less prone to crack.
Undermatched electrodes are not allowed in EN 1993-1-8 [1.1.10] but they are
allowed in EN 1993-1-12. The design of such undermatched welds should be based
on the electrode strength rather than the base material strength [1.1.9]. The results
come out from some test to be a modification of the design formula (4.1) of EN
1993-1-8 which reads:

+
«/Ji +21'f +32’,§ < f”2 fey

Vw2

The notations are the same as in EN 1993-1-8 with the additional symbol feu meaning
the characteristic ultimate strength of the electrodes [1.1.9].

1.1.2 Local and global buckling of high strength steel

There are numerous studies on the effect of buckling on structures of HSS
[1.1.9]. In general those studies show that HSS performs better than ordinary steel
or at least not worse [1.1.3], [1.1.4], [1.1.11]. This means that the normal design
rules can be used as a conservative approach. The reason for the better behaviour of
HSS is a smaller influence of imperfections and lower influence of residual stresses
because the value of the ratio between residual stresses and yield strength is small
[1.1.3],[1.1.4], [1.1.12].

Studies and tests on long box and I|-section columns fabricated from HSS have
shown that the buckling behaviour of these sections is better than that described in
Eurocode [1.1.4]. In fact the Eurocode 3 design curves are conservative compared
with the tests and with Australian, American and British specifications. This is
because the slenderness reduction factor due to flexural buckling ( x ) in the
Eurocode is more penalised than the Australian [1.1.13] and American AISC [1.1.14]
specifications. Moreover this factor in Eurocode is not function of the yield stress as
in the British Standard BS5950 [1.1.15]. The difference between Eurocode and British
Standard is inside the imperfection parameter:
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n=a(1-0,2) (EN1993-1-1)
7°E =
n=0,001a (2-0,2) (BS5950)
y
1

¢=0,5(1+n+1°)

Therefore a more rational way to account for the increased relative resistance would
be to give a gradual increase of the buckling curves by modifying the imperfection
parameter as reported by Bernt Johansson & Collin [1.1.9].

A direct use of these results is not suggested for other kind of section such as
CHS because it is necessary to carry out analytic, numerical and experimental tests
on these sections.

1.1.3 Ductility of HSS elements and sections

Several studies have verified the difficulty of using plastic analysis for high
strength steel elements due to the reduced ductility parameters of the material
[1.1.3]. The ratio between the tensile strength (fu) and the yield strength (fy) is
considerably lower than that of mild steel; the ratio between the strain at hardening
(est), and the strain at yielding (€y) is about 1, so that there isn’t a horizontal plateau
after the yield strength; the ratio between the strain at ultimate load level (€u), and
the strain at yielding (¢y ) is considerably lower than that of mild steel [1.1.3].
However these studies were carried out on H section and are not directly extensible
to circular sections. In conclusion, we can say that the ductility of material and
section for HSS elements can be considered lower than that of ordinary steel and
hence need to pay particular attention to use plastic analysis, particularly in seismic
conditions.

1.1.4 Classification of cross section for CHS made of HSS

The classification of cross sections is closely related to the ductility of the
material, the ductility of the element section and the local buckling phenomena. An
important problem of HSS section, owing to the high yield strength, consists of
respecting the classification limits imposed by Eurocode 3-1-1. The classification of
cross sections is function of the factor

/235
c= 222
fy
so that HSS is penalized. In addition the classification is function of D/t that is often
high with use of HSS sections. Beg & Hladnik [1.1.11] and Elchalakani et al [1.1.16]

have shown that the slenderness limits in EC3-1-1 are probably too conservative
both for mild steel up to grade S460 and for HSS, in particular for circular hollow

Lab. Mechanics & Strength of Materials, University of Thessaly 7



ATTEL — Deliverable D1 — Work Packagel — March 2010

section. There are significant differences in slenderness limits recommended in
various codes for circular hollow sections (CHS) under bending as shown by
Elchalakani et al [1.1.16].

Cross section classification

AS 4100 AISC-LRFD Eurocode 3 NZS 3404
(1) (2) & CIDECT (3) (4)

As <50 As <50 As <47 As <50
Compact Compact Class 1 Class 1
50 < As £120 50 < As £250 47< s <66 50 < As <65

Non-compact Non-compact Class 2 Class 2
66< As <84 65 <As <170

Class 3 Class 3

As >120 As >250 As >84 As >170

Slender Slender Class 4 Class 4

Table 1 Cross section classification for different standards

L=
&
f

y

Other research by Al-Shawi [1.1.17] aimed at studying the behaviour and the
rotational capacity of CHS in the plastic range in order to investigate the behaviour
of circular hollow sections beyond the stage of development of the plastic moment
of resistance. In the standards, the possibility to develop plastic moment Mp is fitted
in the classification of cross sections. But in this way it does not take into account the
secondary P-A effect which takes place in the plane of the cross section of the tube.
This effect will reduce the plastic section (ovalization) modulus due to the
deformation in the form of flattening of the cross section [1.1.17]. It is therefore
necessary to perform experiments and tests with regard to these issues, mainly
investigating the behaviour of circular sections in HSS.
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1.2.1 ECCS experimental research on column strength of regular steel
(experimental basis of European Column Buckling Curves reported in
EN1993-1-1)

The ECCS (European Convention for Constructional Steelwork) testing
programme on column strength has included 1067 main buckling tests on various
types of members (I, H, T, round and square hollow sections) and the corresponding
stub and tension tests. It covered the range of slenderness ratios most frequently
used in European constructional practice (in fact 55— 75— 95 — 130 — 160). Stub tests
were made with I/r = 20 and fixed ends. This research has been described by D.
Sfintesco [1.2.1] and Jacquet [1.2.3]. The cross-sectional dimensions of the test
pieces were limited in this programme by the force and height of the testing
machines. Therefore the range of heavier sections with greater thicknesses had not
been covered.

Thanks to the interest shown by CRC for this research, a complementary
programme jointly sponsored by WRC, NSF, and ECCS has been carried out at Lehigh
University (Fritz Lab) on columns of a relatively (i.e. accordingly to European
standards) heavier section. The test pieces were collected in various European
countries along the same rules as for the main programme.

These additional tests have been completed the information needed for
establishing the ECCS column curves. They also gave the opportunity of a
comparison between the ECCS and the Lehigh testing procedures. It has been
reported on this research in papers by N. Tebedge et al [1.2.4].

1.2.2 Experimental research vs. theoretical analysis of regular steel

The following figures compare the statistically evaluated column tests with
theoretical column curves. Figure 1 shows the test results for rolled tubes, Figure 2
for welded tubes, hot-finished. For the comparison curve “a”, the design curve for
tubes, is evaluated with the statistically determined yield point of the tubes tested,
and is in good agreement with the test results. Also, the comparison shows clearly
the lower load carrying capacity of welded tubes in the range of small slenderness
ratios I.

Lab. Mechanics & Strength of Materials, University of Thessaly 10
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Figure 1 ECCS test results for rolled tubes.
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Figure 2 ECCS test for welded tubes, hot-finished.

1.2.3 Compression members of high strength steel

Design rules for columns of high yield strength steel (S460 at that time) have been
included in the Eurocode to allow designers to take advantage, not only of their
obvious enhanced load-bearing capacity due to increased material strength, but of
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additional strength conferred on columns due to lessening of detrimental effect of
residual stresses.

One of the more favourable cross-sectional shapes for a column is of a circular tube.
Beer and Schulz [1.2.6] have computed the column curve for such cross-section
assuming no residual stresses and a diameter to wall thickness ratio of 40. This
column curve has been given the designation “ap” and represents an approximate
upper bound to the strength of tubular columns having an initial bow of 1/1000 of
the column length.

Experimental results for the buckling of hot-finished welded, round and square tubes
have been obtained at the University of Liege [1.2.7]. The steel had a yield stress in
excess of 700 MPa. The tubular columns were tested at six values of non dimensional
slenderness and the results are shown plotted in Figure 3. Each point represents the
mean strength from eight tests less twice the standard deviation except at non
dimensional slenderness equal to 1.7 where only three tests were performed.
Experimental failure stresses in Figure 3 are non-dimensionalised with respect of
guaranteed minimum vyield stress (mean vyield stress less twice the standard
deviation) to conform with the Eurocode column curve for hot-finished welded
tubes.

N o
-] 0,
08
Rolled tubes
061 s round(Milan Poli.)
Hot finished welded tubes
041 o round (Uni. Liége)
a square(Uni. Liége)
n=3
0-2-
06—02 0. 06 08 1o, 12 14 16 18

Figure 3 - Experimental results for the buckling of hot-finished welded, round and square tubes
made of high strength steel.

A series of tests on rolled, heat-treated circular tubes of steel having a mean yield
stress of 654 MPa has been carried out by Milan Polytechnic [1.2.8]. Twelve tests
have been performed at a non-dimensional slenderness ratio of 1.1. The single point
shown on Figure 3 represents the mean of the twelve results less twice the standard
deviation divided by the mean yield stress less twice the standard deviation.

Figure 3 shows that most of the experimental results are between curves “a” and
“ag”. It is possible in the future that manufacturing processes of high yield strength
tubes will be improved to allow such section to be designed according to curve “ay”.
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2 Earthquake loading

2.1 Tubular CHS and CFT structural members under cyclic
bending loading

Elchalakani et al [2.1.2] reported experimental work on CHS members to
determine new section slenderness limits suitable for design and construction of
seismic resisting structural systems. It describes an experimental investigation of the
cyclic inelastic flexural behavior of cold-formed circular hollow section CHS beams.
Controlled-rotation, symmetrical cyclic bending tests were performed on different
sizes compact CHS with section slenderness D/t ratios ranging from 13 to 39. With
continuous cycling, the growth of ovalization caused a progressive reduction in the
bending rigidity of the tube and eventually instability occurred. The CHS beams
exhibited stable hysteresis behavior up to local buckling and then showed
considerable degradation in strength and ductility depending upon the D/t ratio.
Seismic capacity parameters are presented, including strength, stiffness, hysteresis
loops and modes of failure for each specimen. Peak moments obtained in the cyclic
tests were compared with those obtained in monotonic tests published previously
and also with design moments predicted using a number of steel specifications. The
deformation ductility demand was determined and used to derive new fully ductile
section slenderness limits suitable for seismic design. A comparison is made between
these seismic slenderness limits and the static limits available in the design codes.

Elchalakani et al. [2.1.4] extended their previous work to the case of CFT
members under cyclic bending. They reported an experimental investigation of the
cyclic inelastic flexural behaviour of concrete-filled tubular (CFT) beams made of
cold-formed circular hollow sections and filled with normal concrete. Cyclic bending
tests were performed using a constant amplitude loading history on different CFT
specimens with diameter-to-thickness ratios (D=t) ranging from 20 to 162. The CFT
beams exhibited stable hysteresis behaviour up to the formation of plastic ripples
and then showed considerable degradation in stiffness, strength, and ductility
depending on the D/t ratio. Seismic capacity parameters are presented including
strength, stiffness, rotation capacity, hysteresis loops and modes of failure of the
specimens. Peak moments obtained in the cyclic tests are compared with those
obtained previously in monotonic tests and also with design moments predicted
using the available design rules for composite beams. The deformation ductility
demand was determined and used to derive new fully ductile section slenderness
limits suitable for seismic design. In a subsequent publication, Elchalakani & Zhao
[2.1.5] reported an experimental investigation of the cyclic inelastic flexural
behaviour of concrete-filled tubes (CFT), with controlled-rotation, symmetrical cyclic
bending tests using a variable amplitude loading history on different sizes of CFT
with different section slenderness. The CFT beams exhibited stable hysteresis
behaviour up to local buckling and then showed considerable degradation in
strength and ductility depending on the D/t ratio. Seismic capacity parameters are
presented including strength, hysteresis curves and modes of failure for the
specimens. Peak moments obtained in the cyclic tests were compared with design
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moments predicted using a number of steel and concrete specifications. New section
slenderness limits suitable for design and construction of seismic resisting structural
systems were determined. A comparison is made between these seismic slenderness
limits and the limits available in the design codes.

Lee et al. (2001) [2.1.1] presented the experimental results on the influence of
the diameter-to-thickness ratio (D/t ratio) to the response and stability of circular
tubes subjected to symmetrical cyclic bending. To highlight the influence of the D/t
ratio to the response and stability of circular tubes under symmetrical cyclic bending,
the raw tubes were slightly machined on the outside surface to obtain the desired
D/t ratio. However, the magnitudes of the inside diameter were intact and the same
for all tested specimens. It was observed that if a certain amount of controlled
curvature is considered, specimens with smaller outside diameters have a few
number of cycles to produce buckling than these with larger outside diameters. In
addition, although four groups of tested specimens had four different D/t ratios, four
parallel straight lines can be seen from the relationship between the controlled
curvature and the number of cycles to produce buckling in log—log scale. Finally, the
empirical relationship, proposed by Kyriakides and Shaw (1987), was modified so
that it can be used for simulating the relationship between the controlled curvature
and the number of cycles to produce buckling for circular tubes with different D/t
ratios. The simulation was compared with the experimental test data. Good
agreement between the experimental result and modified empirical relationship has
been achieved. In a more recent paper, Chang & Pan [2.1.3] reported an
experimental investigation of the degradation and buckling of circular tubes
subjected to cyclic bending is discussed. The machinery specimens (with different
diameter-to-thickness ratios but the same inside diameter) and method of testing
(cyclic bending) in this study were the same as the ones used by Lee et al. (2001)
[2.1.1] 316L stainless steel circular tubes. The experimental investigation was
extended to different outside and inside diameters of the same circular tubes
subjected to cyclic bending. Based on the experiments, the empirical formulation
proposed by Lee et al. (2001) was modified so that it can now be used to simulate
the relationship between the prescribed curvature and the number of cycles
necessary to produce buckling. In addition, it was found that the experimental curve
of the ovalization and the number of cycles necessary to produce buckling could be
divided into three stages — an initial, secondary and final stage. An empirical
relationship, similar to the Bailey—Norton creep formulation, was proposed for
simulating the aforementioned curve for the initial and secondary stages in this
study. The derived empirical relationship was in good agreement with the
experimental data.
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2.2 Tubular CHS and CFT beam-columns under monotonic and
cyclic loads

The pioneering works of Furlong (1967, 1968) [2.2.1], [2.2.2], Gardner &
Jacobson (1967) [2.2.3] and those by Knowles & Park (1969, 1970) [2.2.4], [2.2.5],
constitute an extensive experimental data base, which is still useful in investigating
the structural behavior of CFT columns and beam-columns. More recently, the paper
by Schneider (1998) [2.2.6], reported experimental and analytical results on short,
concrete-filled steel tubes loaded concentrically in compression. Fourteen specimens
were tested to investigate the effect of the steel shape and wall thickness on the
ultimate strength of the composite column. The results were compared with existing
design specifications for CFT column design. The experimental results indicated that
circular tubes offer substatinal post-yield strength and stiffness.

The behavior of concrete-filled circular and square steel tubular CFT beam-
columns with a variety of material strengths was investigated experimentally by Inai
et al. (2004) [2.2.7]. The main test parameters are steel strength 400, 590, and 780
MPa, diameter- width-to-thickness ratio of steel tube, and concrete strength
between 40 and 90 MPa. The interior beam-column models were tested under
constant axial compression and cyclic horizontal load with incrementally increasing
lateral deformation to clarify the effects of the test parameters on the behavior. The
exterior beam-column models were laterally loaded under variable axial load,
including axial tension. The behavior of square beam columns subjected to biaxial
bending was also investigated. The test results show that higher strength and thicker
steel tubes give better overall behavior of the beam column, while higher strength
concrete has an adverse effect on the behavior. Furthermore, computer simulations
for the hysteretic behavior of CFT beam-column specimens are presented here. The
analytical results show excellent agreement with the test results except for a few
cases.
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The behavior of concrete-filled tube columns under seismic loads was studied by
Elremaily et al. (2002) [2.2.8]. Six columns were tested, subjected to a constant axial
load in addition to a cyclic lateral load. The test parameters included the level of
axial load, the diameter-to-thickness ratio of the steel tube, and the concrete
compressive strength. The test columns showed high ductility and maintained their
strength up to the end of the test. The test results also indicate that the column
capacity was significantly improved due to the concrete strength gained from the
confinement provided by the steel tube. An analytical model was developed to
predict the capacity of circular CFT beam—columns accounting for the interaction
between the steel and concrete. The analytical model is compared with the
experimental data reported in this paper and those reported by other researchers.
Good agreement was observed between the predicted values using the proposed
model and the experimental results.
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3. Structural joints between tubular columns
and I-beams

3.1 Tests on Structural joints between tubular columns and
I-beams

An interesting paper was reported by Schneider and Alostaz (1998) [3.1.1]. Six
large-scale connections were tested to failure using the quasi-static test method. All
details consisted of a connection-stub which was shop fabricated and field bolted for
construction. Experimental results indicated that welding the connection-stub
directly to the skin of the steel tube resulted in a large deformation demand on the
tube wall. Large tube wall distortions made the girder flange, the flange weld, and
the tube wall highly susceptible to fracture. Inelastic cyclic behavior improved when
external diaphragms were used to distribute the flange forces around the tube, and
the connection was able to develop the bending strength of the girder. Using
embedded elements to distribute the girder flange force to the concrete core was
very efficient in alleviating the stress concentration on the tube wall, however, the
connection performance was sensitive to the type of embedded elements. Deformed
bars welded to the girder flange and embedded into the concrete core developed a
connection strength of more than 1.5 times the plastic bending strength of the
connected girder, and exhibited stable hysteretic behavior up to failure. Connections
with continuous flange plates showed less promise without additional detailing to
anchor the flange plate into the concrete core. Extending the girder connection-stub
through the entire CFT column was sufficient to develop the full plastic bending
strength of the connected girder, and exhibited favorable inelastic cyclic
performance.

A nonlinear force-deformation model to simulate shear transfer behavior in the
panel zone of CFT (Concrete-Filled Steel Tube) beam-column connections was
proposed by Cheng & Chung (2003) [3.1.2]. In this model, influence of axial load on
the shear transfer behavior is accounted for. To validate the proposed theory, five
circular CFT beam-column connections were constructed and tested. Test results
showed that all specimens failed by the welding fracture while entering nonlinear
stage. It is found that the higher the axial load was applied, the better the ductility of
connections was obtained. Comparison of analytical and experimental results shows
that the proposed prediction for panel shear falls in a reasonable range for higher
axial load tests, but tends to be conservative for lower axial load tests.

As part of the U.S.-Japan Cooperative Research Program on Composite/Hybrid
Structures, investigations were carried out at the University of Nebraska-Lincoln and
University of lllinois, to develop moment connection details and accompanying
design provisions for connecting steel beams to circular concrete filled tube CFT
columns. The paper by Azizinamini & Schneider (2004) [3.1.4] provides an overview
of the work carried out. Work at the University of Illinois consisted of evaluating the
inelastic response of six possible connection details. Six large-scale connections were
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tested to failure using the quasi-static test method. Connections welded to the skin
of the tube created large distortions of the tube wall, and were susceptible to weld,
flange, or tube wall fracture. External diaphragm and continuous web details
exhibited more favorable inelastic behavior, but the flexural strength of these
connections began to deteriorate relatively early in the imposed deformation
history. Continuing the flanges through the composite column showed adequate
strength, however due to excessive slipping this connection did not dissipate
significant inelastic dynamic energy. One of the details tested at the University of
Illinois was passing the girder section through the CFT columns. This through beam
detail provided the most effective detail to achieve the ideal rigid connection
condition. Work at the University of Nebraska-Lincoln concentrated on
comprehending the behavior of the through beam connection detail. The behavior
of CFT columns under seismic loads was studied through testing six columns which
were subjected to a constant axial load in addition to a cyclic lateral load. Failure
modes for through beam connection detail were identified through testing seven,
two-thirds scale connection specimens. These tests were used to comprehend the
force transfer mechanisms between steel beams and CFT columns and develop
design provisions that could estimate the capacity of the various elements of the
through beam connection detail.

MacRae et al. (2004) [3.1.5] described analytical and experimental studies
carried out to better understand the transfer and distribution of force to the joint. A
range of beam-brace column gusset plate connections were considered. It is shown
that the majority of force transferred from the steel into the concrete occurs by
bearing rather than by friction. Steel gusset plates with horizontal ribs, or gusset
plates with holes, allow more force transfer and have more composite action than
plain gusset plates. Slip deformations between the steel and concrete are likely to be
too small to mobilize the strength of shear studs in these connections.

Nishiyama et al. (2004) [3.1.6] presented experimental work that verified that
the Al design formula is applicable up to an unconfined compression strength of 110
MPa for concrete and tensile strength of 809 MPa for structural steel tubes. An
analytical model for the restoring force characteristics of the shear panel in the
subassemblies was also proposed, and was found to reproduce the experimental
results with good accuracy.

The development of a nonlinear finite-element analysis model was reported in
the paper by Han et al. (2007) [3.1.7] based on the elastoplastic finite-element
theory to analyze the load versus deformation relation of steel beam to concrete-
filled steel tubular column connections. Six tests on steel beam to concrete-filled
steel tubular CFST column connections using external ring after exposure to the ISO-
834 standard fire were used to verify the theoretical model. The test parameters
included the column cross-sectional type, the fire duration time, the level of axial
load in the column, and the beam-column strength ratio. Each test specimen
consisted of a CFST column and two steel beam segments in cruciform arrangement
to represent an interior joint in a building. Three of the six composite connection
specimens had circular cross sections and three had square cross sections. Five of
the test specimens were simultaneously exposed to the standard 1SO-834 fire
condition. After they had cooled down to room temperature, each was tested under
a constant axial load and a cyclically increasing flexural load. This paper presents an
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analysis of the experimental results to validate the FEA model and to evaluate the
influences of different testing parameters on various characteristics of the beam-
column connection performance. Comparisons between the predicted results and
the experimental results indicate that the FEA model can predict the P—__ relations
of steel beam to CFST column connections and the column lateral load resistance
after fire with reasonable accuracy. Finally, the FEA model was used to make a
parametric study of the influence of the various factors on the post-fire behaviors of
steel beam to CFST column connections.

Finally, in a recent publication, Bursi et al. (2008) [3.1.8] proposed a multi-
objective advanced desigh methodology for steel-concrete composite moment-
resisting frames. The research activity mainly focused on the design of the beam-to-
column joints under seismic-induced fire loading together with the definition of
adequate structural details for composite columns. Thermal analyses of cross
sections were performed in order to obtain internal temperature distribution;
structural analyses were then performed on the whole frame to assess the global
behavior under the combined action of static and fire loadings. Besides, results of
numerical analyses were used in order to derive information about the mechanical
and numerical behavior of joints. In this paper the experimental program carried out
on four beam-to-column joint specimens are described and experimental results are
presented and discussed together with the outcomes of numerical simulations.
Experimental tests demonstrated the adequacy of the seismic design. Numerical
simulations showed a satisfactory performance of joints under seismic-induced fire
loading.
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3.2 CIDECT provisions on Structural joints between tubular
columns and beams.

3.2.1 Rigid (full strength) connections to CHS columns

The development of reliable semi-rigid connections under an inelastic cyclic
loading condition requires considerable investigation and is not recommended in
current seismic design practice. The majority of beam-to-column connections for
moment resisting frames use rigid full-strength connections for seismic design,
except for the column web panel, which is allowed to yield in shear.

In order to develop full moment capacity, transverse column stiffeners are
usually required to transfer axial loads in the beam flanges. The stiffener can be
either a through diaphragm, internal diaphragm or external diaphragm. Special
emphasis will be given in the case of external diaphragm joint typology to be
investigated during the current project.

Connections with external diaphragms have been mainly studied at Kobe
University [3.2.1]. The design formulae for these connections have been included in
the Architectural Institute of Japan Recommendations since 1980. Both circular and
square hollow section columns are applicable. The studies by Kamba et al. (1983)
[3.2.5] and Tabuchi et al. (1985) [3.2.7] afforded the basis for the design formulae.

The AlJ Recommendations use the ratio of yield to ultimate resistances of 0.7 for
connection design, unless there exist definite experimental evidences showing that
another value of this ratio is more appropriate. The past test results for connections
with external diaphragms indicated that the ultimate strength was significantly
greater than the yield strength divided by 0.7. However, the ultimate loads were
attained after large plastic deformation of the diaphragms and column walls,
frequently accompanying cracks at re-entrant corners of the diaphragms. Therefore,
the ultimate resistances of these connections are assumed to be 1/0.7 times the
yield strengths of the connections, and are shown in table 3.2.1.

The flexural capacity of the connections with the external diaphragms can be
calculated by equation 3.2.1 shown below.
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Mj,cf* = Pb,f* (hb -ty ) (Eqg. 3.2.1)

The flexural capacity of the welded web joint is ignored because the stiffening
effects of the column walls have already been taken into account in the ultimate
resistance equations in Table 3.2.1.

Shape of external diaphragm Ultimate resistance equation
b
i . .fdc‘.—1.54r'h '-0.14:‘ ‘D.S4-‘dc'-2
thickness t Pt Pos" = 19-6(TCJ td_:. ﬁ) (\?] fc.v (1)
_ty Y - ) e/ Al
) ]
Symbols:
f.y = Yield strength of column material
h Pys = Axil load in tension or compression
flange
45°
Range of validity
14<9ec3g 005<M4<014  07558<20 6 < 30°

Note:
Symbols: b = Width d = diameter h = Height t = Thickness 6 = Slope of diaphragm
Subscript: b = Beam ¢ = Column d = Diaphragm

Table 3.2.1 Ultimate resistance equations for connections with external diaphragms
[3.2.7], [3.2.5]

The validity range of equation 1 in table 3.2.1 is shown in the same table.
Although the equation 1 in table 3.2.1 is based on test results for connections in
which the beam flanges were welded to the external diaphragms, the beam flanges
were bolted to the diaphragms, as shown in Figure 3.2.1, in recent studies
[3.2.6],[3.2.9]concerning rectangular hollow steel columns. The same design
formulae as described above were found applicable to these bolted connections as
well. The maximum thickness of the beam flange and external diaphragm was 25
mm for CHS column connections.

As far as a rectangular column is concerned, the required flexural capacity at the
column face can be given by
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Mcf:;
L-L

haunch

aM

p

where Lpaunch Shows the distance between the column face and the end of the
horizontal haunch, which is equivalent to the length of the external diaphragm
measured from the column face (figure 3.2.1).The overstrength factor of a = 1.2 is
recommended because the external diaphragms sustain large plastic deformation,
participating considerably in overall plastic rotation at the beam end.

Figure 3.2.1 Beam-to-column connections with external diaphragms-
Proposed details

The local deterioration of material toughness due to cyclic loading significantly
promoted formation of cracks at the points of strain concentration. These
connections may fail these cracks starting at re-entrant corners of the diaphragm or
of the welded joints between the diaphragm and beam flange.

3.2.2 Connections to circular concrete filled columns (CFT)

Concrete filling of hollow steel section columns is a procedure sometimes
undertaken to enhance the column compressive resistance or increase the fire
resistance of the column.

In the design of composite columns, full composite action of the cross-section is
assumed. This implies that there is a good bond between the steel and concrete and
no significant slip occurs between the two, hence strain compatibility exists between
the steel and concrete. CIDECT Design Guide No. 4 [3.2.11] is a valuable resource for
evaluating the fire resistance of hollow section columns, and joints covering a)
simple shear connections, b) Semi-rigid connections d) Rigid (full strength)
connections.
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3.2.2.1 Simple shear connections

A number of research studies have investigated the concrete-to-steel tube bond
strength, plus the decrease in composite column strength, as a result of part of the
load being applied via intermediate shear connections. At such connections a
modest amount of joint rotation takes place and the steel tube “pinches” onto the
concrete core.

A reduction factor must be applied to the concrete strength, for determining the
composite column capacity, for all types of simple shear connections to RHS which
do not involve penetration of the hollow section (e.g. “through-plate” connections).
This concrete core strength reduction factor o, was given by:

ac,2 = 1_ 1'2§[ac,lA:,c fc/(A: fc,y + ac,lA:,c fc)]

where a1 = 0.85 and { is the ratio of the (factored) load applied at the shear
connection, considering all sides of the column, to the total column (factored) load.
fc is the 28-day cylinder compressive strength of the concrete, which is
approximately 0.8 of the cube compressive strength.

If the concrete core is used for full or partial fire resistance, then the steel and
concrete will expand at different rates in a fire situation, with the steel shell
softening and shedding load. When this happens it would be unwise to rely on
friction or bond at the steel-concrete interface to transfer load into the concrete.
Hence, in such situations a “through-plate” simple shear connection (see figure 5.6)
is recommended, so that beam reactions will be transferred reliably into the
concrete core during a fire [3.2.12].

3.2.2.2 Semi-rigid connections

The compression side of the connection at the column face will act as a stiff part
since the loads are resisted by the concrete infill of the column. At the tension side
the column face can only marginally deform and the deformations are generally not
sufficient to allow a vyield line pattern resulting in a punching shear failure at
relatively small deformations and a small deformation capacity. As a consequence
several connections, which with unfilled columns behave as semi-rigid partial
strength connections, after filling with concrete, behave as rigid (partial strength)
connections.

A reduced deformation or rotation capacity has as a consequence that the
connections are more sensitive to secondary bending moments, for example caused
by induced deformations due to settlements. In case of a small rotation capacity
which does not allow redistribution of bending moments only an elastic design
approach is allowed.

De Winkel (1998) [3.2.13] investigated a welded connection (Figure 3.2.2.3) with
a plate and a concrete filled column, however for tension loading a punching shear
failure occurred at a load just above the vyield load of the plate but below the
punching shear strength according to the formula given in figure 6.11, thus no real
conclusion could be drawn. On the other hand the ultimate loads for the tests with
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one flange plate as well as for two flange plates (were more than two times the
loads observed for the connections without concrete filling).

In the case of compression loading the yield load of the plate could just about be
obtained.

Figure 3.2.2.2 Connection of an I-beam with a concrete slab to a (concrete filled) CHS
column

3.2.2.3 Rigid (full strength) connections

Eurocode 4 and the Al standard use different approaches for the calculation of
the strength of concrete-filled tubular members. The latter adopts the method of
superposition which postulates that the ultimate strength of a member is given by
the sum of the ultimate strengths of the concrete part and steel part.

The method of superposition was found effective and used extensively to calculate
the strength of composite connections, as will be shown in the following guidelines.

The design shear strength for the column web panel V.,* can be calculated by

V. =L2(A,, peen,,
cw : c.p 10

oW E)

For CHS columns

ﬂ_zhC,W-ZtC,W <40
-7 ohy-2t,

In the above equation A., and f. denotes the cross-sectional area of the
concrete panel and the cylinder strength of the concrete, while B is a function of the
depth to height ratio of the concrete panel.

The shear capacity of the column web panel decreases as the axial load in the
columns increases. However, the shear load applied to the panel also decreases
because the flexural capacity of the columns decreases with the axial load. The
above equation allows a safe margin for the effect of the axial load unless the
column web panel is designed to have a smaller cross section than the cross sections
of the columns.

Flexural strength of beam-to-column connections can be calculated as follows
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Shape of external diaphragm Ultimate strength equation

Py = 3.00f (A £, + 1.776,()A
(1)

where

fi(oe) = sin o

f,() = v 2sin” ot + 1

A= {(053 + 0,88%},,—’::1,:1: + 1‘j}tc
C

Ar=hgy

Symbols:

f., = Yield strength of column material

14, = Yield strength of diaphragm
material

Py ; = Axil load in tension flange

o = Slope of critical section

ij. = 2.19A 1fc.j' + 2.53A 2f‘:|_!‘|I (2}

where

A= {(0.63 + O.BB%}.MJC + t.,}t,:
A,=ht,

Symbaols:
See above.

Type 1l Type IV

Range of validity

20 < dt, < 50 he/d, < 0.3 0.25 < b, /d. < 0.75

Symbols: b=Width  d=Diameter h= Height t=Thickness 6=  Slope of
diaphragm
Subscript: b=Beam c¢=Column d=Diaphragm f=Beam flange

Table 3.2.2.3 Ultimate resistance equations for connections with external
diaphragms to concrete-filled circular columns [3.2.4]

As shown in table 3.2.2.3, the ultimate resistances in these formulae are
represented in terms of the axial tensile load P,¢* at the beam end. Again these
formulae were derived from the yield strength equations, which were multiplied by a
factor of 1/0.7 to convert them to the ultimate resistance equations.

The flexural resistance of the connections shown in table 3.2.2.3 can be
calculated as full rigid connections with through diaphragms for shop welding
application by the following equations:

* —
Mj,c,f = IVlb,f,u + IVlb,w,u
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where My, utilizes the ultimate moment carried by the welded joints between the
beam flange and diaphragm and is given by

My = Pb,f*(hb 'tb,f)

The symbol My, , , signifies the ultimate moment carried by the welded web joint and
is given by

Iv'b,w,uz m Wpl,b,w,n fb,y

where Wy, w,n signifies the plastic section modulus of the net area of the beam web
considering reduction of cross section due to the cope holes, which can be calculated
by

Woib,w,n = (hp - 2tpf - 25,)2 thw

The symbol m represents the dimensionless moment capacity of the welded web
joint, which is expressed as

and m<1.0, where bj= b, - 2t. and d; = hy, - 2tydenote the width and depth of the face
of the column web panel where the beam web is welded, as shown in the Figure
3.2.2.3

Figure 3.2.2.3 Dimensions of welded web joint

Local buckling of plate elements always governed the ultimate load of the
compression flange-to-concrete-filled column connections according to past tests.
No damage in the welded joints or in the concrete was observed. Thus connections
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between the compression flanges and concrete-filled columns are not considered

critical.
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4 Fire loading

4.1 Material properties for concrete and steel at elevated
temperature

The “high-temperature properties” of materials are defined by the temperature
dependent changes in their characteristic thermal values (density, specific heat
capacity, thermal conductivity) and their characteristic mechanical values (strength,
Young’s modulus, stress-strain diagram, thermal strain). For the materials concrete
and steel, these properties are known from research studies made in the past by
Schneider (1986) [4.1.2], Schneider (1988) [4.1.3], Anderberg (1988) [4.1.4], Twilt
(1988) [4.1.5], Cooke (1988) [4.1.6], Bazant & Kaplan (1996) [4.1.7], Dotreppe (1997)
[4.1.8], Poh (2001) [4.1.9]and Li & Purkiss (2005) [4.1.10]. Mathematically, they are
defined as “material laws” in the form of functional calculation values. Some physical
and chemical reactions of materials such as decohesion and chemical decomposition
due to increased temperatures are not explicitly considered. Typical stress-strain
relationships for structural steel and concrete at elevated temperatures are shown
on Figure 1 and Figure 2, respectively.

20
320

24
100
430

480

540

600
650

O A1 1 I | | 1 .
0 0.02 0.04 0.06 0.08 0.10 0.12
Strain

Figure 1 Stress-strain curves for typical-hot rolled steel at elevated temperatures
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Figure 2.Stress-strain relationship for concrete at elevated temperatures

“Material laws” for concrete and steel material can be found in: Eurocodes
models, AlJ models, Ramberg-Osgood curve-fitting equations reported in Saab &
Nethercot (1991) [4.1.12] Lie‘s material model [4.1.13], Han’s material model
[4.1.14] An overview of concrete properties at elevated temperatures is presented in
Xiao & Konig (2003) [4.1.15] and Youssef & Moftah (2007) [4.1.16], Chung,Park &
Choi (2008) [4.1.17] presented the review and comparison of four material models
including Lie’s material models, Yin’s material model [4.1.18] Eurocode model and
AlJ model. They also validated and employed these four material models on both
numerical heat transfer analysis and nonlinear thermal stress analysis of Concrete
Filled Hollow Section (CFHS) columns at elevated temperatures. The results of the
numerical analysis were compared with the experimental results. It is concluded that
in general, the temperatures, fire resistance and axial deformation calculated from
Eurocodes model are in reasonably good agreement with the experimental results.

Also, Eurocodes models have been used in many research works such as Huang,
Tan, Toh & Guan-Hwee Phng (2008) [4.1.19], Schaumann & Kettner (2004) [4.1.20],
Yu, Zhou-Dao Lu & Qun Xie (2007) [4.1.21], Ding &Wang (2005) [4.1.22], Ding and
Wang (2008) [4.1.23], Huang, Burgess & Plank (2000) [4.1.24] and Renaud, Aribert &
Zhao (2003b) [4.1.25].

The behaviour of HSS at elevated temperatures has been studied in a research
program conducted by Chen and Young (2008) [4.1.26]. The aim of the research was
to evaluate the reduction factors of yield strength and elastic modulus of high
strength steel. The coupon test specimens were obtained from structural steel
sheets with grade S690. A specimen was heated up to a specified temperature then
loaded up to failure while maintaining the same temperature. In this way the
researchers obtained the reduction factors. Then they proposed some equations to
describe the value of these reduction factors for HSS as a function of the
temperature both for the yield strength and for the elastic modulus [4.1.26]:
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where:

fr _, (T-b) (5)
C

(T-b) (6)

c

f

y,hormal

E

AN

E

y,normal

- fy,T and fy,normal are respectively the yield strength at temperature T and the
yield strength at 20°C.

- ET and

Enormal are respectively the elastic modulus at temperature T and the

elastic modulus at 20°C.
- a, b, cand n are coefficients of equations whose values are shown here below:

Table 2. Coefficients for the yield strength

Temperature {*C) 22T <350 350=T <650 650 =T < 1000

a 1 0.88 0.45
b 22 300 650
c 140 285 000 13
n 0.5 2 0.3

Table 3. Coefficients for the elastic modulus

Temperature {“C) 22 =7 = 1000

a 1.0

b 22

c 78

n 1
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4.2 Concrete filled hollow section columns [4.2.1]

In Concrete Filled Hollow Section (CFHS) columns, concrete filling has been
shown to improve the fire resistance. One reason is that the concrete increases the
heat capacity of the column. More important however is that, when exposed to fire,
a redistribution of load will occur in the column from the hot steel section to the
relatively cold concrete core as reported in ECCS [4.2.2].

Behaviour of CFHS columns under fire conditions has been studied since
the1980s by Guyaux & Janss (1979) [4.2.3], Kordina & Klingsch (1983) [4.2.4], Lie &
Caron (1988) [4.2.5], Lie & Kodur (1996) [4.2.6], Kodur (1999) [4.2.7], Han (2001)
[4.2.8], Zha (2003) [4.2.9], Renaud (2004) [4.2.10] and Ding & Wang (2008) [4.2.11].

Data reported from literature can be used to illustrate the behaviour of the
CFHS columns under fire conditions. At room temperature, the load is carried by
both the concrete and the steel. When the column is exposed to fire, the steel
carries most of the load during the early stage because the steel section expands
more rapidly than the concrete core. At higher temperatures, the steel section
gradually yields as its strength decreases, and the column rapidly contracts at some
point between 20 and 30 minute after exposed to fire as proved by Kodur (2007)
[4.2.12]. At this stage, the concrete filling starts carrying more and more of the load.
The strength of concrete decreases with time and ultimately, when the column no
longer supports the load, either it buckles or it fails in compression. The time at
which the column fails determines its fire resistance. The behaviour of the column,
after steel yields, is dependent on the properties of the concrete core: type of
concrete, concrete strength and reinforcing steel area and location. The concrete
core significantly contributes to an increased fire resistance of CFHS columns. This
contribution comes from the higher heat capacity of concrete and longer retention
of concrete strength with time. Zha (2003) [4.2.9] used DYNA3D, a three-
dimensional nonlinear finite element transient analysis program, to investigate the
behaviour of CFHS columns in fire. Figure 3 shows the variation with time of the
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average axial displacement of the end section of the column for four different
applied loads when subjected to fire on four sides. PO is the maximum compression
load that the column can carry at ambient temperature. It can be seen from the
figure that there are three stages that characterize the deformation history of the
column. The first stage is the expansion stage in which the deformation is dominated
by the thermal expansion and therefore the displacement increases with time. The
second stage is the recovery stage in which the deformation is dominated by the
compression due to the continuous softening of material induced by high
temperatures and thus the displacement begins to decrease with time. The third
stage is the collapse stage in which the strength of the concrete near to the surfaces
submitted to fire is substantially reduced and the column can no longer support the
applied load.
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Figure 3 Variation with time of the average axial displacement of the end section of
the column for various loads (D=0.356 m, t=0.010 m, L=2 m)
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